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Abstract 
This research project was concerned with the investigation of material parameters 
associated with the ‘residual soil’ profile of South East Queensland (SEQ) and their variation 
across the full weathering profile (residual soil and highly weathered rock materials). Based 
on an assessment of their prevalence throughout the SEQ region, the specific ‘residual soils’ 
investigated by this study were subsurface materials that exhibited properties that were 
primarily determined by the soil skeleton and remnant rock structure, contained a significant 
coarse sized component, and did not demonstrate behaviours influenced by their fines (clay 
mineralogy) component. A review of historical records held by a major Queensland 
government department revealed that such materials were becoming increasingly 
underrepresented in the frequency of material testing, regardless of the importance their 
insitu deformation and strength properties could have on geotechnical design projects. 
 
The research initially identified a lack of a simple field tests able to determine the insitu 
deformation parameter of a ‘residual soil’ as a void in the current geotechnical 
knowledgebase. To overcome this shortcoming, the initial section of this thesis details 
fieldwork in which the use of a Light Falling Weight Deflectometer (LFWD) for the direct 
measurement of insitu modulus parameters was developed. Comparative testing was 
undertaken with the Plate Load Test at three (3) discrete SEQ sites, and with the DCP at an 
additional seven (7) SEQ sites. The results of this testing demonstrated the suitability of the 
LFWD for use an investigative tool for residual soil and highly weathered rock materials. The 
results of the LFWD characterisation of the near-surface produced an insitu modulus 
parameter of a higher sensitivity and with lower inherent variation when compared to the 
results of other conventional site investigation techniques. 
 
The focus of the research was transferred deeper into the typical SEQ weathering profile, 
and studied material parameter variation across the gradational change between ‘soil’ and 
‘rock’ materials. Although the distinction is frequently subjective, and often recorded at an 
arbitrarily depth during site investigations, the field designation of a material into either of 
these two (2) categories considerably affects the design material parameters assigned. By 
analysis of the penetrative ability of various types of drilling bit used for borehole drilling in 
site investigation, this research demonstrated that drill bit ‘refusal’ does not typically occur 
at the soil / rock interface. Instead, ‘refusal’ generally occurs within highly to moderately 
weathered rock. The completed analysis has demonstrated that the depth of ‘refusal’ is 
actually a function of (a) the type of drill bit; (b) rock strength; and (c) defect spacing within 
the rockmass. The project presented the likely (statistical) material parameters associated 
with the ‘refusal’ depth of various drill bit types, and that drill bit ‘refusal’ could realistically 
occur at any point within a rockmass up to a moderately weathered (MW), medium strength 
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rock material. This finding was significantly different to the conventional assumption that 
such drill bit ‘refusal’ would typically occur at the soil / extremely weathered rock interface. 
 
Similarly, this research showed that no change in material parameters occurred at the 
logged soil / rock interface in SEQ weathering profiles. By analysis of the results of 
alternative site investigation techniques (e.g. shear wave velocity) of SEQ sites, typical 
material parameters associated with residual soils and both extremely weathered and highly 
weathered rock types were quantified. Instead of an near-instantaneous increase in strength 
and deformation properties occurring at the soil / rock interface – as frequently indicated 
within borehole records at the point drilling technique is changed – all observations indicated 
a gradational increase in strength and deformation parameters as the effects and extent of 
weathering processes were reduced. 
 
The completed work also allowed a reassessment of SPT to strength relationship to be 
completed for ‘weak’ rock materials. The finding of this study showed that SPT’s completed 
by the adoption of the Australian Standard test method and interpretation would result in an 
overestimation of rock strength of Highly Weathered (HW) rock. This highlighted the 
limitations of the existing Australian Standard methodology, and this project recommended 
an appropriate SPT ‘N’ value for HW rock could be found by simply multiplying the ‘N’ value 
applicable to XW rock by 160%.  
 
The third distinct section of the research project was concerned with the properties of ‘weak 
rock’ associated with weathering profiles within SEQ. These materials are known to be 
significantly affected by the insitu weathering processes applied, and have been assessed 
by this project in terms of the strength variation by weathering category. Extensive strength 
index testing was completed on 18 SEQ rock units, and characteristic rock strengths based 
on material origin and weathering classification was produced. The presence of strength 
anisotropy behaviour for each material unit and weathering category was also assessed. 
The results of this study demonstrated that once a rock material was weathered into a 
‘moderately weathered’ classification, an observable change in material strength and 
strength anisotropy parameters could be expected. The magnitude of the loss of strength 
and presence of anisotropy was found to be specific to the parent rock unit’s material origin.  
 
The method used to determine a typical ‘characteristic’ strength for use in subsequent 
foundation design – in this study rock socket pile design – was completed, based on the 
results of O-Cell instrumented large-scale test piles installed within a SEQ weathered rock 
profile. Rock strength and insitu deformation parameters required to be input into various 
rock socket design methodologies in order to replicate the field observations were found to 
be specific and varied from values below the 5th percentile to significantly above the median 
(50th percentile) value determined by extensive rock strength testing. 
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An important finding repeated throughout all studies related to the SEQ residual soil and 
weathered rock profile was the statistical distribution of the compiled datasets. For most 
analysis, a high coefficient of variation (CoV) value was returned, demonstrating a high 
degree of variability in results (even after the data had been controlled for material type and 
weathering classification) and indicating the heterogenetic nature of SEQ materials. It was 
repeatedly determined that a non-normal distribution was applicable to the compiled material 
parameter datasets, with the datasets largely exhibiting ‘right-skewed’ behaviour. This 
finding is extremely important in the context of determining ‘characteristic’ design 
parameters, as the assumption of normality would likely provide inappropriate values that 
could either significantly over or under-estimate the insitu condition of the residual material. 
 
In its entirely this research project evaluated variation in material behaviour across the full 
residual / weathering profile – residual soil and weak rock materials – with each chapter 
either providing specific guidance on the suitability / limitations of site investigation 
techniques within such profiles or assessing a specific parameter exhibited by such 
materials. Typical material parameters, and variation therein over the full weathering profile, 
are presented throughout this thesis, which are suitable for use to characterise the SEQ 
residual soil / weak rock profile. These research findings were progressively implemented 
upon ‘live’ projects over the period of this thesis.
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1. CHAPTER 1.   Introduction to Residual Soils 
1.1. Introduction 
 
Soils may be grouped into two (2) broad categories – ‘residual’ and ‘transported’ – with the 
definition based on whether the soil formed or accumulated at the place where the parent 
rock occurred (residual) or if it has been moved to the site at which they are currently 
encountered (transported) (Huat, Toll and Prasad, 2012; Blight and Leong, 2012). 
 
Although transported soils have been extensively studied, residual soils and materials 
immediately either side of the soil / rock interface within a typical weathering profile are often 
neglected during all aspects of geotechnical engineering (including geotechnical site 
investigation; the interpretation of subsurface conditions; the assignment of applicable 
engineering parameters; and throughout the subsequent foundation design phase). This 
inattention may result in foundation design within residual profiles either being over-
engineered (if the foundation design is based on material parameters that are conservative 
compared to the insitu material properties), or under-designed (if the foundation design is 
based on material parameters that are too liberal). Although the result is infrequently obvious 
(i.e. the structure does not fail, and the foundation is therefore considered adequate) it can 
constitute an inefficient or inappropriate solution, both of which engineers should strive to 
minimise. Accordingly, and perhaps obviously, the greater the understanding of the specific 
material properties and parameters that exist within the subsurface materials present at a 
site, the more efficient (and generally cost-effective) the foundations design can become. 
 
The inattention to identifying specific properties of residual materials is attributable to: 
a) Temperate climatic zones do not have high rainfall combined with high temperatures, 
which are the conditions that lead to chemical weathering and the formation of deep 
residual profiles. As soil mechanics originated and developed primarily in regions that 
exhibited temperate climactic conditions, there was an emphasis within research into 
soil mechanics upon the testing and understanding of transported soils, instead of 
residual soils; 
b) A general lack of understanding of the significant difference in the engineering 
properties of such materials (in comparison with transported soil materials) by the 
geotechnical industry as a whole; 
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c) The inability to suitably assess the material properties of residual materials by 
common test methods in order to adequately characterise their unique engineering 
properties; and 
d) The lack of significant ‘failures,’ as compared to the frequency observed within 
structures constructed upon transported soils. This implies the adoption of generic 
correlations and soil mechanics theories derived from studies completed primarily 
upon transported soil which results in generally conservative design parameters 
when applied to residual materials. 
 
These fundamental gaps in knowledge and fieldwork capabilities are considered a direct 
consequence of the way the field of geotechnical engineering has developed over the last 
century, whereby the industry has largely concentrated on the development of test 
procedures around the characterisation of alluvial deposits and simply attempted to apply 
the same techniques to residual soils and extremely / highly weathered rock materials. 
Evidence for this assessment, which has also been previously asserted by others (e.g. 
Wesley, 2010), is further detailed in the general literature review of the current 
understanding of residual materials, which forms Chapter 2 of this thesis. 
 
1.2. Objective of Thesis 
 
This thesis documents an applied research project in which a number of aspects relating to 
the investigation and characterisation of typical weathering profiles – residual soil profiles 
and their gradational transition into extremely / highly weathered, ‘weak’ rock materials – 
that are commonly encountered across South East Queensland (SEQ), Australia were 
examined.  
 
Specifically, the project primarily aimed to investigate and characterise the insitu properties 
of these materials, and identify engineering properties that would distinguish and separate 
the residual soil mechanics from transported soil mechanics with respect to subsequent civil 
engineering design works.  
 
The originality of this work is threefold, namely: 
 The engineering properties of the residual soils and weak rocks within South East 
Queensland are currently poorly documented, and commonly investigated in general 
accordance with techniques primarily developed, and suited to, transported soils. 
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This project aimed to investigate and further the understanding of the engineering 
properties of these materials; 
 Insitu testing of such soil materials is generally limited to penetration testing, with the 
application of generic correlations to develop engineering properties for subsequent 
foundation design (e.g. modulus parameters). This project aimed to present 
alternative insitu material testing techniques that would provide material parameters 
that could be utilised directly in foundation design, and be material- and site-specific. 
Such testing would also facilitate the development of material-specific correlations 
that may allow more appropriate ‘characterisation’ of engineering properties from 
common penetration test results – rather than the blind adoption of generic 
correlations – or correlate insitu test results with corresponding laboratory testing; 
and 
 Unlike transported soils, where the soil and rock interface is clear due to the different 
geological histories and processes associated with the development of each, the 
transition between residual soil and extremely weathered rock does often not occur 
at a clearly defined interface. The site investigations supervisor’s interpretation can 
result in the recorded delineation between soil and rock materials, and although the 
actual depth may have been arbitrarily selected there is often a significant jump in the 
strength properties and design parameters attributed to the defined ‘soil’ and ‘rock’ 
components. Yet residual soils would generally show a more gradual transition as 
compared to the abrupt profile change of a transported soil profile. This project aimed 
to provide guidance upon the material properties of the materials across the soil / 
extremely rock interface, and dispel the existence of this sudden strength and 
weathering change credited to the depth of ‘refusal’ of various types of drilling bits or 
insitu testing technique. 
 
Additional rationale for the investigation of a suitable insitu based testing technique was that 
residual soils can achieve a considerable portion of their strength based on relict particle 
structure derived from their parent rock (macro- and/or micro-structure). However, the 
disturbance of residual materials during testing and transport, and the subjection of samples 
of residual material to standardised laboratory test procedures, can significantly break any 
relict structure and thus produce results that are not representative of the insitu properties 
of the tested material. Thus, insitu testing of materials was preferred for this project, as it 
was considered that the insitu test techniques utilised would produce results that more 
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faithfully – when compared to common laboratory testing techniques – characterised the 
conditions that would be encountered during the site development / construction phase.  
 
As further discussed in the following chapters of this thesis, residual soils exhibit, by nature, 
a higher level of heterogeneity than transported soils. As laboratory tests are concerned with 
the determination of the properties exhibited by a specific soil sample – prepared via a 
standardised test methodology – limited laboratory testing can produce misleading results. 
Conversely, insitu testing of materials allows the influence of the heterogeneity of the 
residual soil materials to be assessed, as it allows the impact of material variation within the 
zone of test influence to affect the test result. As field testing is generally quicker than 
laboratory testing, the assessment of the variation of a specific material property by insitu 
testing techniques was also assessed to be cost and time effective over laboratory testing. 
 
Figure 1.1 further illustrates the objectives of this project. All site investigation and material 
testing techniques (regardless of whether insitu or laboratory based) serve to provide data 
that forms the basis for geotechnical interpretation and subsequent modelling / design. 
Through an improved understanding of suitable insitu testing techniques better 
characterisation of SEQ residual soil and weak rock materials could be achieved, which  
would be expected to result in more appropriate material properties being derived and 
adopted for any subsequent design phases. Potentially, improved investigation techniques 
and understanding will produce more cost-effective and/or efficient geotechnical design.  
 
 Figure 1.1. High level objectives of Ph.D. candidature research project 
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1.3. Overview of Thesis 
 
The original research project proposed to be undertaken by the author was primarily 
concerned with material design parameters associated with South-East Queensland (SEQ) 
residual soils. 
 
Due to the lack of suitable – time and cost effective – techniques available to directly 
measure the deformation properties of materials, such parameters are commonly derived 
via correlation with other material parameters or test results (e.g. correlated with strength 
measurements, penetration test results. or index tests such as CBR). However, such 
technqiues – both laboratory and field tests – are not always suitable for many residual soils 
and highly weathered rock materials, due to the presence of a significant coarse granular 
component or highly weathered rock fragments. The presence of coarse materials can 
cause refusal within penetration tests and are excluded from use in numerous laboratory 
tests. In an attempt to overcome this identified limitation, a portion of this thesis was devoted 
to evaluating the potential of new investigation techniques that may be able to directly 
measure the deformation parameter of a material whilst it remains in the insitu condition. 
 
During the period of Ph.D. candidature it became apparent that the properties inherent to 
residual soil profiles made them significantly harder to investigate and characterise than 
transported soils. Due to their inherent variability and the fluctuating strength of each of their 
constituents, it was challenging to identify appropriate ‘characteristic’ design parameters for 
residual soils. Consequently, the focus of the research project was modified to also include 
details of various site investigation techniques that were trialled and successfully applied to 
the investigation of SEQ residual soils and weak rock profiles. 
 
During the period of research, the project morphed into a mixture of both: 
(a) Documentation and validation of investigation techniques suitable for the 
investigation of various phases of the residual soil to weak rock profile; and  
(b) The interpretation and consideration of the results (and variation therein) obtained 
from each investigation technique, and correlation with material parameters. 
 
As this Ph.D. candidature was completed on a part-time basis, data from site investigation 
and insitu testing completed for several projects undertaken during the author’s employment 
as a consulting engineer have been incorporated into this thesis. As these projects dealt 
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with ‘real-world’ and ongoing issues that arose during both the design and construction 
phases, the findings of the research was able to be applied and ‘ground-truthed’ on 
commercial projects. Such projects also influenced this research, such that it investigated 
specific issues relating to material (and design parameter) variation across the full 
weathering profile encountered at SEQ projects with which the candidate was involved. 
 
This thesis has been arranged into three (3) distinct sections (excluding preliminaries and 
conclusions) with a total of 13 chapters, as detailed in Figure 1.2.  
 
 
Figure 1.2. Areas (chapters) of research detailed in this thesis, categorised into three (3) 
general fields of research. 
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Each of the three (3) distinct sections of this thesis document contain three (3) or four (4) 
chapters. Each chapter is approximately linked to a peer-reviewed, published paper 
produced during the period of Ph.D. candidature. Each chapter also contains specific 
literature reviews based on the insitu testing techniques employed or the specific material 
characteristic being assessed within that chapter. Due to space limitations additional 
chapters that support the completed research has been provided within the appendicies of 
this thesis. 
 
1.4. Chapter Outline of Thesis 
 
Each section and chapter of this document contains a, largely self-contained, study that 
relates to a specific aspect of a portion of the weathering profile. Combined, the thesis 
attempts to provide guidance on the suitable methods of characterisation, and appropriate 
methods of design parameter derivation, across the full extents of a ‘typical’ weathering 
profile (residual soil overlying weathered, weak rock) present within SEQ. 
 
Chapter 2 presents the definition of residual soil materials adopted for this research project, 
and details the processes responsible for the formation of residual profiles. Variation in the 
definitions of the distinct portions of a weathering profile adopted by previous studies are 
identified. Chapter 2 identifies how residual soils are primarily products of the parent rock 
material and local topography, and maps the spatial distribution of common residual soil 
types throughout the SEQ region. A review of how such materials have been historically 
investigated and tested in the QLD region is included in this chapter, which includes the 
appraisal of historical records of geotechnical site investigations and reports held by the 
QLD government department responsible for the delivery of road infrastructure projects. The 
results of this data collation allowed the development of ‘typical’ material parameters for 
residual materials in QLD, which is then used to compare the applicability of generic 
correlations with common field penetration tests. 
 
Beyond Chapter 2, the thesis has been organised into chapters that detail the specific 
investigations undertaken as part of the project, based on the type of material being tested 
and the implications that the results of the completed studies may have on existing 
foundation design methodology. Chapters 3 to 9 detail studies based on soil materials whilst 
Chapters 10 to 12 are concerned with the material properties and site assessments of weak 
(extremely and highly weathered) rock. 
Chapter 1                                 Introduction to residual soils 
 
– 8 – 
Chapters 3 to 5 are concerned with insitu measurement of soil stiffness (modulus) by the 
Light Falling Weight Deflectometer (LFWD). Chapter 2 establishes that material parameters 
of residual soils are associated with the relict rock structure present in the soil skeleton, and 
thus insitu testing was identified as being preferential in comparison to disturbed sampling 
and laboratory based testing (in which the relict rock structure would be destroyed). The 
LFWD was selected as a suitable test technique as it had the potential to provide a simple 
and quick measure of the insitu modulus of a material, a parameter useful for designers but 
commonly inferred by generic correlations with penetration tests. Chapters 3 to 5 explores 
the relationship between results obtained via the LFWD test in comparison with other 
traditional site investigation techniques; both those that directly determine a modulus 
parameter (e.g. Plate Load Tests, PLTs) and other common penetration test that allow the 
indirect calculation of a material’s modulus (e.g. Dynamic Cone Penetrometer, DCP or 
Standard Penetration Test, SPT). Estimates of correlations between all the utilised insitu 
tests, and discussions relating to the repeatability and inherent errors associated with each 
test are also included within these chapters. 
 
Chapter 3 details the LFWD test equipment, and how the results of its direct, insitu 
estimation of modulus compares to the insitu modulus determined by industry accepted PLT 
for a number of sites investigated in South East Queensland. This chapter essentially 
calibrates the LFWD test technique to the PLT. 
 
The learnings regarding the use of the LFWD test reported in Chapter 3 are extended in 
Chapter 4, which correlates the results of the LFWD test with the subsurface profiles 
produced by the DCP penetration test. Chapter 4 details a series of side-by-side tests 
completed at seven (7) sites throughout SEQ, upon both residual and disturbed soil 
materials. Variables such as the depth of the zone of influence of the LFWD test and 
comparative sensitivity of each test method were assessed based on the data compiled from 
all sites investigated. Both site- and a SEQ-specific correlation between the results produced 
by each test technique is also derived and presented in this chapter. 
 
The depth that the surface based LFWD test penetrates into the subsurface was further 
assessed by the study detailed in Chapter 5. This study included the axi-symmetric FEM 
modelling of the LFWD test and the incorporation of the stress or strain distribution imparted 
by the LFWD into the DCP profiles of the investigated sites. 
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Chapters 6 to 9 of the thesis are concerned with studies completed to investigate the 
variation in material parameters across the gradational transition between ‘soil’ and ‘rock’ 
present within typical SEQ weathering profiles. The distinction between ‘soil’ and ‘rock’ 
materials reflects how the geotechnical industry considers sub-surface profiles, with a 
material unit generally designated one (1) of these two (2) definitions. Based upon this label, 
the methodology applied to foundation design can differ greatly, producing significantly 
different material (design) parameters and, thus, foundation designs. However, within 
residual soil profiles, the change between ‘soil’ and ‘rock’ is gradational, with the definition 
of the interface depth often subjective (especially if the site investigation technique results 
in non-continuous sampling). This section of the research project aimed to further investigate 
this region of the subsurface profile, identify the suitability of various investigation techniques 
to characterise the gradational change of material across the soil / rock interface, and 
provide guidance on its behaviour in comparison to ‘soil’ and ‘rock’ based design methods. 
 
Chapter 6 details the variability of a suite of common insitu and laboratory tests repeated 
upon the same residual soil material at regular intervals over a year long period, highlighting 
material property variability of residual soils arising solely from climactic conditions. This 
study indicates the confidence that can be applied to test results, in relation to their expected 
upper or lower bound, based on the season during which site investigation is completed. 
  
Chapter 7 uses the LFWD to assess the effect that the variation in gravel content of a soil 
has upon the insitu measured Young’s Modulus (E). This study was considered to be 
approximately equivalent to the gradational increase in content of parent rock fragments 
commonly observed to occur within SEQ materials across the weathering profile, and was 
thus undertaken to identify the threshold of rock content required to influence the insitu 
modulus observed by surface based testing. This chapter also demonstrates the sensitivity 
of the LFWD and its suitability to investigate and characterise materials with a significant 
‘coarse’ component (such as commonly encountered within many SEQ residual soils). 
 
Chapters 8 and 9 departs from the focus on insitu modulus values, and rather assesses the 
change within material properties, and associated variation within various insitu test results, 
that may be typical of the gradational change that occurs as residual soil transitions to weak 
rock material within SEQ. Specifically, Chapter 8 attempts to provide guidance on the 
magnitude of material parameter change as measured by various common site investigation 
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techniques over the gradational change between ‘soil’ and ‘rock’ materials. (e.g. Shear wave 
velocity, Vs; Standard Penetration Test, SPT; and Point Load Strength Index testing).  
 
Chapter 9 extends the findings of Chapter 8, and relates information relating to the depth of 
drill bit ‘refusal’ (as observed during onsite borehole drilling) to the insitu material parameters 
of SEQ residual soil and weak rock. Any correlations established by such an analysis 
potentially allows for the drilling technique data routinely collected during site investigations 
to assist in the characterisation of subsurface materials and provide guidance regarding the 
material parameter variation across the gradational transition from residual soil to weak rock. 
 
The emphasis of Chapters 10 through 12 moves to the assessment of strength and modulus 
properties of near-surface rock materials in South East Queensland. These extremely and 
highly weathered, ‘weak’ rock materials form the origin rocks from which the residual soils 
considered in Chapters 2 to 9 were derived. By the assessment of the parent rock materials 
this project has also investigated if the parameters and properties identified within the 
residual soils were inherited from the parent rockmass, or if they were developed as a result 
of the soil weathering processes. 
 
Chapters 10 and 11 investigates the comparable strength of SEQ rock units, and the 
variation of rock strength over the extent of weathering profiles encountered during rock core 
drilling. For this study, the comparable measure used for assessing rock strength was the 
results of Point Load Index (PLI) strength testing completed on intact rock core samples. 
Rock strength and the anisotropic properties present within rock profiles encountered at 
numerous investigated sites in South East Queensland are considered by this study, as is 
the applicability of various definitions of ‘characteristic values’ for the derivation of design 
parameters. 
 
Chapter 12 subsequently examines the rock strength and insitu modulus values associated 
with SEQ rock materials, and uses the results of O-Cell testing of constructed piles to back-
calculate the applicability of these ‘characteristic’ parameters for use in a number of pile 
foundation (rock socket) design methods. 
 
Chapter 13 presents the conclusions and major findings of the completed project, and 
recommendations for areas where further work could be completed that would build upon 
the conclusions determined by this study. 
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2. CHAPTER 2.  Residual soil and their historical assessment in SEQ 
2.1. Introduction 
 
This chapter provides the definition of a ‘residual’ soil material as adopted by this project, 
and outlines the various inherent differences that exist between ‘residual’ and ‘transported’ 
soil material properties. 
 
Furthermore, this chapter details the distribution of, and provides general characteristics for, 
various residual soil materials commonly encountered within South East Queensland (SEQ) 
based on details of their formation. Chapter 2 also details a review of historic geotechnical 
investigations of residual soils in QLD, and the material parameters typically identified from 
such studies. The variation of numerous material parameters are highlighted, along with the 
decreasing frequency with which they are being investigated.  A summary of the data 
included in this review of historical site investigation records has been previously published 
in Priddle et. al. (2013). 
 
2.2. Residual Soil and Weathering Profile – Definitions 
 
For this research project the adopted definition of residual ‘soil’ material was soil produced 
as a result of weathering processes – biological, chemical or physical – but which had not 
been removed from the point of origin (i.e. untransported by water, gravity or wind forces). 
A major difference between ‘residual’ and ‘transported’ soils is the comparative 
heterogeneity of the residual soil mass and homogeneity of transported soil materials, which 
arises due to the natural sorting that accompanies material transportation, as shown in 
Figure 2.1. 
 
 
Figure 2.1. Residual and transported soil formation (after Wesley, 2010). 
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The ‘residual profile’ has been described by many previous researchers (e.g. Blight, 1997; 
based on the work of Vargas and Pichler, 1957; Ruxton and Berry, 1957; and Little, 1969) 
as being comprised of three (3) phases; (a) ‘upper zone’ consisting of soil and extremely 
weathered rock; (b) ‘intermediate zone’ consisting of highly and moderately weathered rock; 
and (c) ‘lower zone’ consisting of the slightly weathered and fresh parent rock only. As the 
depth from surface increases, the properties of the residual material generally become more 
aligned with those exhibited by the parent rock (i.e. lower zone). 
 
An alternate definition of ‘residual soil’ was provided by Fookes (1997). After consideration 
of the options of only assessing the ‘soil’ or ‘soil and completely weathered rock’ components 
of the ‘residual profile,’ the definition of ‘residual soil’ was made as the interface between 
the highly weathered and moderately weathered rock. Although this was noted as an 
‘arbitrary’ choice, it was argued that such a definition would include all materials that were 
‘soil or soil-like’ (i.e. could be easily remoulded to exhibit soil materials property) and below 
this point the encountered material would exhibit ‘rock-like’ characteristics. This definition is 
further supported by Summerfield (1991), who identified that the ‘weathering front’ – the 
depth to which moisture ingress would extend if the groundwater table does not extend 
within the rock profile – existed just below the highly weathered to moderately weathered 
rock interface. 
 
The various definitions of the phases included within the full ‘residual profile’ are 
diagrammatically shown in Figure 2.2. In addition, the soil to extremely weathered rock 
interface is also identified in this figure, as this interface was considered to be in particular 
need of attention when assigning material parameters based on the assessment of a 
material being either a ‘soil’ or ‘rock’.  
 
Figure 2.2 also aligns the various rock weathering classes with the corresponding definitions 
included in the applicable Australian Standard (AS1726 – Geotechnical Site Investigations). 
As demonstrated by the alignment of these descriptions, the current Australian Standard 
methodology is to classify the weathering profile based largely on the quantity of ‘rock’ 
materials, which is consistent the implication of Figure 2.2 (although this had been originally 
derived by Little (1969) for a weathered granite profile in Hong Kong). Specifically, AS1726-
1993 states that comparatively less weathered rock fragments must be present within a 
discontinuous framework or as corestones for weathering grades III and IV (highly and 
moderately weathered materials respectively). 
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Figure 2.2. Profile of a residual soil and rock weathering profile (annotated after Fredlund 
and Rahardjo, 1993, whom cited Little, 1969) aligned with rockmass weathering grade 
definitions included in AS1726:1993. 
 
It is the classification of ‘residual soil’ materials provided by Fookes (1997) that was primarily 
adopted for this project, as it was approximately the interface between highly weathered and 
moderately weathered rock that was found to be the location where traditional ‘soil’ 
investigation tools most frequently refused and ‘rock’ investigation techniques became 
useful. However, when combined in its entirely this research project assessed material 
variation across the full residual / weathering profile – residual soil and weak rock materials 
– as annotated in Figure 2.2. 
 
The extent of residual soil / weathered rock materials is based on site specific factors; 
primarily the parent rock type and local topography. Both these factors are specifically 
discussed for SEQ materials in Section 2.6.   
 
Notwithstanding these other factors, the depth of the ‘residual soil’ unit or depth to the 
‘weathering front’ is known to also vary widely based on the rainfall magnitude and climate 
of a site (Strakhov, 1967), as shown in Figure 2.3. The climate also dictates the primary type 
of weathering applied; physical weathering being the primary weathering force in cold and 
arid climates; chemical processes dominating in humid and warm climates; whilst biological 
processes are confined to warm, humid and vegetated regions. Previous research (Blight 
1997, Sverdrup, 2009) has found that chemical and biological weathering forces primarily 
result in the formation of residual soils, whilst physical weathering processes are more 
frequently associated with the physical removal and transport of soil particles. 
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Figure 2.3. Effect of climate and rainfall on depth of the weathering front (from Blight and 
Leong, 2012; after Strakhov, 1967) 
 
The ‘weak rock’ component of the weathering profile can be characterised in terms of rock 
strength or degree of weathering, with the former generally increasing with depth and the 
latter generally decreasing. Australian Standards (AS1726-1993) defines both the strength 
parameter intervals and general description of the material associated with each weathering 
classification.  For all investigations considered by this project, ‘weak’ rocks were considered 
to be rocks with a Uniaxial Compressive Strength (UCS) of approximately 20 MPa or weaker. 
This is consistent with the definition of ‘weak rock’ as proposed by Kulhawy and Phoon 
(1993) after a review of various classifications of rock material strength, although it is 
acknowledged that some variation of this definition occurs (e.g. Norbury et. al., 1995; O’Neill 
and Reese, 1997).  
 
2.3. Comparison of properties of residual and transported soil 
 
Table 2.1 categorises the soil mechanics concepts and material properties that Wesley 
(2010) identified that either differed significantly between residual and transported soils, or 
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could be universally applied to both types of soil. Such differences can be generally 
summarised as being due to any of: (a) the distinctive and reactive clay types found in 
residual materials (but absent from transported soils); (b) the presence of largely 
heterogeneous materials within the soilmass; or (c) the relict structure and/or particle 
bonding present in residual materials, which is lost or broken as soon as a material is 
disturbed or broken. 
 
Table 2.1. Comparison of general soil mechanics concepts, and their applicability to 
transported and residual soil materials 
Universally applicable concepts Concepts differing between residual and transported soils 
Effective Stress Compressibility 
Seepage Pore Pressure state above water table 
Mohr-Coloumb Shear Strength 
Failure Criterion 
Empirical Correlations not automatically valid for 
both types 
Foundation Design 
 Earth Pressure 
Slope Stability 
 
Such a disconnect was also identified by Vaughan (1985) who suggested that many 
classical concepts of soil mechanics, such as classification and index properties, are almost 
universally inapplicable to residual soils and could produce misleading results if incorrectly 
applied to such materials. A comparison of physical and engineering properties typically 
important to soil behaviour, and the resultant influence of each on both residual and 
transported soils is presented in Table 2.2 (after Maail, Huat & Jamaludin, 2004)  
 
Table 2.2. Comparison of physical and engineering properties of soils, and their importance 
/ variation between transported and residual soil materials 
Factor Effect on Residual Soil Effect on Transported Soil 
Stress 
history Usually not important. 
Very important, modifies initial grain 
packing, causation of over-
consolidation effect. 
Grain / 
particle 
strength 
Very variable, affected by varying 
mineralogy and presence of many 
weak grains is possible. 
Comparatively uniform; few weak 
grains generally present as weak 
particles eliminated during transport 
Bonding 
Important component of strength 
mostly due to residual bonds or 
cementation; causes cohesion 
intercept and yield stress; can be 
easily destroyed by soil disturbance. 
Occurs with geologically aged 
deposits, produces cohesion 
intercept and yield stress, can be 
destroyed by disturbance. 
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Factor Effect on Residual Soil Effect on Transported Soil 
Relict 
structure 
and 
discontin-
uities 
Develop from pre-existing structure 
or structure features in parent rock, 
include bedding, flow structures, 
joints, slickensides etc. 
Develop from deposition cycles and 
from stress history, formation of 
slickensided surfaces possible. 
Anisotropy Usually derived from relict rock fabric, e.g. bedding. 
Derived from deposition and stress 
history of soil. 
Void ratio / 
density 
Depends on state reached in 
weathering process and 
independent of stress history. 
Depends directly on stress history. 
 
In addition, although the deviation of behaviour between transported and residual materials 
has been identified, all residual soils should additionally be considered unique. As 
recognised by Townsend (1985), due to the specific nature of the processes that result in 
the formation of the residual rock and progression of the weathering front – parent rock type, 
local topography, climatic conditions and vegetation – the material properties exhibited by 
residual soils were site specific, and not even always directly applicable to residual soils 
derived from the same parent material. 
 
To account for the intricacies specific to residual materials, Wesley and Irfan (1997) 
proposed a residual material specific classification scheme that characterised residual 
materials based on properties that the Unified Soil Classification System (USCS) did not 
cover. The basis for the development of this system was to account for: (a) unusual clay 
mineralogy; (b) the inadequacy of weathering descriptors used for transported materials in 
temperate climates; and (c) the unsuitability of using properties obtained by the testing of 
remoulded samples to classifying residual materials. 
 
2.4. Issues with sampling residual soils 
 
Due to their insitu formation, residual soils generally possess significant microstructure (relict 
rock fabric and inter-particle bonds) and thus some of material characteristics closely related 
to those of their parent rock. Parent rock type is greatest influence on soil behaviour in early 
stages of residual soil formation and in drier regions (Birkeland, 1984), but decreases as 
other soil forming factors take over (as the structure and volume is decreased by the 
weathering forces). Comparatively, all transported soils have had some degree of additional 
treatment and lost the microstructure of the parent rock. Thus, transported soils become 
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much less sensitive to disturbance during sampling and are more predisposed to testing 
within a laboratory or non-insitu setting.  
 
Due to the presence of microstructure within the residual soils, Blight (1997) and Wesley 
(2010) both note that the disturbance or processing of residual soils, e.g. associated with 
sampling and laboratory testing respectively, may produce test results that do not accurately 
characterise the insitu behaviour of the residual material. It is for this reason that this 
research project evaluated and validated insitu methods of investigation for the residual soil 
component of the weathering profile.  
 
Although insitu testing was identified as potentially being be more suitable for residual soils, 
as it may account for the presence of any inherent structure present within the soil, this is 
not to say that insitu testing can be considered flawless. The applicability of the results of 
insitu testing for site characterisation may be affected by the material properties present and 
the test technique employed. Thus test selection should consider the potential for the 
disruption of inter-particle bonding during test completion, the magnitude of the error 
inherent with the test technique and how the interpretation of the test result accounts for the 
expected heterogeneity of the residual soil. For this reason, this project focussed on the trial 
and validation of insitu techniques suitable for the estimation of strength and deformation 
parameters of residual soils and weak rocks (and variation therein). 
 
2.5. Industry awareness of residual soils 
 
In comparison to the more extensively studied ‘transported’ soils, the engineering properties 
of residual materials are generally less well understood by practicing geotechnical 
engineers. Many common textbooks on soil mechanics remain silent on the unique 
challenges associated with such materials when describing fundamental concepts.  
 
This is thought to be due to the historical development of soil mechanics, which primarily 
occurred in North America and Europe at locations where sedimentary (transported) soils 
were dominant. In QLD, a large number of tests (laboratory and field) commonly employed 
to classify and assess likely material behaviour are essentially direct copies of tests 
developed in other regions of the world (UK, Europe, US) in which transported soils are 
found in a much greater abundance.  
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Thus, the accepted methodology of a number of these tests call for disturbance of a material 
and/or exclusion of a portion of a sample based on particle size. However, as both these 
steps fundamentally alter the properties of the material being tested or only provide results 
based on the non-dominant portion of the material, this again suggests that insitu testing 
may potentially produce significantly different results to those produced in a laboratory, and 
could be used to provide better characterisation of residual materials. 
 
The comparatively recent publication of texts dedicated to residual profiles (e.g. Wesley, 
2010; Blight and Leong, 2012; Huat, Toll and Prasad, 2012) suggests there is an increasing 
recognition of the existance of significant differences in the behaviour and propertes of 
residual and non-residual soils within the geotechnical community. Progressively, it is being 
identified that the methods used to characterise residual soils should differ to that of 
transported materials. 
 
2.6. Residual soils in SEQ 
2.6.1. Geographic and current climactic conditions 
 
This research primarily focuses on work undertaken at sites within the South East 
Queensland (SEQ) region. SEQ is located upon the East coast of Queensland, Australia, 
and lies between latitudes 260 and 280 South. The climate of the region is ‘sub-tropical’ with 
a summer weighted rainfall distribution. Summary climatic conditions include (Bureau of 
Meteorology, 2015): 
 
 Average Maximum Temperature = 26.50C 
 Average Minimum Temperature = 16.30C 
 Mean Rainfall (mm) = 1025mm 
 Median Rainfall (mm) = 1059mm 
 Mean number of rain days per year = 82 
 
Based on SEQ’s current geographic location and climate data, it would be expected that the 
region would be undergoing ‘moderate’ chemical weathering as per Peltier’s (1950) rock 
weathering model (shown in Figure 2.4). As per Figure 2.3, the sub-tropical nature of the 
SEQ climate would suggest a ‘shallow’ weathering profile.  
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(a)             (b) 
Figure 2.4. (a) Location of SEQ compared to Australia. (b) SEQ weathering model (base 
image from Shaetzel and Anderson, 2005; adapted from Peltier, 1950). 
 
Excluding the narrow coastal zone, floodplains and estuaries present within the SEQ region 
the soil profiles can be considered to be largely derived from insitu weathering of the parent 
rock material. The absence of significant historical transportation events have not resulted 
in large swathes of alluvial soil overlying, or the removal of all residual materials from, the 
bedrock across the SEQ region. Transported soils (generally encountered in the form of 
Quaternary aged alluvium) are commonly confined within, or in close proximity to, the 
extents an existing watercourse and can thus be easily identified from the soils that have 
been weathered insitu.  
 
Adams et. al. (2010) has previously characterised the SEQ as generally having an 
overburden depth of residual ‘soils’ of between 10 and 15m, prior to encountering extremely 
weathered parent rock materials. This is generally consistent with McNally’s (1998) 
description of ‘typical’ residual soil and weathered rock profiles in Australia, whom identified 
that soil and saprolitic materials should be expected to extend to depths of between 10 to 
20m. Local variations based both on historical geomorphologic and long-term climatic 
conditions would also be expected to occur throughout SEQ. 
 
2.6.2. Formation of Residual Soils within SEQ 
 
Beckmann et. al. (1987) surveyed and described the distinct soil profiles present within the 
Brisbane region of SEQ and, for each site considered, provided characteristics of the soil 
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profile present, the likely formative processes and the parent rock type. From the review and 
assessment of 44 soil landscapes, the survey concluded that the most important factor that 
have determined the type of residual soils presently encountered in in SEQ was the parent 
material (rock type), which has determined the soil’s composition (particle size distribution) 
and mineralogy that subsequently control the exhibited physical and chemical properties.  
 
The strength, rockmass characteristics and components of the parent rock material is 
responsible for the definition of certain characteristics of the residual soil formed once 
weathering processes are applied. This concept is further illustrated in the various 
weathering profiles included in Figure 2.5 (from Huat, Toll and Prasad, 2012; whom cite 
Selby, 1993) and in Wesley (2010). 
 
 
Figure 2.5. Variation in weathering profiles based on parent rock type (from Huat, Toll and 
Prasad, 2012; whom cite Selby, 1993) 
 
Comparatively stronger intact rocks (e.g. igneous materials, such as the granitic and 
quartzite materials present within SEQ) would be expected to exhibit both (a) shallower 
residual soil profiles when subjected to similar weathering forces as a ‘weak’ rock; and (b) 
display preferential weathering along rockmass discontinuities (e.g. faults, joints). This 
preferential weathering produces fragments of parent rock surrounded by comparatively 
weaker residual soil materials. Such a residual profile is consistent with that presented as 
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the base image in Figure 2.2, which was derived by Little (1969) based on his assessment 
of Hong Kong granitic materials. 
 
Fine grained and comparatively ‘weak’ parent rocks, such as mudstone or claystone, would 
likely weather to directly form fine (cohesive) soil materials with the absence of significant 
parent rock particles. Conversely, coarser grained ‘weak’ rocks, such as sandstone or 
conglomerates, would form granular dominated soil materials that contained sand and 
gravel sized particles of the parent rock. 
 
Following the identification that parent rock material has the greatest influence in 
determining the characteristics of SEQ residual soils, Beckmann et. al. (1987) identified that 
the local topography was the second most important factor in SEQ residual soil formation. 
Local topography controls the drainage and availability of kinetic energy provided by water 
moving both over and through the soil and, thus, controls the extent and speed that parent 
rocks are weathered. The local topography also controls the subsequent erosion of 
weathered / leached soil materials. 
 
The variation in topography (e.g. steep or shallow slopes) can produce different weathering 
trends / extents, and thus may result in different residual soil materials being derived from 
the same parent rock type. However, Beckman et. al. (1987) only reported this to be 
significant within the SEQ landscape for soils derived from a basalt parent rock. For basaltic 
soils, deeply weathered profiles (potentially more than 30m) have generally resulted in the 
formation of clay (kaolinitic) dominated profiles in which (a) no relict rock fabric is evident; 
and (b) a significant swell / shrink characteristic is observed during a wet / dry cycle. In 
comparison, shallower basaltic soil profiles (generally less than 10m depth) were found to 
have generally retained their relict rock structure and are not as reactive to moisture content 
variation. 
 
Less variation in the SEQ residual soil types are observed from soils derived from 
sedimentary or metamorphosed sedimentary rocks, with the major difference between soils 
formed on ‘shallow’ or ‘steep’ slopes being the depth of weathering profile and presence of 
a significant coarse (gravel or rock fragment) grained content. Steeper slopes generally 
exhibit a shallower weathering profile, and a higher gravel content that the corresponding 
shallow slopes. 
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Beckmann et. al. (1987) defined the major parent rock materials present within the Brisbane 
region of SEQ, and described the typical residual soils that have been locally derived from 
each rock type: 
i. BASALT – ‘Heavy’ clay (Kaolinite dominated) soils, with limited variation in 
particle size distribution.  
ii. GREYWACKE and PHYLLITE (Metamorphosed Sedimentary Rocks) – Mixtures 
of sand, silt and clay with rock fragments throughout the profile. A full range of 
particle sizes are expected to be produced within residual soils. 
iii. SANDSTONE, CONGOLOMEERATE (Sedimentary Rocks) – Coarse (gravel) to 
medium (sand) dominated soil materials, depending on the composition of the 
grains and clasts of the parent rock material. 
iv. SHALE and COAL (Sedimentary Rocks) – As parent rocks are comprised of 
comparatively fine particles, residual soils are generally cohesive and dominated 
by ‘fine’ sized materials. 
 
Clayey Sands / Sandy Clay mixtures with pronounced relict rock structure, derived from 
metamorphosed sedimentary rocks and sedimentary rocks, were found to be the most 
prevalent soils present within the SEQ area. As identified by Beckmann et. al. (1980), such 
soils can be “very gravelly” and contain significant contents of weathered parent rock 
fragments. 
 
Both Beckman et. al. (1987) and Willmott (2012) identify that the clay materials present 
within the SEQ residual soils are generally kaolinitic in nature, whether derived from basalt 
parent rock material (heavy clays) or within prodzolic soils (sandy clay / clayey sands) 
derived from other parent rock materials. Although the behaviour of these clays varies based 
on their parent rock type – with the ‘heavier’ clays derived from a basalt parent rock being 
generally the most susceptible to movement based on their sensitivity to moisture content 
variation (and thus shrink and swell during each wet/dry cycle) – it is extremely uncommon 
for clay dominated materials that would classify as ‘Group C’ materials as per the residual 
soil classification scheme proposed by Wesley and Irfan (1997) to be encountered within 
SEQ. Specifically, no residual materials strongly influenced by their mineralogy (e.g. 
allophinic or halloysitic clays, volcanic ash soils or pumiceous materials) are known to be 
extensively present within the study area. 
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Descriptions of the typical residual soil types found in SEQ, based on the local topography 
and parent rock type, are included in a number of sources (e.g. Beckman et. al., 1987, and 
Willmott, 2012). From a review and correlation of the information contained within these 
sources, the general relationship between parent rock type and residual soil materials for 
specific geological units present within SEQ are summarised in Table 2.3. 
 
Table 2.3. Typical SEQ residual soil products based on parent rock type and local 
topography 
Unit Dominant Rock Types Steep Topography Shallow Topography 
Ne
ran
leig
h-F
ern
va
le 
Be
ds
 
Basic Volcanic 
Rocks 
Shallow stony and 
gravelly (weathered rock 
fragments) soils within 
clayey soils, overlying 
fragmented and 
weathered rock 
Predominantly cohesive (clay and 
silt) dominated materials. Rock 
fabric generally preserved. 
Gravels of parent rock type 
present within soil profile 
 
Sandstone, 
Conglomerate 
Firm to friable soils with pronounced relict rock structure. 
Generally weathers to Sandy Clay or Clayey Sand materials. 
Gravel sized particles of parent rock type frequently 
encountered within profile. 
Phyllite, Shale, 
Greywacke 
Shallow stony and 
gravelly (weathered rock 
fragments) soils with 
various sandy or clayey 
texture, overlying 
fragmented and 
weathered rock 
Firm to friable soils with 
pronounced relict rock structure. 
Generally weathers to Sandy 
Clay or Clayey Sand materials. 
Gravel sized particles of parent 
rock type frequently encountered 
within profile. 
Quartzite 
Shallow stony and 
gravelly (weathered rock 
fragments) soils with 
various sandy or clayey 
texture, overlying 
fragmented and 
weathered rock. Noted to 
include large pieces of 
quartzite throughout 
residual soil profile 
Firm to friable soils with 
pronounced relict rock structure. 
Generally weathers to Sandy 
Clay or Clayey Sand materials. 
Gravel sized particles of parent 
rock type frequently encountered 
within profile. The commonest 
soil type within the SEQ area. 
Bu
ny
a P
hy
llite
 
Phyllite and 
Hornsfels 
Stony and Gravelly Soils 
with varying mixtures of 
Sand, Clay and/or Silt, 
overlying fragmented and 
weathered rock 
Firm to friable soils with 
pronounced relict rock structure. 
Generally weathers to Sandy 
Clay or Clayey Sand materials. 
Gravel sized particles of parent 
rock type frequently encountered 
within profile. 
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Unit Dominant Rock Types Steep Topography Shallow Topography 
En
og
ge
ra 
Gr
an
ite
 
Granodiorite 
Stony and Gravelly Soils 
with varying mixtures of 
Sand, Clay and/or Silt, 
overlying fragmented and 
weathered rock 
Soloths 
Bri
sb
an
e T
uff
 
Rhyolitic Tuff 
Shallow stony and 
gravelly (weathered rock 
fragments) soils with 
various sandy or clayey 
texture, overlying 
fragmented and 
weathered rock 
Firm to Friable soils with 
pronounced relict rock structure. 
Generally weathers to Sandy 
Clay or Clayey Sand materials 
Ips
wic
h C
oa
l M
ea
su
res
 
Shales and 
Clays N/A 
Firm to friable soils with 
pronounced relict rock structure. 
Generally weathers to Sandy 
Clay material 
Sandstone and 
Conglomerate 
Shallow stony and 
gravelly (weathered rock 
fragments) soils with 
various sandy or clayey 
texture, overlying 
fragmented and 
weathered rock. 
Presence of boulders of 
parent rock materials 
specifically noted. 
Firm to friable soils with 
pronounced relict rock structure. 
Generally weathers to Sandy 
Clay or Clayey Sand materials. 
Gravel sized particles of parent 
rock type frequently encountered 
within profile. 
Wo
og
-ar
oo
 
Su
bg
rou
p Sandstone, 
Conglomerate, 
Siltstone, 
Sandstone 
Firm to friable soils with pronounced relict rock structure. 
Generally weathers to Sandy Clay or Clayey Sand materials. 
Gravel sized particles of parent rock type frequently 
encountered within profile. 
 
Pe
trie
 Fo
rm
ati
on
 Mudstone, Siltstone 
Sand to Sandy Clay profiles. Clay content increases gradually 
with depth to Sandy Clay soil materials 
Deeply 
Weathered 
Basalt and 
Clay 
Predominantly clay (Kaolin) dominated materials, resulting 
from deep weathering profiles (potentially more than 30m). 
Parent material is Basalt and clay content is characteristically 
more than 50% throughout the profile. Rock fabric is generally 
largely destroyed and such soils are generally demonstrate 
significant swell / shrink during wet / dry cycles. 
Ox
ley
 G
rou
p 
Sandstone N/A 
Lateritic soils with pronounced 
relict rock structure. Generally 
weathers to Clayey Sand 
materials. Gravel sized particles 
of parent rock type frequently 
encountered within profile. 
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Unit Dominant Rock Types Steep Topography Shallow Topography 
Ox
ley
 G
rou
p 
(C
on
tin
ue
d)
 
Highly 
weathered 
Basalt 
N/A 
Predominantly cohesive (clay and 
silt) dominated soil materials, 
resultant from comparatively 
shallow weathering profiles 
(generally less than 10m) of 
Basalt parent rock materials. 
Rock fabric is generally 
preserved. 
Mudstone, 
Claystone, 
Siltstone 
N/A 
Firm to friable soils with 
pronounced relict rock structure. 
Weathered to strongly clay 
dominated materials. 
La
nd
s-
bo
rou
gh
 
Sa
nd
sto
ne
 
Sandstone, 
Siltstone N/A 
Sand to Sandy Clay dominated 
profiles. Clay content increases 
gradually with depth to Sandy 
Clay soil materials 
 
 
2.6.3. Distribution of Residual Soils within SEQ 
 
Correlating the material descriptions of the residual soils / associated parent rock types with 
published 1:250,000 scale geological maps of SEQ surface geology (Whitaker and Green, 
1980), the extent of each parent rock type – and thus the likely distribution of the general 
residual soil types – has been determined for the entire SEQ study region.  
 
This extrapolation has been undertaken adopting the following general SEQ residual soil 
classifications: 
 Basalt derived, expansive clay dominated soils; 
 Sandy Clay / Clayey Sand mixtures (with gravel and weathered parent rock 
materials). Such residual soils may be derived from a variety of parent rock 
materials – Rhyolitic tuff, sandstone, siltstone, conglomerate, phyllite and hornsfels; 
 Cohesive materials derived from claystone, mudstone, coal and shale. 
 Alluvial materials – not further considered by this research project 
 
The mapped spatial distribution of each of the identified material unit categories across the 
SEQ study area (based on the mapped extents of parent rock types included in surface 
geology mapping) is presented in Figure 2.6. 
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Figure 2.6. Approximate spatial extents and distribution of generalised residual soil / parent 
rock types within SEQ study area. Predominant area of materials which may contain coarse 
material component shown in orange; alluvial materials shown in yellow.  
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Table 2.4 provides details regarding the comparative coverage (area) of each of the 
generalised classifications of residual soils / parent rock units throughout the SEQ region. 
From inspection of Table 2.4, the overwhelming presence of both: (a) residual materials 
across the SEQ region (in comparison to alluvial / transported soils; 84% residual vs. 16% 
alluvial); and (b) the proportion of all residual soils in which there would be expected to be a 
significant granular and weathered parent rock fragment (47.8% of the total assessed SEQ 
study area; 56.9% of the area where residual soils were expected) becomes apparent.  
  
Table 2.4. Coverage of residual soil / parent rock types within SEQ 
Parent Material 
Unit 
Residual soil characteristics Distribution within SEQ 
(km2) % of study area 
Basalt ‘Heavy Clays’, expansive, sensitive to moisture content variation 4,500 15.5% 
Various 
(Sedimentary, 
igneous and 
metamorphic) 
Sandy Clay / Clayey Sand mixtures, 
with gravel and fragments of 
weathered parent rock materials. 
13,890 47.8% 
Fine Grained 
Sedimentary / 
Metamorphic 
Cohesive – derived from claystone, 
mudstone, coal and shale 6,025 20.7% 
Alluvial N/A 4,650 16.0% 
Total SEQ Landmass within Study Area (km2) 29,065 100.0% 
 
2.6.4. Brief geological history and age of SEQ residual soils 
 
Although too detailed to comprehensively reproduce within this thesis, both Beckman et. al. 
(1987) and Willmott (2012) provide detailed descriptions of the geological history of the SEQ 
region. The complex nature of the geological history, including extended periods of active 
volcanic / tectonic actions and subsequent periods of erosion / sedimentation, has resulted 
in SEQ containing numerous rock formations, often contained within relatively small 
geographic areas. Accordingly, during geotechnical site investigations it is common to 
intersect rocks of igneous, sedimentary and metamorphic origin, and encounter residual 
soils and full weathering profiles of the same. 
 
The oldest rocks present within the SEQ study area are the metamorphosed Neranleigh-
Fernvale beds and Bunya Phillyte geological units, which were formed during the mid-
Permian to mid-Triassic period (265 to 235 million years ago). Most of the commonly 
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encountered SEQ igneous materials (basalt, granite, granodiorite, andesite, rhyolite and 
tuff) were subsequently produced from volcanic and intrusive activities that occurred towards 
the late Triassic period (226 to 210 million years ago). The sedimentary rocks present within 
the SEQ area were then the result of deposition that occurred during the end of this volcanic 
activity to the early Jurassic (210 to 180 million years ago). After a long period of erosion, 
recent volcanic activity occurred between 31 and 23 million years ago.  
 
Willmott (2012) identifies that the development of the ‘deep’ lateritic weathering profiles that 
currently exist across the SEQ region are the product of repeated seasonal wetting and 
drying cycles that occurred since the most recent period of volcanic activity (weathering 
most likely occurred between ~15 – 20 million years ago). Residual profiles were best 
developed in the ‘Tertiary’ aged, sedimentary and meta-sedimentary rock units (e.g. 
Landsborough Sandstone, Woogaroo Subgroup, Petrie Formation, Oxley Group and Booval 
Group) due to their comparatively weaker strength. 
 
Erosive processes have continued to the present day, with the current SEQ topography and 
stream network having primarily developed during the Pleistocene epoch (2.5 million to 
11,700 years ago). Since this time fluvial and estuarine sediments have been deposited 
within incised valleys during times of relatively high sea level. 
 
2.6.5. Focus of Research on ‘Non-Sensitive’ / ‘Unreactive’ SEQ Materials  
 
The focus of this research project was upon the SEQ residual soil materials that contained 
a significant granular, gravel or weathered parent rock fragment component. With minor 
exceptions, this research deliberately excluded the assessment of residual soil / weathered 
rock behaviour due to moisture content variation and focussed on ‘unreactive’ materials. 
Primarily applied research has aimed to identify and validate suitable test methods that could 
be employed to characterise materials across the full ‘transition zone’ between residual soil 
and weathered rock materials.  
 
Such an emphasis was selected as the lack of suitable assessment techniques was, in the 
author’s experience, a frequent shortcoming of site investigations currently undertaken 
within the SEQ region. Common methods of site investigation are focussed on the 
assessment of ‘soil’ or ‘rock’ properties, and have significant limitations when applied to the 
other region of the weathering profile. For example, the depth achieved by penetrative 
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investigation methods – such as the handheld Dynamic Cone Penetrometer (DCP), the 
Standard Penetration Test (SPT), or drilling rig mounted rotary borehole drilling techniques 
– are often limited when investigating SEQ residual soils and highly weathered rock 
materials due to the stiffness of the fine grained materials (i.e. hard clays) or, more 
frequency, the presence of coarse materials within the subsurface soil profile (e.g. gravels, 
corestones or fragments of weathered parent rock materials). 
 
In terms of the residual soil classification scheme proposed by Wesley and Irfan (1997), this 
research focussed on ‘Group A’ residual materials – soils that are not strongly influenced by 
their clay mineralogy. Such materials included the ‘sandy clay / clayey sand mixtures’ and 
the ‘cohesive materials derived from sedimentary rocks’ material units used for the high-
level classification of the SEQ study area presented in Figure 2.6. As previously identified 
by Beckman et. al. (1987), these represent the most common residual soil materials present 
in SEQ.  
 
In SEQ, the ‘heavy clay’ materials weathered from a basaltic parent material are the most 
frequent materials that would be considered ‘Group B’ residual materials – soils strongly 
influenced by common clay mineralogy (Wesley and Irfan, 1997). Both Beckman et. al. 
(1987) and Willmott (2012) identify that residual clay materials present within the SEQ are 
generally kaolinitic in nature, and SEQ basaltic clay materials display high swelling and 
shrinkage characteristics associated with moisture content variation. This behaviour can be 
considered a specific subset of SEQ residual materials (i.e. not widely exhibited by other 
SEQ residual soils) and ‘basalt derived’ materials are only encountered within a 
comparatively small area of the SEQ study area (refer Table 2.4). As this research project 
did not consider material behaviour due to moisture content variation – as this would have 
added an additional variable to all analysis – residual soils produced from basaltic materials 
excluded from any fieldwork component of this project (Chapter 3 onwards). 
 
As previously identified, no ‘Class C’ residual materials (as per Wesley and Irfan, 1997) – 
materials strongly influenced by their mineralogy (e.g. allophinic or halloysitic clays, volcanic 
ash soils or pumiceous materials) – are known to be extensively present within the study 
area. Accordingly, this research project did not focus on the specialist behaviour, or methods 
to identify such behaviour, of ‘Class C’ materials. 
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2.7. Review of TMR Database of historical SEQ geotechnical reports 
 
The results presented in the remainder of this chapter detail a study of material testing 
completed upon residual soils located within the South East Queenland (SEQ) region, 
compiled from a database of geotechnical reports spanning the last 40 years held by the 
Queensland Department of Transport and Main Roads (QTMR). Analysis of the extracted 
test dataset attempted to quantify the variability of test results for a number of material 
parameters, and provide guidance on expected material properties for soils weathered from 
various parent rock types within the SEQ region. In addition, the applicability of some 
commonly used correlations between insitu and laboratory test results were also assessed. 
 
Note that the physical review of the QTMR records and statistical analysis of the constructed 
database was primarily undertaken by Mr. J. Priddle, and the results of this study was 
compiled and previously published as Priddle, Lacey et. al. (2013). This work formed the 
basis of Mr. Priddle’s undergraduate thesis, of which the author of this thesis acted in a 
supervisory role. 
 
A total of 2972 project records detailing historical QTMR geotechnical projects were 
reviewed, and test results relating to residual soils extracted. Of these reports, only a very 
small subset (2%) were identified to contain information relating to either the insitu or 
laboratory based strength testing of residual materials. This small percentage was 
interpreted to be somewhat due to the imprecise and inconsistent identification of material 
origin within the reviewed records, but does suggest the historical testing of residual soils in 
SEQ is rather limited. 
 
From the constructed dataset of residual soil tests identified to have been undertaken by 
QTMR (n = 140), additional trends were identified. As shown in Figure 2.7, there appeared 
to be a sharp decline in the quantity of tests completed since 1990. In comparison with the 
number of tests recorded prior to 1990, a consistent drop in excess of 85% was observed.  
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       (a)             (b) 
Figure 2.7. (a) No. of geotechnical site investigations report, catgeorised by decade of 
report date; and (b) no/ of geotechnical site investigation reports identified to contain test 
results of residual materials, categorised by decade of report date. 
 
Such a reduction in focus on the testing of residual soils is expected to be due to variables 
such as the ongoing restriction of project budgets available for site investigation or a change 
in the objective of ground investigations; for example, completing investigations where 
reaching ‘competent’ rock materials was the project focus and laboratory testing was only 
completed upon such materials (e.g. where base bearing piles in rock are the expected 
foundation system).  
 
However, it cannot be argued that the rationale for the marked reduction in testing of residual 
soils was due to QTMR’s acceptance that the ‘characterisation’ of residual materials in SEQ 
was understood in adequate detail, as no co-ordinated projects assessing the properties of 
such materials were identified to have previously been conducted. The absence of site 
specific testing does instead suggest that there may be (increasingly) frequent reliance on 
general / generic correlations for the derivation of design parameters used to ‘characterise’ 
such material units. Accordingly, and as previously identified, the appropriateness of chosen 
correlations and subsequently derived design material parameters may potentially result in 
uneconomical, over-designed or unsafe structures. 
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2.7.1. Typical material parameters associated with QLD residual soil testing, based 
on material origin 
 
The aim of the review of QTMR site investigation reports was to: 
 Identify simple correlations between laboratory determined residual soil index and 
strength properties with insitu test results; 
 Calculate the range of results and produce Coefficient of Variation (CoV) values for 
residual soil properties associated with various parent rock types in SEQ; and 
 Relate any identified trends or parameters in specific residual soil properties to their 
parent rock type. 
 
For the compiled test dataset (n = 140), subsets relating to specific parent rock types were 
produced prior to further analysis. This was completed with the expectation that residual 
soils would retain particular properties from their parent rock material (Wesley, 2010), and 
that the parameters exhibited by soil units directly derived from varying rock units may also 
differ. Test results upon residual soils belonging to five (5) parent rock units were isolated – 
residual soils weathered from (a) mudstone; (b) sandstone; (c) greywacke; (d) phyllite; and 
(e) tuff rock units.  
 
For the various laboratory and insitu tests completed, Probability Density Functions (PDFs) 
were fitted to the dataset of each soil type. Both normal and non-normal functions were used 
in this analysis, which was completed using the @Risk software suite (Palisade Corporation, 
2009). The quality of the PDF ‘fit’ to the dataset was evaluated using the Anderson-Darling 
‘goodness-of-fit’ test. From this assessment, the majority of analysed datasets were found 
to be right-skewed, and it was considered that the test data would be better characterised 
via use of a Log-normal distribution function in preference to the commonly assumed normal 
distribution. Similar findings, and further discussion regarding the implication of the 
erroneous assumption of normality existing with the results of soil and rock testing, are 
detailed in Chapter 11 of this thesis. 
 
Table 2.5 details the descriptive statistics of each tested material parameter, calculated 
initially for the entire dataset (n = 140, however dataset size varies for each individual test / 
parameter) and for samples derived from specific rock types (n = 9 to 42). Note that the test 
technique used to produce Mohr-Coulomb strength parameters (c, ) were not consistently 
recorded within the reviewed reported. Thus the results presented for such parameters in 
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Table 2.5 may be comprised both of (a) total and effective stress parameters; and (b) the 
results of triaxial tests completed under differing confining stress magnitudes. 
 
Table 2.5. Summary of typical residual soil properties in South East Queensland 
Material Property 
Parent Rock Type 
All 
n ≤ 131 
Mudstone
n ≤ 42 
Sandstone
n ≤ 42 
Greywacke
n ≤ 14 
Phyllite 
n ≤ 9 
Tuff 
n ≤ 14 
Bulk 
Density 
ρ (t/m3) 
Range 1.9 – 2.3 1.9 – 2.3 11.9 – 2.3 1.9 – 2.2 2.0 – 2.3 1.8 – 2.2
Mean 2.07 2.07 2.07 2.03 2.19 2.05 
CoV (%) 6 5 5 4 4 6 
SPT N 
Range 9 – 48 12 – 51 6 – 40 10 – 32 18 – 51 6 – 53 
Mean 24 26 20 17 30 29 
CoV (%) 53 50 54 131 43 48 
Cohesion 
c (kPa)* 
Range 28 – 297 62 – 360 21 – 269 55 – 206 19 – 186 24 – 176
Mean 140 181 123 117 114 100 
CoV (%) 64 58 63 41 45 46 
Friction* 
° 
Range 2.3 – 32.1 2.3 – 25.0 4.0 – 33.0 1.5 – 33.3 7.8 – 23.1 3.2 – 28.9
Mean 13.4 10.3 16.9 11.0 14.8 10.3 
CoV (%) 71 105 62 120 32 126 
Shear 
Strength 
Su (kPa) 
Range 42 – 319 66 – 387 21 – 269 77 – 235 64 – 215 33 – 219
Mean 148 193 145 129 140 109 
CoV (%) 63 59 52 50 33 54 
*Note the test technique used to produce Mohr-Coulomb strength parameters (c, ) were not consistently 
recorded within historical records 
 
2.7.2. Discussion of heterogeneity of residual soils exhibited by test database 
 
The difference in both the range and mean values of each parameter, as detailed in Table 
2.5, reinforce the expectation that notable differences in material parameters do exist 
between residual soils weathered from various parent rock types across SEQ. Furthermore, 
the variability exhibited within the datasets of results attributed to soils derived from a 
specific material rock type also suggests that SEQ residual soils should be considered 
heterogeneous; and thus care should be taken regarding the selection of ‘characteristic’ 
design values or the assumption of a value without site- and material-specific testing being 
undertaken. 
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The variability (and thus heterogeneity) of each residual soil parameter was evaluated by 
the calculation of the Coefficient of Variation (CoV) values, as reported in Table 2.5. When 
the full compiled dataset was considered, the only parameter that evidenced near-uniformity 
was bulk density (CoV = 6%). Strength parameters determined via both insitu and laboratory 
testing (i.e. SPT N value; cohesion, c; angle of friction, ; and shear strength, Su) were found 
to exhibit much higher levels of variation (CoV = 30 to 130%, ̅ݔ = 64%). The lack of consistent 
results when the full dataset was analysed suggest that, as expected, soil parameters of 
residual soils vary based on the parent rock type and extent of relict rock structure present 
within the residual material (both insitu and throughout the duration of the laboratory test).  
 
The test results of residual soils derived from the mudstone and sandstone rock units were 
the most dominant of the compiled dataset (n = 43 for both mudstone and sandstone). 
Similar magnitudes of variability (CoV ± 5%) were exhibited by both these rock units in the 
results of each of the considered tests, with the exception being the high variability of the 
friction angle () reported by the mudstone subset (CoV = 105%).  
 
After the removal of the tests attributed to the two (2) dominant rock units (mudstone and 
sandstone rock), notable differences between those reported for the full dataset and the 
remaining three (3) rock units – greywacke, phyllite and tuff (n = 9 to 14) – emerged. 
Greywacke derived residual soils (n = 14) indicated an extremely large variability in the 
reported SPT N value and angle of friction, with calculated CoV’s of 131% and 120% 
respectively. Soils derived from phyllite rock (n = 9) demonstrated a comparatively low 
variability for all assessed parameters, with the most notable decrease associated with the 
angle of friction, in which a CoV of 32% was determined for phyllite based soils compared 
to the full dataset’s CoV of 71%. A similar trend was reported in shear strength, with the 
CoV of phyllite based soils approximately half (33%) of the combined dataset (63%). Phyllite 
materials were also found to generally report the highest material parameters of the three 
(3) smaller rock units. The results calculated for the tuff materials vary, with a comparatively 
high CoV values reported for the angle of friction (126% versus the full dataset average of 
72%) whilst the CoV for cohesion (46%) and SPT N (48%) being slightly lower than that the 
equivalent values calculated using the entire residual test dataset (64% and 53% 
respectively). 
 
In comparison to the values derived by the current study, Phoon (1995) reported CoV values 
for commonly determined soil parameters, with the aim to use such quantifiable variability 
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as a platform for reliability based (limit state) foundation design. As detailed in Table 2.6, a 
comparison between the mean value calculated for each material parameter and the 
variability (CoV) of that parameter was completed. As the dataset reported by Phoon (1995) 
only included a limited number of tests completed upon tropical residual soil materials (i.e. 
dataset was dominated by transported soils), it was expected that the CoVs calculated by 
the current study for the SEQ region’s residual soil materials would be higher than the 
comparative CoV previously reported. 
 
Table 2.6. SEQ residual soil parameter comparison with published values. 
Property Mean Coefficient of Variation (CoV) Phoon (1995) Residual SEQ Phoon (1995) Residual SEQ
Moisture Content (%) 29 20 18% 29% 
Dry Density (t/m3) 1.60 1.73 7% 9% 
Bulk Density (t/m3) 1.78 2.07 9% 6% 
SPT N-value (clay) 32 24 44% 53% 
Friction (°, clays) 15.3* 13.5+ 21% 71% 
Su (kPa, test type 
unknown) 112 148 32% 63% 
*Results based on combination of triaxial compression and direct shear testing (but not always recorded) 
+Test technique not reported in historical records, and dataset likely to include results obtained from multiple 
test techniques (and may include results from tests completed under total and effective stress conditions) 
 
Inspection of Table 2.6 suggests the following differences between the residual soil 
parameters of SEQ and published values by Phoon (1995): 
 Moisture contents are typically lower in the SEQ residual dataset, but with a higher 
corresponding CoV value. This lower result was expected, due to residual profiles 
typically being located on elevated ground and usually only subject to periodic 
transportation agents such as water runoff. 
 SEQ residual soils are generally denser than the Phoon (1995) dataset, albeit with 
a similarly low CoV. Phoon (1995) identified some outliers in his dataset related to 
tropical residual soils, highlighting the expected differences in density that exist 
based on soil formation processes (transported or residual). 
 The mean SPT N values were lower for SEQ residual soils, but with a higher CoV 
value. This result was unexpected as the relative consistency / density of residual 
soils was expected to be, generally, higher than that encountered within transported 
materials (especially in comparison to unconsolidated alluvium). 
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 Calculated shear strengths (Su) were generally higher, and friction values effectively 
similar, for SEQ residual materials compared to Phoon (1995). However, in both 
cases CoV values of the SEQ test results were at least double those reported by 
Phoon (1995). In the case of the reported variability of the residual soil’s friction 
value, this may be partially accounted for the variation in testing technique, which 
was not consistently determinable for the SEQ records. 
 
The CoV values of the SEQ material parameters were, overall, found to be considerably 
higher than those published by Phoon (1995) for transported soils. For determination of 
‘characteristic’ design parameters, as required by limit state codes, the high CoVs would 
result in design parameters aligning with lower fractiles of the test database (e.g. ≤10th 
percentiles). However, blind adoption of such methods of determining ‘characteristic’ values 
is problematic for residual materials, regardless of the higher heterogeneity present within 
material parameters associated with residual soils, as it could result in unrealistic values 
becoming adopted as design parameters. This concept is further considered in Chapters 11 
and 12 in relation to characterising the weak strength of SEQ rock units for design purposes. 
 
2.7.3. Correlation between Shear Strength and SPT N 
 
Correlations to estimate soil (and rock) strength based upon insitu penetration resistance 
(e.g. DCP or SPT tests) have been historically developed as first order approximations (i.e. 
in the absence of site or material specific laboratory test results of Mohr-Coulomb strength 
parameters). Such relationships are generally linear in nature, but the data available to 
authors and used for the development of various published relationships has resulted in a 
wide range of shear strengths potentially resulting from a single SPT N value, dependent on 
the selected reference. Table 2.7 details industry standard SPT N Value to Su linear 
relationships, and demonstrates the linear multiplier applied to N values ranges between 4.5 
and 10.5. 
 
Table 2.7. Previously published relationships between SPT N and shear strength 
Reference SPT N:Su Relationship 
Terzaghi and Peck (1948) Su  = 6.25N 
Stroud (1974) Su = 4.5N 
DeCourt (1989) Su = 10.5N 
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Given the demonstrated heterogeneity of SEQ residual soils, it was expected that 
correlations developed from SPT / Su data pairs collected from the testing of transported 
materials would be largely inaccurate to the SEQ datasets considered by the current study. 
However, as shown in Figure 2.8, approximately 75% of the SEQ data pairs fitted within the 
extreme range of the relationships suggested in Table 2.7. 
 
 
Figure 2.8. Linear correlation of SPT with shear strength (Su), full SEQ residual soils data 
 
Analysis of the full dataset of SEQ test results that contained Su / SPT N data pairs (n = 128) 
provided an approximate linear multiplier between SPT N value and Su, as defined in 
Equation 1.1. These findings sit within with linear multiplier range previously identified, and 
are consistent with Brenner et. al. (2012) who reported that Su = 5N had been found to be 
widely appropriate for the clayey residual soils of South Africa. 
 
Su = 5.5N   (R2 = 0.72)  (Equation 1.1) 
 
However, the SPT:N relationship was found to vary when the specific parent rock subsets 
of data was considered independently, as detailed in Table 2.8. The soil materials derived 
from mudstone and sandstone reported similar linear relationships to Equation 1.1 (with SPT 
N multipliers of 7.0 and 6.6 respectively), which is consistent with the dominant size of the 
data subsets associated with these two (2) parent rock types in comparison to the other 
three (3) parent rock units. Figure 2.9 overlays parent rock type specific SPT N:Su 
relationships for SEQ residual soils, as per the derived relationships included in Table 2.8.  
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Table 2.8. SPT:Su Relationships derived for residual soils of SEQ 
Parent Rock Material n Relationship Correlation 
All residual soil data 128 Su = 5.5N R2 = 0.72 
Mudstone Soils 41 Su = 7.0N R2 = 0.85 
Sandstone Soils 40 Su = 6.6N R2 = 0.76 
Greywacke Soils 9 Su = 8.0N R2 = 0.93 
Phyllite Soils 9 Su = 4.2N R2 = 0.87 
Tuff Soils 12 Su = 2.8N R2 = 0.59 
  
 
Figure 2.9. Linear correlation of SPT with shear strength (Su), categorised by parent rock 
 
Although a linear relationship was produced to relate SPT N and Su values for the residual 
soils weathered from greywacke, phyllite and truff rock units, the limited number of 
datapoints (n ≤ 12 for each dataset) means the result should be applied with caution. When 
the linear regression line was not forced through origin, the corresponding R2 fell to below 
0.1 for both the phyllite and tuff rock units. By removal of identified outliers and visual 
inspection of the data, it was further ascertained that the Su of such residual soils could be 
viewed as being largely independent of SPT N or sample depth. Accordingly, the use of a 
constant Su value was considered more appropriate for these materials. Figure 2.10 
presents the constant shear strength values considered appropriate for characterisation of 
phyllite (Su = 125kPa) and tuff (Su = 100kPa) derived soils respectively, overlain with the 
small dataset associated with each parent rock type (n = 9 and 14 respectively). 
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(a)             (b) 
Figure 2.10. Su and SPT N relationship, with Su shown to be largely independent of SPT N 
for soils derived from (a) phyllite and (b) tuff. 
 
The limited SPT and Su test results associated with greywacke as the parent rock material 
(n = 14, from 3 separate SEQ sites) appear, when plotted, to be closely grouped and fall 
between the two (2) previously presented scenarios for Su estimation; either (a) by 
relationship with SPT N by a constant linear multiplier; or (b) by the adoption of a constant 
Su, independent of SPT N. As such, the compiled data suggest residual soil derived from 
greywacke rock material could be characterised either by a SPT:Su linear multiplier of 8.0, 
or by the adoption of a constant Su estimate of 110 kPa. 
 
Both SPT N value and shear strength were also correlated with the depth of test to assess 
the hypothesis that residual soil strength could be expected to generally increase with depth 
(as is often assumed in geotechnical design). Inspection of the produced SPT N variation 
with depth for greywacke derived soil material yielded a highly correlated result, whereby 
the SPT N value was relatively constant (N = 10 to 15) until a depth of approximately 8 m 
was penetrated. Below this depth the SPT N value increased markedly with further increases 
in depth, as shown in Figure 2.11(a). This trend may be due to the increasing influence of 
remnant rock structure within the residual soil skeleton, and is similar to the influence that 
overburden pressure has upon the SPT N for granular materials. 
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          (a)                            (b) 
Figure 2.11. SPT vs. depth for greywacke derived residual soils; (a) Uncorrected SPT N0 
values and (b) corrected SPT N0 (corrected for overburden stress) plotted against depth. 
 
A depth correction is not routinely applied to SPTs completed in for non-granular soils, and 
a comprehensive study into the appropriateness of applying overburden correction factors 
to SPT results in residual clay soils was beyond the scope of this project. However, as 
presented in Figure 2.11(b), the application of a typical overburden correction factor (e.g. 
Skempton, 1986) to the greywacke SPT results produced corrected (N0) values distributed 
approximately evenly around N0 = 13. This result suggests that for residual soils derived 
from greywacke in SEQ, SPT N values (and, similarly, Su), may be largely independent of 
depth, as per the findings of the SPT:Su relationship fitting for phyllite and tuff derived 
residual soils. 
 
2.8. Conclusions 
 
This chapter has defined the ‘residual profile’ and identified and defined the components of 
a typical weathering (soil and rock) profile into ‘residual soils’ and ‘weak rock’ phases. A 
comparison between the definitions adopted for this research project and that previously 
used by others has been made. 
 
Details regarding the formation of, and material characteristics specific to, residual soils has 
been presented and comparison to those associated transported soils. This comparison 
highlighted that some material properties, including strength and deformation parameters, 
were based on relict rock structure and fragile particle bonds present within residual soil. 
Accordingly, existing literature has highlighted limitations on testing residual soils via 
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methodologies developed for transported soils and the likelihood that disturbance 
associated with material sampling and laboratory testing may affect the physical properties 
of the soil. Thus, this has demonstrated a preference to adequately investigate and 
characterise residual soils in their insitu state, and identified the need for this project to trial 
and validation of insitu techniques. 
 
The general literature review included in this chapter also identified the region-specific 
nature of residual soils, and that the two (2) most important factors influencing the production 
of ‘residual soils’ in SEQ have previously been identified as (a) parent rock type and (b) local 
topography. Common residual soil materials produced within SEQ based on these factors 
have were identified, and their distribution mapped across the SEQ region. The prevalence 
of residual soil materials (in comparison to transported soils), and residual soils that are 
expected to have a significant component of ‘gravel’ or fragments of weathered parent rock 
material was demonstrated by classification of previous geological mapping of the parent 
rock types throughout the SEQ study region.  
 
A review of the typical laboratory and insitu tests historically completed upon SEQ residual 
soils has been presented. From this, high variability within test results was identified, along 
with the demonstration that generic empirical relationships frequently adopted by the 
geotechnical industry were not applicable to all types of SEQ residual soils. A review of 
historical records of site investigations and laboratory testing results confirmed the 
heterogeneity present across the residual soil profiles present within SEQ, and that site- and 
material-specific testing is warranted for appropriate characterisation of such soils. The 
analysis of historical testing of residual soils in SEQ also demonstrated that parent rock 
material from which the soil was derived considerably influences the parameters exhibited 
by the weathered material. 
 
Accordingly, this chapter has identified the validity for the completion of further research into 
techniques that may more effectively investigate the various phases of a residual soil and 
weathered rock profile, in order to provide specific guidance on the strength and deformation 
parameters associated with SEQ residual materials. 
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3. CHAPTER 3. Insitu Modulus Testing – Comparison between traditional 
and innovative field test methods 
3.1. Introduction 
 
Chapters 3 through 7 of this thesis document a number of site investigations and 
comparative field studies that have utilised innovative field testing equipment capable of 
quickly providing estimates of the insitu composite modulus of the near-surface materials, 
namely the Light Falling Weight Deflectometer (LFWD).  
 
The investigation of the LFWD equipment was relevant to this research project as realistic 
assessment of deformation parameters are key to producing representative modelling of 
likely elastic settlements, and the incorporation of such deformations into foundation design.  
 
Traditional methods of measuring insitu modulus values based on surface testing, such as 
via Plate Load Tests (PLTs), are prohibitive due to the test duration and the associated costs 
of dedicating onsite labour and the heavy reaction force required to complete such testing.  
Instead of the completion of direct, insitu testing of deformation properties it is current 
industry practice to calculate design modulus parameters via correlation with results of other 
common site investigation or laboratory tests (e.g. Dynamic Cone Penetrometer (DCP) or 
California Bearing Ratio (CBR) results).  
 
Similarly, Quality Assurance (QA) testing during the construction phase of civil engineering 
projects utilises the measurement of insitu density and moisture content parameters in 
preference to direct deformation testing. Reported as percentages of MDD and OMC the 
achievement of specified target values are assumed to provide evidence of conformance 
with the adopted design stiffness parameters. These test procedures, rather than the direct, 
insitu measurement of modulus parameters to confirm design stiffness values, are adopted 
due to the ease, cost and speed of the completion of such tests in comparison to PLTs and 
other direct modulus tests. 
 
The limitation of these commonly adopted indirect tests are that they are largely penetration 
and index tests, not physical deformation tests. Accordingly, they do not directly measure 
the deformation response of a material, under either an assumed or measured load 
magnitude, and thus have no direct relationship to a materials’ modulus property. As such, 
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the use of generic correlations to convert results obtained from such non-deformation tests 
to calculate an insitu deformation parameters (e.g. Young’s Modulus, E) should be further 
investigated or confirmed on a project and site specific basis. 
 
Moreover, the presence of coarse material within the subsurface soil profile (e.g. gravels, 
core stones or fragments of weathered parent rock materials) is common within residual soil 
materials present within SEQ, as previously identified in Chapter 2. The penetration tests 
(e.g. pocket penetrometer, DCP or Standard Penetration Test, SPT) typically completed 
within such materials will often ‘refuse’ – exceed the limits of the applicable standard test 
methods – or produce over-estimates of the real ‘characteristic’ result (due to penetration 
equipment bouncing on the coarse materials). The subsequent use of these results with 
generic equations to calculate modulus parameters will produce stiffness parameters that 
also reflect any error present within the penetration test value. This may be in the form of 
either an under-estimation of the true value due to penetration test ‘refusal’ (exceed 
maximum test value), or over-estimation of true value (due to encountering coarse 
component). 
 
The PLT, like the LFWD, is a surface based test, and provides a composite modulus 
parameter based on a load / deflection response. As per the PLT, the LFWD is limited to the 
assessment of the near surface profile. The LFWD overcomes the identified limitations of 
common testing techniques as it is a comparatively quick, surface based test that directly 
measures the insitu deformation behaviour of the subsurface (modulus parameter). As the 
equipment produces a ‘composite’ modulus parameter, the LFWD accounts for the 
contribution of any coarse component and relict structure present within the tested material 
to its insitu deformation behaviour. Similarly, as the LFWD is not a penetration test, it is 
suited to the testing materials that have significant coarse component. 
 
Appendix A provides further detail and background regarding the definition of various 
modulii, material parameters that affect modulus, and typical methods of laboratory and 
insitu modulus determination. 
 
3.2. Rationale and details of LFWD studies completed 
 
A  study  involving  the  survey  of  numerous  US  State Departments  of  Transport  
(Puppala,  2008)  indicated  that  it  is  well  reported  that  stiffness / deformation parameters, 
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surveyed in the  form  of  a  resilient  modulus  value (MR),  are considered to be a  better 
design  parameter  for  incorporation  into  pavement  design than the indirect parameters 
currently utilised. However, the lack of a standardised, or simple, field or laboratory test to 
determine a modulus (E) value for construction materials prevents it wide adoption. The 
same survey also found that the lack of existing correlations between equivalent stiffness 
parameters and other, more common, material  design  parameters  resulted in the existing 
strength based design process (i.e. CBR  E correlation) remaining the preferred design 
method among those surveyed.  
 
Accordingly, a portion of this thesis investigates and details aspects of a cheap and time 
effective direct measurement of the field stiffness parameter (Young’s Modulus, E), namely 
a dynamic (quasi-static) plate load test – the Light Falling Weight Deflectometer (LFWD).  
 
The LFWD is a relatively new, commercially available tool for insitu modulus estimation, 
having been first introduced in Denmark in the 1990’s. With no applicable Australian 
Standard detailing the use and interpretation of the LFWD results, one must first compare it 
with established measures of insitu modulus. Foreign standards (e.g. ASTM E2583-2011) 
provide some guidance on LFWD test methodology and can be considered an applicable 
test standard to LFWD testing methodology, but provides little guidance on the 
‘interpretation’ of the LFWD results in comparison to other methods of insitu modulus 
measurement.  
 
The studies utilising the LFWD completed for this research project are considered to be the 
first tests completed using the LFWD in the state of Queensland, Australia. Accordingly, 
comparative testing studies were required to be initially completed such that confidence 
could be gained in the output modulus values provided by the LFWD equipment.  
 
Chapters 3 through 7 of this thesis largely detail the comparative studies conducted between 
the insitu modulus values determined by the dynamic LFWD and other traditional, and 
‘industry accepted’, field testing techniques. These studies assess the sensitivity, suitability, 
advantages and limitations of the LFWD equipment in providing estimates of insitu 
composite modulus values, and present derived correlations between the moduli values 
determined by the LFWD and other testing techniques. 
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Specifically, this chapter (Chapter 3) focuses on the comparative insitu modulus (E) values 
derived from a series of side-by-side tests completed that employed the static Plate Load 
Test (PLT) and the LFWD. These tests were completed in order to provide a comparison 
between the directly measured, insitu modulus values obtained by the completion of an 
accepted (traditional) testing methodology (PLT) and equipment developed comparatively 
recently (LFWD). 
 
Chapter 4 of this thesis document compares the LFWD with the Dynamic Cone 
Penetrometer (DCP) test. The DCP test is often used as the preferred method of assessing 
field penetration resistance, and the results subsequently used for to estimate California 
Bearing Ratio (CBR) values and insitu modulus parameters. As a penetration test the DCP 
can extend deeper into the subsurface profile than surface based tests – up to 6m depth – 
and complements the surface based tests (LFWD or PLT) which are limited to making near 
surface measurements.  
 
Chapter 5 furthers the LFWD and DCP comparison, by investigating and assessing the 
inherent variation associated with both the LFWD and DCP tests. 
 
Whereas Chapters 3 and 4 benchmark the LFWD operation and correlation with other 
common field tests, Chapter 7 documents a study undertaken to assess the variation of the 
insitu modulus reported by the LFWD based on the proportion of the comparatively finer 
component of a gravel material. This study was undertaken to assess the influence that the 
gravel and/or comparatively finer content within an otherwise uniform material would have 
on the material’s modulus value. Additionally, this study assessed if the LFWD equipment 
was suitably sensitive to measure such a change in the modulus parameter. 
 
3.3. Objectives of PLT versus LFWD study 
 
The PLT is an industry accepted technique to measure insitu modulus parameters, albeit it 
with the identified drawbacks of the time taken to complete the test and the requirement for 
the provision of an external resisting load. By demonstration of a correlation of the LFWD 
derived modulus with PLT results, confidence in the applicability / use of the LFWD for 
project application can be provided. 
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Three (3) specific studies in which insitu values derived from immediately adjacent PLT and 
LFWD tests are described in this chapter. The fieldwork involved for two (2) of the sites was 
completed by the author, whilst the fieldwork collection of data for the third site (Wandoan 
site) was completed by others, under direction from the author. The analysis and comparison 
of all data for all three (3) locations tested was completed by the author. 
 
3.4. Equipment used in this study 
 
The comparative testing completed in this study was completed using a rigid-plate static 
Plate Load Test (PLT) and a specific brand of Light Falling Weight Deflectometer (LFWD) 
equipment. The equipment and theory of the determination of insitu moduli from the 
measurements made by each test method are detailed within the following subsections.  
 
3.4.1. Light Falling Weight Deflectometer (LFWD) 
 
For this study, insitu testing to determine the Young’s Modulus of the composite material via 
use of an LFWD was completed via the use of a Prima 100, a commercially available LFWD 
manufactured by Grontmij A/S, a Danish based manufacturer.  
 
This instrument, as shown in Figure 3.1, is a ‘quasi-static’ plate load test, in which a sliding 
10kg weight is manually raised upon a guide rod and dropped onto a rigid base plate 
instrumented with a load cell and velocity transducer. A load pulse is generated when the 
weight is dropped upon the rubber dampers, which passes through the rigid plate and into 
the ground as a uniform stress. The load cell and deflectometer measure the imparted force 
and deflection of the ground below the centre of the plate respectively. 
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(a)       (b) 
Figure 3.1. Prima 100 LFWD; (a) during fieldwork and (b) in cross-section (after Fleming 
et. al., 2007) 
 
As both force and deflection values are measured over the duration of the load pulse, the 
composite Young’s Modulus (ΕLFWD) over the zone of test influence can thus be derived by 
the classic static elastic theory (Boussinesq elastic half-space) equation, as shown in 
Equation 3.1: 
 
ΕLFWD = [A x P x R x (1 – 2)] / d0     (Equation 3.1) 
 
Where:    
ΕLFWD = Insitu modulus parameter, as reported by LFWD 
A = Plate rigidity factor (π/2 for rigid plate)   
P = Maximum Contact Pressure   
R = Radius of plate      
 = Poisson’s Ratio 
d0 = Peak deflection 
 
It is estimated that the Coefficient of Variation (CoV) of the calculated ELFWD value for 
granular materials is approximately 15%, based on work published by Fleming et. al. (2009) 
and the estimation of repeatability from the data collected by the studies detailed within this 
thesis. This CoV value includes equipment, procedural, operator and material variability, 
and compares favourably to traditional testing techniques, such as CBR testing (17 to 58%, 
as reported by Lee et. al., 1983) or field penetration tests such as the Dynamic Cone 
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Penetrometer Test (DCP) and Standard Penetration Test (SPT) (both >50%, as reported by 
Mellish et. al., 2014 and Phoon and Kulhawy, 1999 respectively). 
 
Previously identified limitations relating to use of static elastic theory for interpretation of 
LFWD results (which is a semi- dynamic test) are detailed in Fleming et. al. (2007, 2009), 
and include a phase lag between the timing of the observed peak force and maximum 
deflection values. 
 
Further aspects relating to the validity of use of the LFWD, including the stress and strain 
response of the test, are detailed in Section 3.5. The standardised method adopted by this 
research project relating to the interpretation of the measured insitu modulus parameter 
(ELFWD) is detailed in Section 3.7. 
 
3.4.2. Plate Load Test (PLT) 
 
The static PLT involves the compression loading of a material via the use of a steel plate, 
hydraulic jack and reaction load (Figure 3.2). The resulting deflection of the loaded surface 
is monitored by a number of dial gauges placed around the plate, producing an average 
plate settlement for each load increment and an overall load-deformation curve. The load is 
generally applied and unloaded over a number of cycles, such that the ground response to 
initial (i) and reloading (R) stresses can be identified. 
 
           
(a)       (b) 
Figure 3.2. Plate Load Test equipment setup. (a) Equipment and required reaction load; 
and (b) concepts of PLT, showing load / settlement variables typically recorded during test. 
 
The composite elastic modulus (E) value over the PLT’s zone of influence, accepted at 
twice the rigid plate diameter (2D), can thus be derived by use of Equation 3.2. 
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E = Ks x D x (1 – 2)     (Equation 3.2)  
Where:    
Ks = Subgrade Modulus, derived from gradient of stress / settlement curve from 
loading cycles      
  = Poisson’s Ratio     D = Diameter of Rigid Plate 
 
Figure 3.3 presents a typical trace of stress / deformation obtained from a PLT test, and 
provides a conceptual definition of the PLT derived insitu modulus values calculated from 
the stress / deformation response observed during either the initial (EPLT(i)) or reloading 
cycles (EPLT(R2)) of a PLT test.  
 
Additional definition of moduli calculated during the completion of the current comparative 
LFWD and PLT study are included in Section 3.9.3.1, with further discussion of the moduli 
parameter included in Appendix A. 
 
Figure 3.3. Typical stress / deformation curve from Plate Load Test, annotated with 
definition of initial (i) and reloading (R2) insitu moduli (EPLT). 
 
3.5. Validity of use of LFWD equipment for site characterisation 
3.5.1. Strain Magnitude 
 
A modulus parameter depends on both the stress and strain condition at which it is tested. 
Generally, if a constant stress magnitude is applied, the modulus will reduce as the strain 
magnitude is increased (Figure 3.4). As further described in Appendix A of this document, 
previous researchers have derived ‘modulus degradation curves’ that relate the modulus 
reduction based on the imparted strain level. 
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Figure 3.4. Modulus Degradation Curve – comparative rate of modulus reduction based on 
shear strain imparted during testing, shown both for static and cyclical loading (after 
Mayne, 2001). 
 
Previous work investigating the strain magnitudes induced during LFWD testing has been 
completed by only a small number of researchers, with the majority of literature neglecting 
this specific issue. Mooney et. al. (2007) and Mooney and Miller (2009) assessed the strain 
levels imparted by the LFWD by installing Linear Variable Differential Transformer (LVDT) 
strain sensors within the subsurface vertically beneath the LFWD plate. Based on this 
research, they identified that strain level was influenced by the plate diameter and, to lesser 
extents, the material type and comparatively smaller stress variation due to the varied height 
of the weight drop. Mooney et al. (2007) reported for a 300mm diameter plate, the peak 
measured strain under 8.6kN load was  = 9 x 10-4. Mooney and Miller (2009) reported peak 
strain levels of approximately  = 1x10-3 for a 300mm diameter plate and  = 1x10-2 for a 
200mm diameter plate, under the same test load conditions. 
 
Ryden and Mooney (2009) utilised an LFWD and geophone array to measure the generated 
surface waves, and also reported that the LFWD test induced strain levels greater than the 
threshold of  = 1 x 10-4 used to define the interface between ‘very small’ and ‘small’ strain. 
Ryden and Mooney (2009) correlated their strain assessment ( = 10-3 to 10-2, using a 
300mm diameter plate), to a modulus reduction of approximately 10 - 20% of the maximum 
modulus (i.e. ‘very small’ strain, E0 or Emax). 
 
The approximate location of the LFWD induced strain level is shown on Figure 3.5, overlaid 
upon a typical ‘modulus reduction curve’ (after Atkinson, 2000). The exact strain level 
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induced by any specific LFWD test would be expected to vary around these indicative 
values, dependent on the LFWD plate size (and, to a lesser extent, the test stress as 
controlled by the weight drop height), and the material type (granular or cohesive - with 
cohesive material resulting in comparatively lower strain level to granular materials, for tests 
completed under identical stress levels).  
 
 
Figure 3.5. Approximate location of strain associated with LFWD testing, based on 300mm 
and 200mm diameter plate testing  
  
As reproduced in Figure 3.6, both Sabatini et. al. (2002) and Sawangsuriya (2012) have 
identified locations upon the modulus reduction curve applicable to the strains imparted by 
(a) typical insitu test techniques and (b) various permanent structure types. The location of 
the LFWD test in comparison with these previous studies shows the LFWD can be 
considered a ‘small strain’ test, and the suitability for the direct adoption of the LFWD derived 
modulus (ELFWD) parameter for use at locations where deformation or bearing capacity 
parameters are to be determined. In comparison, the location of penetration tests – 
traditionally used to investigate SEQ residual soils – are ‘large strain’ tests and generally 
can be considered to induce significantly higher strains that applied by permanent 
structures. 
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(a)               (b) 
Figure 3.6. Variation in shear modulus with different shear strain levels annotated with 
different geoengineering applications and insitu tests. (a) from Sabatini et. al. (2004); and 
(b) from Sawangsuriya (2012). 
 
The identified approximate LFWD strain value, and the definition of the LFWD test as a 
‘small strain’ testing technique, is supported via previously studies. Direct correlations have 
been made between the moduli values determined from LFWD testing completed side-by-
side with other test methods that impart approximately similar small strain levels (10-3 <  < 
1). Such studies include correlations between the elastic moduli determined via LFWD and 
Plate Load Tests (e.g. Alshibli et. al., 2005; Seyman, 2001; Vennapusa and White, 2009); 
LFWD and Falling Weight Deflectometer, FWD, tests (e.g. Fleming et. al., 2000, 2007; and 
Nazzal et. al. 2003, 2007); and correlation between the LFWD determined moduli and the 
Resilient Moduli (MR) determined by the Repeated Load Triaxial, RLT, Tests (e.g. George, 
2006; White et. al. 2007). 
 
3.5.2. Dynamic versus Static Modulus 
 
It is noted that there would be a difference in the reported modulus based on the use of 
‘static’ or ‘dynamic’ test methods. As shown in Figure 3.4, the expected modulus value 
produced by ‘dynamic’ test methods would be greater than the equivalent modulus produced 
by ‘static’ loading; for moduli determined at equivalent test stress and strain magnitudes.  
 
This variation in modulus is due partly to the comparable rates of loading, with the slow 
loading rate of ‘static’ tests allowing (some) drained conditions to develop whilst the fast rate 
of loading associated with ‘dynamic’ tests can result only in undrained conditions. As 
undrained conditions can (potentially) generate higher pore pressures, a higher modulus 
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may result from ‘dynamic’ testing.  The LFWD modulus is also determined from averaging 
several ‘cycles’ of loading, and following a ‘seating’ effect which typically occurs for the first 
3 energy drops.  Modulus determined from a ‘static’ plate load test, for example, would not 
have as many cycles of loading.  
 
However, the applicability of the use of ‘static’ theory to interpret the ‘dynamic’ LFWD test 
has been repeated (or simply assumed) in all literature relating to LFWD testing. Achenbach 
(1999) investigated and reported that elastic theory (i.e. ‘static’ loading theory) remained 
equally applicable to ‘dynamic’ loads when the travel time for stress through the material 
under test remains significantly lower than the duration of the load pulse. For the specific 
LFWD equipment used by this study, the load pulse duration is 15 to 20 ms, whilst the lowest 
shear wave velocity applicable to soils would be approximately 175m/s. Assuming a 
maximum (conservative) ‘zone of influence’ depth of 0.45 m (1.5D for a 300mm diameter 
plate), the minimum credible travel time would be calculated to be 2.6 ms, some 5.7 to 7.7 
times lower than the LFWD’s load pulse duration. For stiffer materials, in which the shear 
wave velocity increases and thus travel times decreases, this ratio would be expected to 
increase. Accordingly, based on the work of Achenbach (1999), the application of ‘static’ 
based principles would remain valid for the interpretation of the LFWD’s ‘dynamic’ modulus. 
 
Such a finding is consistent with that reported by Adam et. al. (2009) in which, through 
extensive numerical modelling of the LFWD and PLT, found that any differences between 
moduli derived from static load testing (Plate Load Test) and dynamic plate load testing 
(LFWD) were of a “methodic nature”, and could be accounted for in standardised 
methodology applied to each test. As per expectations, Adam et. al. (2009) found that the 
modulus observed in LFWD testing (ELFWD) was greater than that observed in comparable 
Plate Load Testing (EPLT) for all situations where no strength inversions occurred within the 
tests ‘zone of influence’ in the examined subsurface. The differences between the ELFWD 
and EPLT parameters were attributed solely to the “fact that the maximum deformation lags 
behind the peak soil contact stress” (i.e. the dynamic load may not measure the full 
deflection caused by a load, thus inflating the ELFWD parameter above the corresponding 
EPLT). However, as this was determined to be a ‘controllable’ fundamental difference 
between the LFWD and PLT test, Adam et. al. (2009) confirmed the applicability of the use 
of ‘elastic’ theory for LFWD testing. 
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From the available information – both from manufacturer produced literature and 
independent research – there is a consensus that although the LFWD is a ‘dynamic’ test 
(often referred to as a ‘quasi-static’ test), the LFWD test results are directly relatable to 
elastic theory, and directly comparable to the results of other test methods that are accepted 
to measure the ‘static’ modulus parameter.  
 
As the LFWD is a ‘small-strain’ test method, and thus the modulus would be expected to 
exhibit ‘non-linear’ behaviour based on strain magnitudes induced by the test method, any 
relationship derived between the LFWD and other ‘small-strain’ test methods would be 
expected to account for (a) the different location of the moduli upon the ‘modulus 
degradation curve’; and (b) any difference in test results arising from the different duration 
of tests (i.e. ‘dynamic’ vs ‘static’ tests). This is shown conceptually in Figure 3.7, and has 
been demonstrated by previous research that successfully related EPLT to ELFWD modulus 
parameters (further detailed in Section 3.6). 
 
 
Figure 3.7. Conceptual relationship between PLT and LFWD derived modulus. Relationship 
between ‘small strain’ test methods would account for modulus variation from both strain 
magnitude variation and changes between ‘static’ and ‘dynamic’ test methods. 
 
Further evidence of the existing acceptance that the ‘dynamic’ LFWD test can be effectively 
correlated with ‘static’ test methods – as outlined herein – is provided by the adoption of the 
LFWD for QA testing within various European country’s road construction specifications. For 
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example, the German road construction standard (ZTVA-StB., 1997) and Swedish 
pavement specifications (VVR Väg., 2009) directly correlates moduli determined from the 
PLT (reload cycle, Ev2) with LFWD equipment. Similarly, the corresponding Austrian 
construction standard (ISSMGE, 2005) relates PLT (initial loading cycle, Ev1) with ELFWD, as 
long as the regression co-efficient between tests completed in a material-specific trial 
achieves a specified correlation (R2 > 0.5). 
 
3.5.3. Stress Dependency within LFWD derived modulus (ELFWD) 
 
Whilst only limited studies have considered the approximate strain level induced by the 
‘small-strain’ LFWD test, or the location of the LFWD test upon a ‘modulus degradation 
curve’, it has been extensively observed and reported that the results of LFWD test are 
‘stress-dependent’.  
 
‘Stress-dependency’ within a modulus parameter infers variation of E based on the 
magnitude of the imparted applied (deviator) stress. This also assumes that the material is 
essentially under a constant confining stress / strain (as the sample being tested by the 
LFWD is insitu, this assumption is accepted to be the case, notwithstanding the 
comparatively small change in small peak strain levels due to the variation of applied test 
stress).  
 
The extent of ‘stress dependency’ behaviour of soils (i.e. the magnitude of variation in 
calculated E values based on the varied applied magnitudes of stress) has been previously 
reported to be material specific, and largely based on the dominant soil component. This 
behaviour is similar to that observed in the MR results obtained from RLTs, for which 
Mahoney et. al. (1991) identified that for the particular soil being tested, the modulus 
parameter may increase, decrease or remain relatively steady as he applied stress 
magnitude is increased. As shown in Figure 3.8, Mahoney et. al. (1991) found that power 
relationships could be generally fitted to the relationship between modulus (E) and applied 
stress magnitude. 
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(a)               (b) 
Figure 3.8. Expected ‘stress-dependent’ behaviour and variation in modulus based on 
variation of applied test stress. (a) for granular materials and (b) for fine grained / cohesive 
soils (after Mahoney et. al., 1991) 
 
As reported in NCHRP Synthesis 676 (Mooney, 2010) the observation of modulus variation 
as a function of varying the applied force is “well established in the laboratory (e.g. Ishihara, 
1996, Andrei et al., 2004).” Modulus parameters are expected to increase as the confining 
(and thus bulk) stress is increased, whilst the same parameter would likely decrease with 
increasing shear (deviatoric) stress. For granular soils dominated by fine-grained materials 
and for all cohesive soils, the magnitude of decrease in modulus with increasing shear stress 
typically outweighs the increase in modulus due to increasing effective confining stress 
(Andrei et al., 2004). 
 
‘Stress dependency’ has been reported for the LFWD derived modulus parameter by many 
authors. As per the following sub-sections of this chapter, the expected ELFWD behaviour – 
specifically the ‘stress-dependency’ behaviour – has been previously identified for LFWD 
tests completed both with (a) a single plate diameter (i.e. LFWD testing completed under an 
essentially constant strain magnitude); and (b) for ELFWD parameters determined from tests 
completed employing multiple plates with differing diameters (i.e. LFWD tests completed at 
varying significantly different strain magnitudes). 
 
3.5.4. LFWD Stress Dependency within Single Diameter Plate Tests  
 
By varying the weight drop of a LFWD test, and thus imparted test stress, whilst maintaining 
a constant plate diameter, it has been extensively reported that the resultant ELFWD will vary. 
This behaviour has been described for LFWD tests completed using a number of LFWD 
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equipment (different manufacturers) and over a wide range of materials (cohesive, granular, 
natural and manufactured). 
 
Sickemier et. al. (2009) utilised a 200mm plate Zorn LFWD and found that the drop height 
affected the applied force (i.e. test stress) and thus the reported modulus value. Specifically, 
it was found that for each centimetre change in weight drop height, the force imparted onto 
the plate increased by about 1.6 percent. Each centimetre increase in weight drop height 
was found to also increase the resulting modulus (ELFWD) parameter by 0.5 percent.  
 
Lambert et. al. (2006) reported that for a Prima 100 LFWD instrument fitted with a 300mm 
diameter plate a positive ‘stress dependency’ was observed when testing granular material 
(sandy gravel and granodiorite derived granular material). A power equation was fitted to 
describe the observed ‘stress dependency’ (consistent with the finding of Mahoney et. al., 
1991) and the resulting ELFWD parameter standardised to a constant test stress. From the 
data reported, Lambert et. al. (2006) found the ELFWD parameter increased by up to 36% 
and 82% for the sandy gravel and granodiorite materials respectively, as the applied test 
stress () was increased from 50 to 100kPa. 
 
Such results are consistent with Fleming et. al. (2000), who also reported a positive ‘stress-
dependency’ in ELFWD values determined using a Prima 100 LFWD fitted with a 300mm 
diameter plate. For testing completed on a silty clay material, an ELFWD increase of 9% was 
observed across a stress increase of 76% (50 < LFWD < 90kPa). For LFWD testing 
completed upon a gravelly clay capping layer, a larger (24%) stress increase was observed 
over a 110% stress increase (50 < LFWD < 106kPa). 
 
Peterson and Peterson (2006) similarly concluded that the use of LFWD resulted in moduli 
values that appeared to be “dependent on the stress applied (i.e. drop height)” for sand 
dominated materials. Within this work a normal distribution was found to apply to the ELFWD 
parameters determined by each of three (3) weight drop heights studied (25cm, 50cm, 
75cm), all completed employing a 200mm diameter plate fitted to a Prima 100 LFWD. Using 
the average ELFWD value applicable to each weight height drop (25cm, 34.7MPa; 50cm, 
45.8MPa; and 75cm, 53.9MPa) a total increase of 55% of the ELFWD parameter was 
observed across the likely 80% increase in test force associated with the varying drop 
heights utilised. An ELFWD increase of 31% was observed to occur as the weight drop height 
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was increased from 25cm to 50cm, with an additional 17% increase found to have occurred 
when the weight drop height was increased to 75cm. 
 
Venapussa and White (2009) provided a review of multiple site investigations that utilised 
LFWD equipment, and found that the variation in weight drop (termed ‘plate contact stress’) 
for a single plate diameter was a major factor that influenced the magnitude of the reported 
ELFWD. In the field studies completed by the authors upon a variety of compacted materials, 
a strong stress dependency was observed in which the ELFWD parameter increased by up to 
97% as the weight drop height was varied between 10 and 80 cm. A similar trend of stress-
dependency was observed within all results, regardless of the plate size used for LFWD 
testing. The author’s conclusion was that the rate of increase in the ELFWD parameter was 
related to the stiffness of the tested material, but that the type (brand) of LFWD equipment 
may dictate any trend in the stress-dependency relationship (i.e. comparatively stiffer 
materials show increased magnitude of ELFWD variation or vice versa).  
 
Non-positive stress-modulus relationships have also been reported in existing LFWD 
literature. Lin et. al. (2006) found that a constant modulus was determined by the Prima 100 
LFWD for a sand material, regardless of the weight drop height utilised.  Hejlesen and 
Baltzer (2008) investigated a clay material using a Prima 100 LFWD fitted with a 150mm 
diameter plate, and reported a negative and non-linear ‘stress dependency’ for the applied 
test stress range (10 < LFWD < 125kPa). Similarly, Venapussa and White (2009) 
documented a negative stress-modulus relationship similar to that identified in Figure 3.8(b) 
for a silty sand material at a single site of investigation; whereby over the range of applied 
stress (22 < LFWD < 75kPa), the ELFWD parameter reduced by 93%. 
 
3.5.5. Modulus variation of LFWD tests completed with various diameter plate tests 
 
As per the conclusions of Mooney and Miller (2009), ELFWD values determined from a smaller 
diameter plate have been consistently reported to be higher than those determined from a 
plate of large diameter (300mm). This was in agreement with previous research – Mooney 
and Miller (2009) cite Fleming (2000) and Lin et. al. (2006) – although it was noted that this 
was contrary to intuition; in which the higher test stress () and strain () that occurs under 
testing using a comparatively smaller plate should further yield the material and produce a 
comparatively lower ELFWD value as per Figure 3.4.  
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The previously reported influence of plate diameter is shown graphically in Figure 3.9 
(reproduced from experimental data as summarised by Vennapusa and White, 2009), and 
demonstrates the comparative increase in the modulus parameter as the plate diameter of 
both LFWD and PLT testing is reduced.  
 
 
Figure 3.9. Influence of plate diameter on modulus (E), with results compared to ELFWD 
determined using 300mm diameter plate (after Vennapusa and White, 2009)  
 
For studies in which LFWD testing has compared multiple sized plates, the change in the 
reported ELFWD parameter under tests utilising equivalent weight drop heights varies 
between 36 and 110%. In such studies, and as per Mooney and Miller (2009), the ELFWD 
determined by the smaller diameter (highest test stress and strain condition) was always 
found to be greater than the larger diameter plate (lower test stress and stain condition). 
Further details of relevant previous LFWD studies are included in Section 3.6 of this thesis. 
 
3.5.6. Requirement for standardisation of LFWD derived modulus (ELFWD) 
 
From the ‘stress-dependent’ behaviour exhibited by the LFWD derived modulus value, and 
the expectation that results of LFWD conducted with different plate diameters would produce 
moduli calculated at significantly different strains, it is apparent that the standardisation of 
the LFWD test procedure and interpretation of results is required. 
 
International Standards (e.g. ASTM E2835-11 and ASTM E2583-07) have previously been 
developed for the standardisation of the LFWD test methodology, with the different ASTM 
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standard applying to the different variants of the commercially available LFWD equipment 
based on the inclusion and accuracy of a load cell and location of the deflectometer. 
Vennapusa and White (2009) and Stamp and Mooney (2013) present a comprehensive 
review of the differences between commercial available LFWD and the applicable 
standards. However, although such documents standardise the number of weight drops 
applied, they include limited guidance regarding the need for standardisation of the test 
stress applied, interpretation of results and the reporting of LFWD modulus (ELFWD) 
parameter at a standard test stress. 
 
Fleming (2003, 2007) has previously identified that the calculated ELFWD value is largely 
meaningless unless also reported with the pressure at which was determined, and stated 
the need for the LFWD derived modulus to be reported with both the plate diameter and test 
stress applied. This research project has adopted the recommendations of Fleming (2007) 
and identified a standard method of all LFWD test completion and the subsequent filtering 
and interpretation of the ELFWD parameter. Throughout this document all LFWD test results 
are reported to standardised test stress (100kPa or 500kPa) and the plate diameter (300mm 
or 100mm) has always being identified.  
 
Further information relating to the project specific test methodology and standardisation of 
results utilised by this research project is included in Sections 3.7 and 3.8 of this document. 
 
3.5.7. Expectations for LFWD testing completed in SEQ Residual Soils 
 
For the residual soils of SEQ considered by this study, in which the dominant materials are 
generally expected to contain a significant granular component, the increase in test stress 
(i.e. increased weight drop height or reduction in plate size) would typically result in an 
increased bulk stress and thus be expected to produce an increase in reported modulus 
value. Figure 3.10 shows this ‘typical’ relationship, as defined in Mahoney et. al. (1991), and 
correlates such behaviour with the varying stress-strain relationships created by varying the 
test stresses imparted within a single LFWD test. Figure 3.10 also shows, conceptually, that 
any ‘stress-dependency’ contained within the LFWD results is considered independent of 
the strain (). For the purposes of LFWD testing the strain is considered a constant for the 
range of stresses imparted during a test that employs a single plate diameter (regardless of 
its exact position on a ‘modulus degradation curve’). 
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Figure 3.10. Expected response of LFWD determined insitu modulus parameter for tests 
completed using a single plate diameter (resulting in approximately consistent strain 
conditions, ), and varying weight height drops to vary imparted test stress (). 
 
Accordingly, as per the information summarised within Sections 3.5.1 to 3.5.6, the expected 
variation of the ELFWD parameter behaviour as the LFWD test stress and plate size is varied 
is summarised in Figure 3.11. This conceptual figure shows linear relationships, and would 
be applicable assuming no bearing capacity failure of the tested material was induced by 
the imparted LFWD test stress. 
 
 
Figure 3.11. Expected relationship between LFWD test stress (LFWD) and determined insitu 
modulus (ELFWD) – displaying stress and strain dependent behavior based on LFWD test 
stress (weight drop) and plate diameter respectively 
 
3.5.8. Variation in LFWD Equipment Brands / Other Factors affecting ELFWD Values 
 
In addition to the factors detailed in Sections 3.5.1 to 3.5.7 – test stress, plate diameter, 
strain condition – a number of other variables have been previously identified that directly 
influence the reported ELFWD value. These variables are based on the LFWD equipment 
configuration (and thus manufacturer variations), and include: 
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 Deflection Sensor (Mounted location and Type) – The location and type of deflection 
sensor installed varies between brands of LFWD. Generally the sensor is either a 
spring-loaded geophone located in the middle of the plate and in direct contact with 
the ground surface, or an accelerometer that is built into the plate and measures 
deflection of the plate (as opposed to deflection of ground surface). 
 Material and thickness of ‘rigid’ plate – affects plate rigidity and thus the ‘plate rigidity 
factor’ adopted for the calculation of ELFWD values, as per Equation 3.1.  
 Load Transducer (Included or absent) – LFWD manufacturers either include a load 
cell for direct measurement of the imparted test stress for each weight drop, or 
exclude this equipment and simply assume the imparted load is a constant for all 
tests (i.e. weight height drop cannot be varied; no test specific record of load is made). 
 Buffers (material stiffness, type, number, temperature) – Buffers exist within all LFWD 
as a protective measure; to prevent the weight falling directly onto the remainder of 
the equipment and metal upon metal interaction.  However, their presence also 
lessens the load that is transferred through the plate and available for each LFWD 
test. The specific characteristics of the buffers (material stiffness, type, number, 
temperature) alters the extent that the full test load is imparted into the rigid plate and 
substrate. Thus differences in buffer characteristics between LFWD equipment result 
in differing ELFWD values being produced, even if identical material is being tested. 
 
Vennapusa and White (2009) summarised the various equipment variables of common, 
commercially available LFWD devices. An excerpt of their summary table is reproduced in 
Table 3.1 for four (4) commercial LFWD manufacturers, and highlights the differences in 
equipment specification that may cause significant differences in reported ELFWD values. The 
variation in LFWD equipment highlights the equipment specific nature of any correlation 
between LFWD derived insitu modulus and the results of other tests, and thus the initial 
requirement to prove the Prima 100’s capability to produce insitu modulus (E) values 
relatable to that observed in PLTs (as detailed in the reminder of this chapter). 
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Table 3.1. Typical details and differences between common LFWD equipment (after 
Vennapusa and White, 2009) 
LFWD 
Manufacturer 
Deflection Transducer  Rigid Plate 
Thickness 
(mm) 
Load Cell 
/ Max. 
Load 
Buffer 
Type Location Accuracy 
Prima 100 
(Grontmij A/S) 
Geo-
phone Ground 
±0.002mm 20 Yes /  
15.0kN 
Rubber 
(Cone) 
Kerros 
(Dynatest) 
Geo-
phone Ground 
±0.002mm 20 Yes /  
15.0kN  
Rubber 
(Flat) 
Dynatest 3031 
(Dynatest) 
Geo-
phone Ground 
±0.002mm 20 Yes /  
15.0kN 
Rubber 
(Flat) 
Zorn ZFG 
(Zorn) 
Acceler-
ometer Plate 
±0.02mm 20 – 124 No / 
7.07kN 
Steel 
Spring 
 
The LFWD used for all investigations detailed in this thesis was the Prima 100 (Gronmij A/S, 
Denmark). As per Table 3.1, the advantages of this equipment over other commercially 
available LFWD brands is (a) the presence of a load cell; and (b) the defection sensor that 
is in direct contact with the ground. The presence of a load cell means that the weight height 
can be easily varied and the calculated ELFWD of each test is based on the specific load 
measured to be imparted during that test (i.e. no assumption of imparted load magnitude). 
The inclusion of a central geophone that is in direct contact with the ground results in the 
response of the ground (and not the plate) is being measured for each LFWD test. The 
presence of these features within the Prima 100 resulted in a test specific, time-based trace 
of both load and ground deflection being obtained for each individual ‘weight drop’ 
completed for this research project (i.e. limits any assumptions). 
 
3.6. Literature Review of historical EPLT and ELFWD studies 
 
There currently appears to be a disconnect between the modulus value used for design 
purposes (Resilient Modulus, MR), and the measurement of modulus made in the field (insitu 
modulus). This is further detailed in the discussion regarding modulus definitions and testing 
techniques included in Appendix A. As previously stated, a key criticism of the currently 
employed field testing techniques is that they often indirectly estimate insitu modulus values 
in the field (e.g. via a generic correlation with penetration tests such as the DCP, or generic 
correlations with other material properties such as the California Bearing Ratio (CBR) value 
of the tested material). The DCP and CBR tests are discussed in further detail in Chapters 
4 to 6 of this document, but generally involve the measurement of penetration rate under a 
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standard load scenario. This penetration rate, reported as an index parameter, is then 
transformed into an inferred modulus parameter via the application of a (generally) non site-
specific correlation. 
 
In order to reduce this reliance on correlations via index or other material properties and to 
enable the direct measurement of the insitu (composite) modulus value of the near surface 
material profile the Light Falling Weight Deflectometer (LFWD or LWD) or Portable Falling 
Weight Deflectometer (PFWD or PWD) equipment was developed. Various versions of 
similar instruments were conceived, primarily throughout Europe in the 1990’s, such as the 
Prima 100 in Denmark (by Grontmij, formerly Carl Bro and Phenix), Zorn ZFG devices in 
Germany (by Zorn Instruments), and the TRL Foundation Tester in the UK (by Transport 
Research Laboratory, TRL). However, prior to its acceptance by geotechnical and pavement 
engineers, the modulus values produced by the LFWD must be understood and validated 
with comparison tests with other, established techniques of measuring insitu modulus 
parameters. 
 
Current industry practice of direct measurement of insitu modulus values involves the 
completion of either Plate Load Tests (PLTs) or Falling Weight Deflectometer (FWD) testing. 
FWD testing is generally completed upon long linear pavement surfaces and, due to the 
softer nature of subgrade or natural materials (in comparison to pavement materials), this 
test method is not suitable for universal application. As cited in Fleming (2003) the use of 
FWDs is often inappropriate for undisturbed (natural), subgrade or base materials as the 
lowest available FWD test load remains high compared to the stiffness of the material 
undergoing testing, and may not provide a modulus within the range of stress expected to 
be applied to the tested material once the proposed development has taken place.  
 
In addition, as the proposed end use of the LFWD in this study was primarily to be a site 
investigation tool of residual soils, the FWD is inappropriate for use as it is a trailer or truck 
mounted system. Designed principally for pavement evaluation, FWD systems are not 
suitable or cost effective to mobilise to remote or off-pavement locations, within localised 
excavations, or to a specific-site to complete only a small number of investigation locations.  
 
Due to the unsuitability of the FWD as a direct comparative tool for this aspect of the study, 
the PLT was considered the only suitable, and industry accepted, tool with which the LFWD 
could be directly compared. 
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A limited number of previous publications have attempted similar LFWD to PLT derived 
modulus comparisons. 
 
Kamiura et. al. (2000) utilised a Prima 100 LFWD and PLTs to measure the insitu modulus 
of various subgrade materials, including volcanic soil, silty sand and mechanically stabilised 
crushed stone.  This study suggested the correlation detailed in Equation 3.3 be adopted: 
 
Log (kLFWD / k30) = 0.0031 x log (kLFWD) + 1.12    (Equation 3.3) 
 
Where: 
 kLFWD = the ratio of the imparted LFWD test stress to the measured deflection at that 
stress; and 
 k30 = the ratio of imparted PLT stress onto a 300 mm diameter plate to the 
measured plate deflection at that time (i.e. bearing pressure / settlement). 
 
Kamiura et. al. (2000) also reported that the defined ratio (kLFWD / k30) varied due to the grain 
size of the material being tested, with an increased ratio being observed as the material 
grain size increased. 
 
Seyman (2001) completed a series of comparative PLT and LFWD tests utilising the Prima 
100 LFWD fitted with a 200mm diameter plate, alongside a PLT using a 200mm or 250mm 
diameter plate. The materials tested within this study included natural soil materials (silty 
and clay dominated), processed construction materials (sand, gravels, crushed rock), and 
manufactured materials (cement stabilised soil and recycled asphalt pavement). All tests 
were completed within laboratory conditions, in which a 400mm layer of the material 
undergoing evaluation was placed and compacted upon 300mm of compacted clay material. 
LFWD moduli values were determined from the calculated modulus associated from a single 
‘weight drop’ sequence, after the completion of two prior ‘seating blows’ and discarding the 
results of these test records.  
 
Seyman (2001) found that the LFWD produced highly variable insitu moduli value, with the 
Coefficient of Variation (CoV) associated with the determine ELFWD values of, on average, 
23.1% (CoV range of 1.2 to 55.1%). Upon inspection of the results published by Seyman, 
no specific material type (e.g. clay, sand, gravel), material age or compaction state appeared 
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to identifiably have consistently reported a lower or higher CoV than other material types or 
states. 
 
The direct LFWD to PLT relationship based on the tested materials was determined by a 
regression analysis, and the suggested relationships between the ELFWD and initial and 
reloading PLT values are reproduced in Equation 3.4 and Equation 3.5 respectively. 
  
EPLT(i)  = (0.907 x ELFWD-200mm) – 1.8  (R2 = 0.844)  (Equation 3.4) 
EPLT(R2) = 28.25 x e(0.006 x ELFWD-200mm)  (R2 = 0.897)   (Equation 3.5) 
 
It is noted that the weight drop height utilised for the LFWD testing was not reported by 
Seyman (2001) and it does not appear that any standardisation of the LFWD derived 
modulus was completed prior to the comparison with the EPLT values. As such, the 
correlation reported by Seyman (2001) between PLT and LFWD moduli should be viewed 
as specific to a particular, and unknown, LFWD test equipment arrangement.   
 
Nazzal (2003) completed a series of side-by-side PLT and LFWD tests over 36 different 
material arrangements, varying the tested material by origin, composition and applied 
compactive effort. Of these, 26 sites of had both PLT and LFWD tests completed at them, 
with the insitu (composite) moduli determined by these tests varying across the range of 
12.5 and 865 MPa. The equipment used for these tests was similar to that employed in the 
studies detailed within this document, namely the use of a 300mm rigid plate for the PLT 
and the use of a Prima 100 LFWD. However, no description was provided by Nazzal (2003) 
regarding the test stress at which the LFWD derived moduli reported in this thesis was 
achieved. Similarly, the plate size utilised for the completed LFWD testing was not 
specifically stated, and was only inferred to be a 200mm diameter plate from comments 
made in the discussion contained within the 2003 paper. 
 
Nazzal (2003) completed a regression analysis that directly compared the initial and 
reloading modulus of the PLT, denoted EPLT(I) and EPLT(R2) respectively, to the LFWD derived 
modulus (denoted ELFWD-200mm herein, referred to as ELFWD in Nazzal, 2003). Equations 3.6 
and 3.7 define the linear relationships reported by Nazzal (2003) for the initial and reloading 
PLT respectively.  
  
EPLT(i)  = 22.0 + 0.70 x ELFWD-200mm  (R2 = 0.92, RMSE = 36.38) (Equation 3.6) 
EPLT(R2) = 20.9 + 0.69 x ELFWD-200mm (R2 = 0.94, RMSE = 29.8)  (Equation 3.7) 
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Nazzal et. al. (2007) appear to have reported a subset of data contained within Nazzal 
(2003), and resolve the developed linear relationship between the PLT and LFWD moduli to 
the origin, rather than have a positive y-intercept. The relationship between LFWD derived 
modulus and the corresponding value for the initial and reloading PLT modulus were 
reported as Equation 3.8 and Equation 3.9 respectively. In both cases the RSME was 
lowered and the correlation coefficient (R2) increased between the 2003 and 2007 
relationships, suggesting the 2007 relationship were considered more applicable to the 
published data.  
 
EPLT(i) = 1.041 x ELFWD-200mm (R2 = 0.92, RMSE = 13.82)  (Equation 3.8) 
EPLT(R2) = 0.875 x ELFWD-200mm  (R2 = 0.97, RMSE = 13.4)   (Equation 3.9) 
 
In Nazzal et. al. (2007), the PLT and LFWD moduli were also related by a non-linear, multiple 
regression analysis. From the evaluated parameters, a best fit relationship to relate the PLT 
and LFWD modulus was determined via the additional incorporation of the material’s void 
ratio (e) and water content (wc) as secondary inputs. Using this approach, Nazzal et. al. 
(2007) were able to increase the correlation coefficient (R2) to above 0.98. 
 
Kim et. al. (2007) utilised a LFWD and directly compared the resulting insitu modulus values 
with results from corresponding PLTs. A total of 22 testing points were completed within two 
(2) road testing sites. From the results presented it was inferred that modulus values derived 
from PLTs using a 300mm diameter plate was compared to values obtained from an 
unknown commercial LFWD unit (most likely a Zorn manufactured unit) fitted with a 300mm 
diameter plate. Linear correlations between the results of the two (2) side-by-side tests were 
calculated, with the composite relationship for both tests sites reproduced in Equation 3.10. 
All PLT to LFWD relationships derived by Kim et. al. (2007) displayed a strong relationship. 
 
EPLT(i)  = 0.43 x ELFWD + 3.25   (R2 = 0.77)   (Equation 3.10) 
 
Significantly, this study acknowledged the variation of resultant insitu modulus values based 
on the height of ‘weight drop’ used (i.e. stress dependency), with the gradient of the identified 
relationship between the imparted energy and observed deflection being termed the 
‘dynamic modulus.’ 
 
As part of the work completed by the Vennapusa and White (2009), Equation 3.11 and 3.12 
were produced side-by-side PLT and LFWD testing completed upon ‘poorly graded sand 
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with silt and gravel’ materials. Both tests were completed using 300mm diameter plates, and 
a relationship of higher strength was calculated when the LFWD results were compared with 
the initial loading cycle (R2 = 0.66) than the reloading cycle (R2 = 0.40) of the PLT (n = 140). 
 
EPLT(i) =  0.63 x ELFWD-300mm     (R2 = 0.66)   (Equation 3.11) 
EPLT(R2) = 2.13 x ELFWD-300mm    (R2 = 0.40)   (Equation 3.12) 
 
Zhang (2010) reported on LFWD relationships with other test techniques, and included three 
(3) sites in which PLT were completed alongside LFWD upon pavement foundation 
(subgrade, UCS = GW) materials. For these tests a Zorn LFWD was utilised for LFWD 
testing, fitted with either a 200mm or 300mm diameter plate, and a 300mm diameter rigid 
plate was employed for the PLT tests. Two (2) loading cycles were completed for each PLTs, 
and linear regression was used to develop relationships between the moduli. As shown in 
Table 3.2, the strength of the developed correlation varied between ‘moderate’ to ‘strong’. 
  
Table 3.2. Linear relationships between PLT and LFWD tests (Zhang, 2010) 
Site 
ID 
No. of 
Tests (n) 
PLT Load 
Cycle 
EPLT and ELFWD Linear 
Relationship 
Correlation 
Coefficient (R2)
1 31 Initial (Cycle 1) EPLT(i) = 1.8 x ELFWD-200mm – 10.6 0.69 Reloading (2) EPLT(R2) = 5.1 x ELFWD-200mm + 1.2 0.70 
2 32 Initial (Cycle 1) EPLT(i) = 1.5 x ELFWD-300mm + 36.5 0.40 Reloading (2) EPLT(R2) = 5.1 x ELFWD-300mm + 78.1 0.82 
3 10 Initial (Cycle 1) EPLT(i) = 1.2 x ELFWD-200mm + 13.3 0.39 Reloading (2) EPLT(R2) = 4.6 x ELFWD-200mm – 8.3 0.36 
 
Figure 3.12 and Figure 3.13 summarise the previously defined relationships between the 
results of LFWD and PLT tests, for the initial and reloading cycles of the PLT respectively. 
The results presented within these figures have not been controlled for subsurface material 
type, the equipment brand or plate size used for LFWD testing. By inspection of Figure 3.12 
and Figure 3.13, the relationships between the insitu modulus produced by PLT and LFWD 
tests span a large range. For example, inputting the ELFWD result of 100 MPa, could return 
an EPLT(i) of between 46 and 186 MPa depending on the relationship adopted. This range 
would increase for the relationships defined that related ELFWD value to the modulus 
observed during reloading cycles of PLTs (EPLT(R2))This suggests the relationship should be 
considered equipment (brand, plate diameter, weight drop) and test material / site specific. 
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Figure 3.12. Historical published relationships relating results of LFWD testing to initial 
loading cycle of PLT test (note results not corrected for equipment / test variations) 
  
 
Figure 3.13. Historical published relationships relating results of LFWD testing to reloading 
cycles of PLT test (note results not corrected for equipment / test variations) 
 
3.7. Standardisation of LFWD post-processing methodology 
 
As detailed in Section 3.5, there was identified a need to standardise the method that the 
LFWD derived modulus (ELFWD) was calculated and presented. Standardisation of such a 
process had not been specifically documented elsewhere, and was required such that the 
expected stress– and strain–dependent behavior of the LFWD measured modulus 
parameter could be controlled and produce ELFWD values that were directly comparable. 
Section 3.7 details the post-processing completed for all LFWD tests completed by all 
studies completed for this research project 
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3.7.1. Filtering of LFWD data 
 
At all locations tested and reported within this research project, each LFWD test was 
repeated via 10 ‘weight drops’ at each vertical height tested. Three (3) or four (4) distinct 
vertical heights were used for each tested location. 
 
Data was manually reviewed and refined prior to the determination of the insitu modulus 
value as determined by the LFWD. This involved the comparison of all ‘weight drops’ 
completed for each test site and LFWD configuration, and the removal of any values 
considered to be outliers or erroneous. The rules applied to this data refinement were in 
general accordance with IAN 73/06 (2009), and were completed as follows: 
 
 Data Inspection – Data was initially inspected for any data that indicated the weight 
had not being dropped from the full test height (i.e. records that indicated a ‘rebound’ 
or weight ‘bounce’ from the preceding test). 
 Removal of ‘Seating Blows’ – ‘Seating blows’ were removed from the data set, 
defined as (up to) the first three ‘weight drops’ for any particular LFWD configuration, 
if the dataset’s maximum or minimum value were observed within these records. For 
instance, if the third record was the minimum value for the dataset, the first three 
records were all considered to be ‘seating blows’ and removed from subsequent 
analysis. Similarly, if the first three records calculated the three highest modulus 
values based on the recorded deflection and load, all three would be removed from 
the dataset. This is in general agreement with the data review process proposed by 
Fleming et. al. (2007), but did not automatically exclude all three of the first ‘weight 
drop’ records. 
 Removal of Outliers – Outliers were defined as modulus values that were more than 
1.5 times the interquartile range below or above the 1st and 3rd quartile values 
respectively, as calculated after the removal of the identified ‘seating blows’.  
 Outside Equipment Calibration Range – Results that indicated the test occurred 
outside the calibrated range of the LFWD instrument were removed. In the case of 
the Prima 100 LFWD utilised in these studies, the equipment is rated to measure 
deflections between 50 and 2200m.   
 Data Integrity Review – Any other records that indicated within the record a significant 
departure from the remaining records (e.g. extremely low deflection or extremely high 
Chapter 3                                            Insitu Modulus Testing – PLT and LFWD comparison 
 
– 72 – 
imparted load) were also reviewed on an individual basis, and evaluated for inclusion 
of the subsequent calculation of the ELFWD value.  
 
After the identification and removal of the non-conforming individual LFWD records, the 
individual ELFWD values applicable to each ‘weight drop’ were then averaged to produce a 
single ELFWD value applicable to the LFWD configuration and test location. At this time the 
CoV was also calculated for the filtered dataset. This procedure is consistent with that 
suggested by Fleming et. al. (2007). 
  
3.7.2. Standardisation of LFWD value reporting 
 
As identified by Fleming et. al. (2002), the calculated ELFWD value is largely meaningless 
unless also reported with the pressure at which was determined. As modulus values are 
produced at a particular stress and strain level, variation of the applied load (i.e. LFWD drop 
height) or rigid plate diameter utilised for the test would vary the imparted pressure of the 
test and thus alter the stress / strain of the completed test. 
 
Accordingly, Fleming et. al. (2007) recommended that moduli values determined from LFWD 
testing of subgrade and natural materials should be reported at a standard 100kPa pressure 
(ELFWD-100kPa). For tests completed upon pavement materials, Fleming et. al. (2000) 
recommend LFWD testing be completed about the 200kPa pressure threshold, and the 
reporting of ELFWD values at this pressure (ELFWD-200kPa). 
 
For all LFWD tests completed as part of this study, a number of ‘weight drop’ heights were 
completed at each tested location. Exact variations are described on an individual project 
basis throughout the thesis, but for each tested location a number of ELFWD values were 
resolved; one (1) for each ‘weight drop’ height. A typical result of the expected load variation 
was shown in Figure 3.11, and demonstrated that the calculated ELFWD modulus values 
could vary significantly over the tested range (due to the variation in test stress and strain 
condition previously explained in Section 3.5). 
 
For each of the LFWD tests completed, once the results were initially inspected and 
processed as per the methodology presented in Section 3.7.1, the linear relationship of 
calculated moduli values could be determined. This relationship was isolated and used to 
calculate a standardised modulus value that was covered by the range of pressures applied 
Chapter 3                                            Insitu Modulus Testing – PLT and LFWD comparison 
 
– 73 – 
during the LFWD testing. For LFWD tests completed using a 300mm diameter plate the 
imparted test stress ranged between approximately 40kPa and 120kPa (depending on 
height of ‘weight drop’), and the standardised moduli value adopted was the 100kPa test 
stress (ELFWD-100kPa) as per the recommendations of Fleming et. al. (2007). For LFWD tests 
completed using a 100mm diameter plate, typical imparted stresses ranged between 
300kPa and 800kPa and a higher test stress was utilised as the standardised value, namely 
500kPa (i.e. ELFWD-500kPa values derived). 
 
This process of modulus standardisation based on the individual ELFWD values calculated for 
a specific test arrangement is detailed in Figure 3.15, and shows the plotting of the data 
points, fitting of a linear relationship and subsequent interpolation of the equivalent ELFWD at 
a test stress of 100kPa (ELFWD-100kPa). Note, when applicable, a power function could also be 
used for this curve fitting process. 
 
 
Figure 3.15. Process of LFWD interpretation, showing major steps taken to determine 
standardised modulus value at 100kPa test state (ELFWD-100kPa) from field recordings 
   
3.8. Site 1 – Chapel Hill Site 
3.8.1. Introduction 
 
A control test pad was constructed for the specific task of the evaluation of the LFWD 
equipment used in this study. As part of this evaluation, side-by-side PLT and LFWD tests 
were completed upon uniform gravel (GP) materials.  
 
The location of the test site was in Chapel Hill, a suburb of Brisbane, Queensland. The test 
pad was constructed by the excavation of approximately 200mm of recently placed residual 
Sandy Clayey Gravel (GW) fill material.  This underlying ‘weak’ material was chosen due to 
both limitations associated with the available reaction load (1 to 5T) for use with the PLTs, 
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and to provide a distinct difference of material modulus between the placed and insitu 
materials, such that the influence of a weak material beneath a comparatively strong 
material could be identified in the testing results and the depth of influence of the completed 
tests be determined. 
 
Appendix B.1 provides photos of the insitu testing completed at this site. 
 
3.8.2. Methodology 
 
Prior to the commencement of testing of placed gravel materials, both a PLT and LFWD test 
was completed at the base of the test pad. All testing was completed in general accordance 
with standard methodologies (PLT – ASTM D-1196; and LFWD – ASTM E-2835-11). 
 
In the two (2) full iterations of testing completed upon placed gravel material, a uniform 
thickness of gravel material was placed upon the prepared pad and the insitu modulus (Ε) 
parameter determined via both PLT and LFWD testing – parameters denoted EPLT and ELFWD 
respectively. Two (2) sizes of uniformly graded river gravels were tested, with nominal gravel 
diameters of 5mm and 20mm diameter, whilst the thickness of the placed gravel was 
incrementally increased in 100mm intervals up to a total thickness of 400mm. 
 
The PLTs completed all utilised a 150mm diameter plate, whilst LFWD testing was 
completed with both 100mm and 300mm diameter rigid plates to investigate any effect that 
plate size had on calculated moduli values. Each LFWD test involved the completion of at 
least 10 weight drops from three (3) standardised drop heights – 210mm, 420mm and 
630mm – in order to investigate differences within calculated moduli values with imparted 
energy variation.  The completed test variations, completed for each gravel material and at 
each placed gravel thickness, are shown in Figure 3.16. 
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Figure 3.16. Flow chart showing variables of PLT and LFWD testing completed at Site 1, 
and the various modulus values determined from the completed testing schedule.  
 
Although levelling of the pad was undertaken prior to each test to ensure appropriate seating 
of the test equipment was achieved, no other compaction of the placed gravel materials was 
undertaken prior to testing. This was due to the test limitation of the available reaction source 
– a loaded light vehicle, providing a maximum reaction force of approximately 15kN, 
equivalent to ~850kPa pressure on a 150mm diameter plate – the capacity of which would 
have likely been exceeded if compaction of material prior to testing had occurred. 
 
After each completed test, the gravel within the anticipated zone of influence (2D) was 
removed and re-laid in order to remove any compactive effort that may have been applied 
to the gravel during the preceding test and resulted in material consolidation. The depth of 
permanent deformation due to the load test (footprint depression) was also measured at the 
completion of each test. 
 
PLTs completed at this site involved the completion of three (3) loading / unloading cycles 
of a 150mm diameter steel plate, monitored by three (3) spring-loaded gauges to measure 
settlement throughout the test. 
 
Interpretation of the PLT and LFWD test results produced equivalent modulus values via the 
previously presented rigid plate / Boussinesq elastic theory equation (Equation 3.1), with an 
assumed Poisson’s Ratio () value of 0.35. As this  value was consistently adopted for all 
PLT and LFWD tests completed at this site, further testing to determine the Poisson’s ratio 
of each material was considered unwarranted. The respective equations (Equations 3.1 and 
3.2) used to determine the insitu E values for both the PLT and LFWD test results utilise the 
 in a similar manner, and thus the use of a constant Poisson’s Ratio value results in a 
variable being effectively removed from both formulas.  
Light Falling Weight Deflectometer (LFWD)
100mm Dia. Plate 300mm Dia. Plate
Repeated Load Drops Repeated Load Drops
LFWD Modulus
applicable to
(X)kPa Load
Standardised
LFWD Modulus
at 500kPa Load
ELFWD-100mm, (X)kPa ELFWD-300mm, 100kPa
Multiple Loading /
Unloading Cycles
EPLT(R2)EPLT(i) ELFWD-100mm, 500kPa
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Although a rigid plate factor of π/2 was adopted for the PLTs completed for this test, it could 
be argued that a more appropriate value would be 2 to 8/3. This would represent a uniform 
or parabolic stress distribution state, rather than the inverse parabolic stress distribution 
normally assumed (refer Vennapusa (2008) and Vennapusa and White (2009) for further 
discussion regarding the selection of this factor). A change from a π/2 value to the use of 2 
would, for the 150mm plate used in this investigation, increase the EPLT values consistently 
by 27%, whilst adopting a rigid plate factor of 8/3 would increase all EPLT values by 70% 
above those calculated with the π/2 factor). 
 
3.8.3. Results 
3.8.3.1. Plate Load Test (PLT) Results 
 
The test results obtained from the completed PLTs, all employing a 150mm diameter rigid 
plate, are presented in Table 3.3 (initial loading modulus, EPLT(i)) and Table 3.4 (reloading 
moduli EPLT(R2) and EPLT(R3)). The raw results of pressure versus deformation observed for 
all PLTs are detailed in Appendix C. As E values are stress / deformation specific, both the 
modulus of subgrade reaction, ks (gradient of the stress / deformation tangent) and 
maximum test stress to which each calculated E value is applicable is also presented in 
these tables (as shown in Figure 3.14). 
 
Table 3.3. Insitu initial loading modulus values (EPLT(i)) determined by use of PLT –  
150mm diameter plate, Site 1 
Gravel 
Diameter 
Gravel 
Depth 
Initial Loading (Cycle 1) 
Max Stress (kPa) Ks EPLT(i)  (MPa) 
Pit Base 0mm 396 136.2 14.1 
5mm 
100mm 622 71.9 7.4 
200mm 430 203.6 21.0 
300mm 453 68.7 7.1 
400mm 402 75.3 7.8 
20mm 
100mm 758 165.1 17.1 
200mm 730 85.5 8.8 
300mm 656 90.5 9.36 
400mm 736 151 15.6 
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Table 3.4. Insitu re-loading modulus values (EPLT(RX)) determined by use of PLT – 150mm 
diameter plate, Site 1 
Gravel 
Diameter 
Gravel 
Depth 
Reloading Cycle (Cycle 2) Reloading Cycle 2 (Cycle 3) 
Max Stress 
(kPa) Ks 
EPLT(R2) 
(MPa) 
Max Stress 
(kPa) Ks 
EPLT(R3) 
(MPa) 
Pit Base 0mm 396 205.2 21.2 396 253.9 26.3 
5mm 
100mm 487 156.8 16.2 447 237.6 24.6 
200mm 453 138.8 14.4 509 366.8 37.9 
300mm 430 222.1 23.0 453 354.6 36.7 
400mm 464 338.7 35.0 458 418.0 43.2 
20mm 
100mm 730 255.8 26.4 730 305.4 31.6 
200mm 849 290.0 30.0 804 433.6 44.8 
300mm 679 424.4 43.9 696 423.1 43.7 
400mm 662 573.5 59.3 560 731.8 75.7 
 
Table 3.5 details the various moduli values observed at the 100kPa stress level for each 
load cycle of each completed PLT test. As the lowest pressure applied to each PLT load 
cycle was greater than 100kPa for all tests completed at this site, the initial, secant and 
tangential moduli values are identical at the standardised 100kPa values. 
 
Table 3.5. Standardised insitu modulus values for 100kPa pressure – PLT using 150mm 
diameter plate, Site 1 
Gravel 
Diameter 
Gravel 
Depth 
Insitu Modulus at 100kPa pressure (EPLT-100kPa, MPa) 
Initial Loading 
Cycle 
Reloading Cycle 
(Cycle 2) 
Reloading Cycle 2 
(Cycle 3) 
Pit Base 0mm 14.1 81.3 142.7 
5mm 
100mm 8.3 37.7 70.5 
200mm 21.0 24.9 56.8 
300mm 7.1 74.4 51.6 
400mm 7.8 39.3 199.4 
20mm 
100mm 17.1 32.3 35.1 
200mm 9.1 65.0 190.8 
300mm 112.5 141.5 72.2 
400mm 15.6 59.3 75.7 
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In addition to the initial and reloading moduli, additional tangential, secant and Ev2 moduli 
were derived for each PLT, which corresponded to the loading stress to which the LFWD 
results were to be standardised (i.e. 100kPa and 500kPa stress levels for 300mm and 
100mm diameter plate LFWD tests respectively). The definition of all the moduli values 
considered by this study are shown diagrammatically in Figure 3.17, with further information 
detailing the various modulus definitions included in Appendix A. 
   
 
(a)            (b) 
Figure 3.17. Definition of various moduli derived by PLTs in this research project. (a) Initial 
loading and tangential moduli; and (b) Secant modulus and EV1, EV2 moduli (top 50% of 
range of test stress). 
  
Table 3.6 details the various moduli values observed at the 500kPa stress level for each 
load cycle of each completed PLT test. Secant, tangential and Ev2 moduli values have been 
derived for each test and load cycle. Note that for a portion of the completed PLTs, an 
applied pressure of 500kPa was not achieved for each load cycle, and thus the equivalent 
500kPa deformation value has been derived via linear extrapolation from the nearest two 
(2) data points.  
 
 
 
Chapter 3                                            Insitu Modulus Testing – PLT and LFWD comparison 
 
– 79 – 
Table 3.6. Standardised insitu modulus values for 500kPa pressure – PLT using 150mm 
diameter plate, Site 1 
Gravel 
Diameter 
Gravel 
Depth 
Insitu Modulus at 500kPa pressure (EPLT-500kPa, MPa) 
(Tangential / Secant / Ev2 Moduli Values) 
Initial Loading 
Cycle 
Reloading Cycle 
(Cycle 2) 
Reloading Cycle 2 
(Cycle 3) 
Pit Base 0mm 0.7 / 1.5 / 0.7 7.5 / 15.3 / 7.5 8.6 / 18.4 / 8.6 
5mm 
100mm 6.9 / 7.6 / 6.8 9.2 / 15.9 / 9.1 11.8 / 22.0 / 11.6 
200mm 4.6 / 7.7 / 4.2 8.7 / 13.5 / 8.5 26.4 / 38.2 / 26.8 
300mm 2.6 / 3.6 / 2.2 10.5 / 19.7 / 10.1 25.1 / 35.1 / 24.8 
400mm 0.7 / 1.5 / 0.7 29.3 / 34.5 / 29.8 19.3 / 39.2 / 19.1 
20mm 
100mm 4.8 / 8.2 / 4.9 23.8 / 27.9 / 23.8 30.7 / 31.9 / 30.5 
200mm 8.7 / 8.8 / 8.7 21.7 / 38.0 / 24.7 34.5 / 58.5 / 30.8 
300mm 8.2 / 21.3 / 10.4 22.2 / 65.8 / 38.7 30.2 / 46.2 / 31.4 
400mm 3.1 / 5.7 / 3.1 29.1 / 40.5 / 28.7 27.2 / 42.5 / 27.0 
 
3.8.3.2. Light Falling Weight Deflectometer (LFWD) Results 
 
Table 3.7 and Table 3.8 detail the insitu modulus values (ELFWD) derived from the processed 
LFWD data for each of the material arrangements tested at Site 1.  Table 3.7 details the 
results of the tests completed utilising a 100mm diameter plate, whilst Table 3.8 details the 
tests that were completed with a 300mm diameter rigid plate fitted to the LFWD equipment. 
These tables display the average modulus and pressure load for each tested arrangement, 
determined after the identification and exclusion of ‘seating drops’ and outlier data, as per 
the methodology detailed in Section 3.7. Note that for the testing of the ‘Pit Base’, three (3) 
full tests were completed at spatially separate locations upon the exposed surface, with the 
results presented for each of the three (3) tests. These results were subsequently averaged 
to produce a single result that represented the ‘Pit Base’ condition.  
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Table 3.7. Insitu modulus values determined via LFWD, 100mm diameter plate 
Gravel 
Dia. 
Gravel 
Depth 
LFWD Modulus (ELFWD) (MPa) / Pressure (kPa) / CoV (%) 
210mm Drop 
Height 
420mm Drop 
Height 
630mm Drop 
Height 
MPa kPa (%) MPa kPa (%) MPa kPa (%) 
Pit 
Base 
Base 1 18.3 375 0.9 27.1 503 5.8 35.3 624 9.4 
Base 2 18.2 336 5.2 23.9 450 10.4 34.1 531 14.4 
Base 3 18.1 398 4.2 35.8 609 5.2 40.7 690 11.2 
Average 18.2 370 3.8 28.9 521 19.0 36.7 615 13.7 
5mm 
100mm 17.1 362 1.3 25.9 459 1.9 36.8 605 16.7 
200mm 21.7 392 10.1 25.3 570 6.4 38.3 753 3.7 
300mm 43.0 408 3.3 42.2 605 4.3 37.2 805 4.7 
400mm 39.8 388 23.0 54.3 582 5.2 37.6 766 4.9 
20mm 
100mm 20.9 393 4.6 25.5 610 2.7 40.1 780 2.5 
200mm 24.8 388 16.2 30.6 611 1.3 36.6 771 5.5 
300mm 30.6 385 16.4 45.7 642 6.3 46.9 839 1.1 
400mm 50.7 400 10.0 42.3 607 9.5 46.7 848 9.3 
 
Table 3.8. Insitu modulus values determined via LFWD, 300mm diameter plate 
Gravel 
Dia. 
Gravel 
Depth 
LFWD Modulus (ELFWD) (MPa) / Pressure (kPa) / CoV (%) 
210mm Drop 420mm Drop  630mm Drop 
MPa kPa (%) MPa kPa (%) MPa kPa (%) 
Pit 
Base 
Base 1 32.0 45 4.9 25.1 72 3.8 17.8 95 6.8 
Base 2 15.3 44 0.5 15.8 71 2.0 18.2 91 3.8 
Base 3 5.5 38 2.4 9.2 60 1.7 12.6 80 1.7 
Average 17.6 42 59.1 16.7 68 38.5 16.2 89 17.0 
5mm 
100mm 9.4 45 1.7 7.8 63 2.0 11.7 84 3.4 
200mm 11.7 45 2.4 10.8 68 2.5 10.9 90 1.5 
300mm 23.5 44 2.4 21.5 72 1.2 19.2 94 4.5 
400mm 31.1 46 1.3 30.7 67 1.1 26.6 100 1.5 
20mm 
100mm 13.7 47 1.9 11.7 70 5.0 10.9 90 4.7 
200mm 17.8 43 2.4 14.8 61 5.1 15.5 91 5.3 
300mm 20.1 46 4.9 22.9 71 3.1 20.0 97 2.1 
400mm 22.0 44 8.0 21.6 65 4.2 22.4 97 3.3 
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From the LFWD data presented in Table 3.7 and Table 3.8, standardised insitu modulus 
(ELFWD) values have been calculated for 100kPa and 500kPa stress levels (for LFWD tests 
completed with 300mm and 100mm diameter plates respectively) via the use of linear 
interpolation (as per Section 3.8). The standardised results are detailed in Table 3.9 for each 
material arrangement, and these values are considered directly comparable to the various 
standardised insitu moduli values determined via the corresponding PLTs (refer Table 3.5 
and Table 3.6). Figure 3.18 plots the standardised ELFWD values, categorised by gravel size 
and layer thickness. 
 
Table 3.9. Summary of standardied insitu modulus determined via LFWD testing 
Gravel 
Diameter 
Gravel 
Thickness 
Standardised LFWD Modulus (ELFWD) Values (MPa) 
ELFWD-500kPa (MPa) 
(100mm Dia. Plate) 
ELFWD-100kPa (MPa) 
(300mm Dia. Plate) 
Pit Base 
Location 1 26.9 16.7 
Location 2 30.3 18.3 
Location 3 26.4 16.0 
Average 27.8 15.8 
5mm 
100mm 28.6 11.8 
200mm 25.1 10.6 
300mm 42.4 18.8 
400mm 44.3 26.9 
20mm 
100mm 24.3 10.1 
200mm 27.9 14.6 
300mm 36.5 20.9 
400mm 47.5 22.3 
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Figure 3.18. Standardised ELFWD calculated from LFWD testing completed at Site 1 (Chapel 
Hill), categorised by location, gravel fill diameter and thickness of fill. 
 
3.8.4. Discussion of Site 1 results 
 
Preliminary observations from the PLT and LFWD test data collected at Site 1 include: 
a) There is no unique modulus value that is provided by the PLT and LFWD tests. A 
number of modulus values may be derived, and the modulus parameter will vary 
based on the magnitude of test stress. 
b) For accurate reporting and to allow comparison between PLT and LFWD test results, 
all tests need to be interpreted via a consistent methodology and moduli reported for 
a specific location in the PLT load / re-load cycle. This standardisation could be in the 
form of the test stress required to produce a specific deformation, or the modulus 
parameter exhibited at a consistent load. 
c) The reported modulus value is a composite value based on the subsurface 
properties, and variation thereof, within the test’s zone of influence. The plate size 
used for testing directly influences the depth of influence, and thus the modulus value 
will be affected by the plate size. 
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d) A layer of 100mm or 200mm of gravel (for both the 5mm and 20mm diameter gravel 
materials) provides the same standardised (ELFWD-100ka or ELFWD-500ka) modulus as the 
pit subgrade. (i.e. EPIT = E100mm = E200mm). 
e) Higher test stresses result in higher modulus values (i.e. positive stress dependency). 
f) The linear increase in ELFWD associated with test stress (higher weight drops) 
suggests that the zone of influence is being improved under the repeated hammer 
blows, as the LFWD test progresses. 
g) For the standardised moduli determined from PLTs at 100kPa test stress shows an 
average multiplier of 4.5 between the initial and first reload (Cycle 2). The average 
improvement between the first and second reload cycles (Cycles 2 and 3) is a 
significantly lower 95%. 
 
Items (e) to (g) are an example of the Heisenberg uncertainty principle (originally used in 
quantum mechanics), which can be broadly applied to other fields with measurement 
uncertainty. The Heisenberg principal posits that the act of measurement results in a change 
in the parameter being measured. Hence, in applying a pressure to measure insitu modulus, 
the applied pressure results in a change in the material’s modulus. For Site 1 this effect was 
amplified, as the gravel materials used were placed in a loose state and were thus easily 
densified. 
 
Comparing the standardized ELFWD and EPLT values, it appears that the corresponding 
parameters are closest in magnitude for results produced during the initial loading cycle. 
This is a contradiction to the German Code (ZTVE-StB, 2009) which, for QA testing, relates 
the results of LFWD testing with EV2 values; the modulus derived from the results of the first 
reloading cycle (cycle 2).  However, for such QA cases the tested material would be 
expected to be well compacted whilst the initial loading cycles associated with this study 
was completed upon uncompacted materials (due to the limitations for the reaction load 
available). 
 
These items are discussed in further detail in later sections of this chapter (refer Section 
3.12). 
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3.9. Site 2 - GUSBUS Site 
3.9.1. Introduction 
 
At a road construction site located in South East Queensland, the backfill behind a bored 
pile wall was required to be rapidly placed such that traffic lanes could be shifted within a 
very short timeframe. However, the time required to complete traditional insitu testing (PLTs) 
in order to provide QA of the achieved compaction of the granular backfill would have 
prevented the traffic switch being completed in the available timeframe. 
 
The LFWD was proposed and used as a time-effective alternative QA tool, and a project 
specific method specification was developed. This specification was based on a site and 
material specific trial that was completed to demonstrate the correlation of ELFWD with EPLT 
for a single granular material once various compactive efforts had been applied to the 
material. This process was undertaken to demonstrate to the relevant regulatory authority 
(Queensland Department of Transport and Main Roads, QTMR) that the results produced 
from the LFWD could be resolved to an equivalent result that would be produced from the 
PLT, a test that was familiar to that organisation. 
 
3.9.2. Methodology 
 
In this study, a uniform 20mm recycled concrete aggregate was, initially, loosely placed 
within a trench that varied between 300mm and 700mm depth. A thin blinding layer of 
concrete was placed at the base of the trench, as shown in Figure 3.19, prior to the loose 
placement of the aggregate. 
 
 
Figure 3.19. Cross section of GUSBUS test pit (grey represents region of aggregate fill) 
 
A handheld plate compactor was used to apply the compactive force to the aggregate for a 
specified number of passes. Once the specified number of passes of the compacter had 
been achieved, side-by-side LFWD and PLT tests were completed. Note that in this study, 
a 300mm diameter rigid plate was used for both the LFWD and PLT tests, and that two (2) 
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loading cycles were completed for each of the PLTs undertaken – an initial (i) loading and a 
single reloading (R2) cycle. LFWD testing at each location was completed utilising four (4) 
distinct weight drop heights. 
 
As per Site 1, a consistent Poisson’s Ratio value was adopted for this comparison study for 
the derivation of E values from both the PLT and LFWD tests completed. For the GUSBUS 
site, a ν of 0.25 was adopted, reflecting the gravel nature of the tested material and a stiff 
subgrade. 
 
3.9.3. Results 
3.9.3.1. Plate Load Test (PLT) Results 
 
Table 3.10 details the moduli values (initial tangential modulus and reloading secant 
modulus) calculated for each of the six (6) completed PLT. The raw results of pressure 
versus deformation observed for all PLTs are detailed in Appendix C. 
 
Table 3.10. Insitu initial (EPLT(i)) and re-loading modulus parameters (EPLT(R2)) determined 
by use of PLT –   300mm diameter plate, Site 2 
Gravel 
Depth 
No. of 
Roller 
Passes 
Initial Loading Cycle Reloading Cycle (Cycle 2) 
Max. 
Stress 
(kPa) 
Ks 
(Tangent)
EPLT(i) 
(MPa) 
Max. 
Stress 
(kPa) 
Ks 
(Secant) 
EPLT(R2) 
(MPa) 
300mm 4 286 167.1 36.9 284 309.1 68.3 10 286 137.1 30.3 282 366.5 81.0 
500mm 4 198 90.9 20.1 199 280.9 62.1 10 283 147.4 32.6 286 272.2 60.1 
700mm 4 284 291.3 64.3 286 840.5 185.7 10 286 116.5 25.7 284 287.2 63.4 
 
As per Site 1, additional moduli values have been calculated for each PLT (tangential, 
secant and Ev2 modulus) at a standardised test pressure. In the case of the GUSBUS site, 
as only a 300mm plate was used for comparative LFWD testing, the only standardised 
pressure adopted was 100kPa. Table 3.11 details the calculated moduli values at this 
standard value for each of the completed tests.   
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Table 3.11. Standardised insitu modulus values for 100kPa pressures – PLT using 300mm 
diameter plate, Site 2 
Gravel 
Depth 
No. of 
Roller 
Passes 
Initial Loading Cycle  
(EPLT(i)-100kPa) (MPa) 
Reloading Loading Cycle 
(EPLT(R2)-100kPa) (MPa) 
Tangential Secant Ev2 Tangential Secant Ev2 
300mm 4 34.8 38.2 33.0 75.9 60.5 69.7 10 29.3 33.1 32.3 92.8 58.1 80.5 
500mm 4 19.6 20.2 19.5 79.7 53.4 65.2 10 31.3 27.0 28.5 63.8 57.9 59.8 
700mm 4 51.0 45.0 46.1 203.1 145.5 213.2 10 18.4 20.1 19.0 69.6 50.9 68.5 
 
3.9.3.2. Light Falling Weight Deflectometer (LFWD) Results 
 
For each of the completed PLTs detailed in Section 3.10.3.1 an LFWD test was completed 
at an immediately adjacent location, utilising a 300mm diameter rigid plate. Each LFWD test 
was completed utilising repeated weight drops from four (4) distinct heights, with the results 
of each weight drop subset of data processed as per the methodology detailed in Section 
3.7. Table 3.12 presents the resultant modulus values (ELFWD) calculated for each test 
location, whilst Table 3.13 details the standardised modulus values calculated for equivalent 
100kPa plate pressures (ELFWD-100kPa)   
 
Table 3.12. Insitu modulus values determined via LFWD – 300mm diameter plate, Site 2 
Gr
av
el 
De
pth
 
(m
m)
 
No
. o
f R
oll
er 
Pa
ss
es
 210mm Drop Height 
(43 to 45kPa) 
420mm Drop 
Height 
(70 – 72kPa) 
630mm Drop 
Height 
(96 – 100kPa) 
840mm Drop 
Height 
(117 – 125kPa) 
ELFWD CoV ELFWD CoV ELFWD CoV ELFWD CoV 
MPa (%) MPa (%) MPa (%) MPa (%) 
300 4 237 7.2 249 11.7 192 4.8 197 3.8 10 285 3.3 Outside Calibration 589 9.4 465 27.5 
500 4 113 13.0 105 11.1 131 3.6 144 5.4 10 132 5.3 179 9.9 194 11.9 185 4.4 
700 4 40.7 18.5 58.3 3.1 77 11.4 58 15.9 10 82.6 2.2 79.0 1.3 76 4.0 76 1.6 
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Table 3.13. LFWD modulus values standardised to 100kPa (ELFWD-100kPa) – Site 2 
Gravel 
Depth 
(mm) 
No. of 
Roller 
Passes 
Linear Relationship between modulus 
derived for each weight height drop  
(ELFWD = mx + b)  
Standardised 
LFWD Modulus 
(ELFWD-100kPa) (MPa) 
m b R2 
300mm 4 -0.68 274.57 0.64 206.6 10 3.13 177.18 0.59 490.7 
500mm 4 0.44 85.63 0.77 130.1 10 0.69 113.69 0.70 183.1 
700mm 4 0.31 33.37 0.44 64.2 10 -0.09 86.18 0.93 76.7 
 
3.9.4. Discussion of Site 2 results 
 
The testing completed at Site 2 was undertaken to provide a method specification and a QA 
approach to the use of crushed recycled concrete as a construction material and its 
placement behind a retaining wall. Due to the location of a wall adjacent to a live motorway, 
the placement was required to be rapidly completed within a weekend shutdown period. 
Conventional construction and testing methods were not deemed suitable as they would 
have required a number of weeks to complete the task. 
 
The adopted approach, utilising the LFWD, demonstrated: 
 
a) A lift thickness of 500mm could be placed and the full depth effectively compacted 
with 4 passes of a small plate compactor. This compared favourably with the 
maximum thickness of 250mm if conventional construction techniques were 
employed. 
b) Typical European specifications (e.g. ZTVE-StB, 2009) would require a deformation 
modulus of 60MPa to be achieved for uniform gravel materials. By the completion of 
the Site 2 trial pad tests, this was found to be the equivalent of ELFWD = 70 MPa using 
the Prima 100 LFWD.  
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3.10.  Site 3 - Wandoan Site 
3.10.1. Introduction 
 
In preparation for the construction of a major pipeline project, the suitability of employing the 
Light Falling Weight Deflectometer (LFWD) as a Quality Assurance (QA) tool for estimating 
the compaction / relative density of bedding material was completed via comparison field 
testing. 
 
Side-by-side LFWD and PLT testing was been completed on proposed bedding material 
(sand) at a trial site near Wondoan, Queensland, in order to estimate both the suitability of 
bedding materials and various insitu testing methods. The suitability of use of the LFWD 
was highlighted over other typical construction QA tests (e.g. nuclear density or sand 
replacement density testing) due to it’s smaller footprint (100mm diameter plate). 
 
As part of this study, sand bedding materials were tested by both PLT and LFWD equipment 
in various thicknesses and states of compaction, in order to assess the compactive effort 
required to achieve the targeted insitu density. 
 
3.10.2. Methodology 
 
At the Wandoan site, bedding sand imported from two (2) distinct sources – termed ‘Old Bar’ 
and ‘Wanger’s’ materials – were prepared into trial beds of dimensions 10m by 1.6m. Each 
sand material was initially placed in a thickness of 500mm and then had various compactive 
efforts applied prior to testing. Each trial bed was separated into four (4) regions (2m x 1.6m) 
and each region was subjected to the same suite of insitu tests. 
 
Figure 3.20 shows the suite of tests applied to each region of each trench. Two (2) LFWD 
tests were completed with both the 100mm and 300mm diameter rigid plates (i.e. four (4) 
LFWD tests completed for each test region), surrounding a single 300mm diameter PLT. In 
addition to these comparative tests, other insitu density tests were also completed within 
each region, namely sand replacement test and a nuclear densometer test. 
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Figure 3.20. Figure showing arrangement of insitu testing completed within each region 
 
The PLT completed within each region was only comprised of a single loading cycle. As 
such, only modulus values applicable to the initial loading curve can be derived from the 
data collected from this study (ie. only EPLT(i) values). All LFWD tests were completed at the 
Wondoan Site were completed as per the staged weight drop methodology described for 
the Chapel Hill and GUSBUS sites.  
 
Compactive efforts applied to the placed sand varied from no additional compaction to four 
(4) passes of an excavator mounted vibrating plate compactor, as shown in Figure 3.21. 
Further photos of the testing completed at the Wandoan site are included in Appendix B.2. 
 
 
Figure 3.21. Excavator fitted with vibrating plate used as the compactive effort at Site 3. 
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3.10.3. Results 
3.10.3.1. Plate Load Test (PLT) Results 
 
The moduli values applicable to each PLT test were calculated via the same methodology 
presented for the Chapel Hill and GUSBUS sites. Table 3.14 summarises the initial loading 
modulus values associated with each completed PLT. The raw results of pressure versus 
deformation observed for all PLTs are detailed in Appendix C. 
 
Table 3.14. Insitu re-loading modulus values (EPLT(RX)) determined by use of PLT  –   
300mm diameter plate, Site 3 
Bedding 
Sand ID 
No. of Vibrating 
Plate Passes 
Initial Loading (Cycle 1) 
Max Stress (kPa) Ks (Tangential) EPLT(i) (MPa) 
Point Bar 
1 396 49.2 10.2 
2 396 77.4 16.0 
3 396 77.8 16.1 
4 396 50.0 10.3 
Old 
Wagners 
0 198 7.9 1.6 
1  
(No Vibration) 255 9.0 1.9 
1 396 36.4 7.5 
2 396 49.6 10.2 
 
Table 3.15 details the additional moduli values calculated for each PLT (tangential, secant 
and Ev2 modulus) at a standardised test pressure. As LFWD testing was completed using 
both a 100mm and 300mm diameter plate, moduli values applicable to standardised 
pressures of both 100kPa and 500kPa were derived for the Wandoan site.  Note that the 
500KPa values were derived via extrapolation above the maximum pressure applied during 
the PLTs completed. 
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Table 3.15. Standardised insitu modulus values for 100kPa and 500kPa imparted 
pressures on initial loading cycle – PLT using 300mm diameter plate, Site 3 
Bedding 
Sand ID 
No. of 
Vibrating 
Plate Passes 
Initial Loading Cycle – 
100kPa 
 (EPLT(i)-100kPa) (MPa) 
Initial Loading Cycle – 
500kPa 
(EPLT(i)-500kPa) (MPa) 
Tangential Secant Ev2 Tangential Secant Ev2 
Point Bar 
1 16.1 24.9 21.4 4.9 11.0 7.5 
2 17.4 22.2 22.1 12.9 19.5 17.6
3 18.9 32.3 25.5 11.1 19.6 15.4
4 14.9 23.9 19.9 5.7 11.7 8.3 
Old 
Wagners 
0 1.9 2.6 1.9 1.6 2.2 2.1 
1  
(No Vibration) 3.6 7.4 5.0 1.0 1.8 1.3 
1 14.7 23.1 19.6 3.3 7.9 5.1 
2 16.0 30.2 22.0 5.9 11.9 8.5 
 
3.10.3.2. Light Falling Weight Deflectometer (LFWD) Results 
 
As per the methodology detailed in Section 3.11.2, four (4) LFWD tests were completed 
immediately adjacent to each of the PLTs, utilising both 100mm and 300mm diameter plates. 
The results of the LFWD tests were processed as per the methodology outlined in Section 
3.8, and standardised modulus values for each test calculated. These values are provided 
in Table 3.16 and Table 3.17 for ELFWD-100kPa and ELFWD-500kPa respectively. 
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Table 3.16. LFWD modulus values standardised to 100kPa (ELFWD-100kPa), derived from 
LFWD testing completed using a 300mm diameter plate 
Bedding 
Sand ID 
No. of 
Vibrating 
Plate 
Passes 
Linear Relationship between modulus 
derived for each weight height drop  
(ELFWD = mx + b) 
Standardised 
LFWD Modulus 
(ELFWD-100kPa) (MPa) 
m b R2 
Point Bar 
1 
-0.04 43.98 0.77 39.6 
-0.04 53.75 0.27 49.5 
Average 44.6 
2 
-0.04 48.98 0.97 44.8 
0.01 47.13 0.15 48.1 
Average 46.4 
3 
0.07 27.38 0.96 34.0 
0.06 40.48 0.97 46.2 
Average 40.1 
4 
0.03 26.47 0.99 29.2 
0.05 37.92 1.00 43.0 
Average 36.1 
Old 
Wagners 
0 
0.09 12.35 0.98 21.2 
0.10 12.06 0.96 22.1 
Average 21.7 
1  
(No 
Vibration)
0.01 21.56 0.29 23.0 
0.00 26.12 0.05 25.9 
Average 24.4 
1 
-0.14 53.84 0.99 39.7 
-0.09 50.28 0.95 41.5 
Average 40.6 
2 
-0.05 46.99 0.98 41.7 
-0.03 47.50 0.71 44.8 
Average 43.3 
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Table 3.17. LFWD modulus values standardised to 500kPa (ELFWD-500kPa), derived from 
LFWD testing completed using a 100mm diameter plate 
Bedding 
Sand ID 
No. of 
Vibrating 
Plate Passes 
Linear Relationship between 
modulus derived for each weight 
height drop (ELFWD = mx + b) 
Standardised 
LFWD Modulus 
(ELFWD-500kPa) (MPa) 
m b R2 
Point Bar 
1 
0.04 22.03 0.96 42.4 
0.03 30.23 1.00 45.1 
Average 43.8 
2 
0.03 26.13 0.99 43.5 
0.06 13.44 0.86 41.4 
Average 42.5 
3 
0.04 32.32 0.72 49.9 
0.02 35.62 0.96 45.1 
Average 47.5 
4 
0.05 13.79 0.91 38.4 
0.03 27.60 0.91 42.5 
Average 40.4 
Old 
Wagners 
0 
0.05 1.54 1.00 26.5 
0.05 0.34 0.99 26.9 
Average 26.7 
1  
(No Vibration) 
0.05 -0.82 0.96 25.1 
0.05 -2.35 0.99 23.6 
Average 24.3 
1 
0.04 20.17 0.96 41.4 
0.02 29.29 1.00 40.4 
Average 40.9 
2 
0.02 34.87 0.87 45.2 
0.04 22.83 0.97 43.0 
Average 44.1 
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3.11. Discussion and Statistical Analysis 
3.11.1. Size of Datasets and Methodology of Statistical Analysis 
 
The standardised modulus determined by the LFWD testing (ELFWD-100kPa or ELFWD-500kPa) 
value were compared to the various moduli derived from the corresponding PLT test. As 
presented in Sections 3.9 to 3.11, multiple moduli values were calculated from the results of 
each PLT test (EPLT). For each cycle of each PLT test, a total of six (6) moduli values were 
determined, as shown in Figure 3.22 (refer Figure 3.17 for the location and extents of each 
modulus value within the PLT loading curve) 
 
Figure 3.22. Identification of moduli values calculated from each loading cycle of each 
completed PLT. Moduli presented for 300mm diameter plate tests, with PLTs using 100mm 
diameter plate resulting in standardised moduli being determined at 500kPa. 
 
The statistical significance and correlation between the ELFWD-100kPa or ELFWD-500kPa value and 
the various moduli derived from the corresponding PLT test was calculated via use of 
commercially available statistical software, Minitab (v. 17, 2013). Test data was correlated 
by the construction of datasets relating to each individual test site and for a combined 
datasets where similar side-by-side testing had been completed for all three (3) sites. In 
addition, as a 150mm diameter plate was only utilised for static plate load testing at the 
Chapel Hill site – compared to 300mm diameter plate employed for PLTs at the other two 
(2) sites – analysis was also completed upon a dataset comprised only of results obtained 
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at the Wandoan and GUSBUS sites. Table 3.18 and Figure 3.23 summarise the size of the 
datasets available for statistical analysis. Note that each PLT resulted in the calculation of 
up to six (6) individual PLT modulus values. 
 
Table 3.18. Details and size of PLT datasets used for statistical analysis with corresponding 
LFWD results. 
Site Initial Loading (I) 
1st Reloading 
Cycle (R2) 
2nd Reloading 
Cycle (R3) 
EPLT-
100kPa 
EPLT-
500kPa 
Site 1 
(Chapel Hill) 9 Tests 9 Tests 9 Tests 
 
(n = 9) 
 
(n = 9) 
Site 2 
(GUSBUS) 6 Tests 6 Tests Not Tested 
 
(n = 5) 
 
(n = 5) 
Site 3 
(Wandoan) 8 Tests Not Tested Not Tested 
 
(n = 8) 
 
(n = 8) 
Sites 
1 and 2 
Not 
Considered 15 Tests 
N/A - Not tested 
at both sites 
 
(n = 15)  
Sites 
1 and 3 14 Tests 
N/A - Not tested 
at both sites 
N/A - Not tested 
at both sites 
 
(n = 14)  
Sites 
2 and 3 17 Tests 
N/A - Not tested 
at both sites 
N/A - Not tested 
at both sites   (n = 17)
All Sites 23 Tests N/A - Not tested at all sites 
N/A - Not tested 
at all sites 
 
(n = 23)  
 
 
Figure 3.23. Summary showing variations of LFWD and PLT completed in study, 
caetgorised by PLT loading cycle and test stress magnitude. 
 
 
 
COMPLETED AT ALL SITES
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Comparative analysis completed on each of the datasets for each PLT loading cycle 
involved:  
(a) The assessment of the statistical significance of a relationship between the EPLT and 
ELFWD data pairs; 
(b) The calculation of a ‘best fit’ linear and non-linear relationship via regression analysis; 
and 
(c) Estimation of the strength of correlation between the LFWD and PLT derived modulus 
values produced by the fitted function. 
 
A total of 80 (N) iterations of the EPLT to ELFWD comparative analysis were completed for this 
study, as conceptually shown in Figure 3.24 (test arrangements presented for 300mm 
diameter LFWD tests). In all iterations of analysis the ELFWD modulus value was considered 
the dependent variable, and the PLT derived modulus value (EPLT) the independent variable. 
 
 
Figure 3.24. Comparison of corresponding moduli derived from PLTs (standardised and 
max. stress values) and LFWD tests, as used for statistical analysis completed. 
 
Eight (8) mathematical functions were utilised for curve fitting during the regression analyses 
completed within this study. The regression functions included (1) Linear; (2) Logarithmic; 
(3) Compound; (4) Growth; (5) Power; (6) Inverse; (7) Exponential; and (8) Logistic. For 
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each of the 80 datasets analysed, the equation describing the fitted linear and ‘best-fit’ non-
linear function were derived. 
 
For each constructed dataset, an independent samples t-test was performed to determine 
whether observed differences between test results were statistically significant. In 
interpreting these results, a two-tailed alpha level cut-off of .05 was adopted (i.e. p <.05), 
whereby the chance of finding a significant relationship between the paired (ELFWD, EPLT) 
test values due to sampling error or random chance (known as a type I error) is 5%. 
 
The objective of the PLT and LFWD comparison study was to investigate and demonstrate 
a relationship between the insitu modulus values derived from each testing technique, by 
either the LFWD or PLT test. The constructed datasets should demonstrate statistical 
significance (i.e. p < .05) between the data pairs. Accordingly, if a statistically insignificant 
relationship was demonstrated, this was interpreted to suggest that the two (2) datasets that 
comprised the data pairs (the standardised ELFWD values and EPLT variant) were not directly 
comparable. 
 
Non-parametric correlation analyses were used to determine the strength of the correlation 
between the fitted relationship of the LFWD and PLT derived modulus values. The strength 
of correlation between comparable moduli determined from PLT and LFWD testing was 
defined by the calculated correlation coefficient (R2). As there was no assumption that the 
PLT / LFWD pairs would necessarily display a normal distribution or linear relationship, 
R2 values based on both the determined Pearson’s R (for normally distributed data and 
linear relationship) and Spearman’s ρ (for non-normally distributed data) were calculated. 
 
As defined in Dancey and Reidy (2004), the strength of correlation was then categorised by 
the resultant R2 value. The categorisation of the strength of the relationship between ELFWD 
and EPLT values fitted by the regression analysis was assessed as per Table 3.19. 
 
Table 3.19. Categorisation of strength of correlation based on correlation coefficient (R2)  
Correlation Coefficient (R2) Value Strength of Correlation 
R2 ≥ 0.7 Strong Correlation 
0.3 ≤ R2 ≤ 0.7 Moderate Correlation 
0.1 ≤ R2 ≤ 0.3 Weak Correlation 
R2 < 0.1 Trivial (No Correlation) 
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In summary, the relationships between ELFWD and EPLT datasets were assessed to be 
strongest when statistical significance was determined to exist between the data pairs (i.e. 
p < .05) and the correlation coefficient (R2) was closest to 1.0. 
 
3.11.2. Ranking by frequency of statistically significant relationship 
 
Of the 80 datasets constructed and regression analyses completed, 27 datasets (34%) 
reported a statistically significant relationship between the insitu modulus calculated from 
the LFWD and PLT tests. Each of the observed significant relationships is detailed in Table 
3.20. Relationships between the standardised ELFWD and the various modulus calculated 
from the PLTs were each compared - Secant (S), Tangent (T) and 50% modulus (Ev) 
calculated from the Initial (i) or Reload cycles (R1 or R2). Each of these PLT modulus are 
defined in Table 3.20 in the format of: PLT(I, R1, R2)-(i, S, T or EvX)-(100kPa, 500kPa or 
Max.), as previously identified in Figure 3.22. 
 
Table 3.20. Details of analysed EPLT:ELFWD data pairs considered statistically significant 
Site 
ID 
Site Name 
(Material Type) 
No. 
Datasets 
No. Significant 
Datasets (p < .5) 
Details of Significant 
Relationships (p < .05) 
1 
Chapel Hill 
 (Gravel over firm 
residual soil) 
32 1 ELFWD-100kPa : EPLT(R1)-S-Max 
2 
GUSBUS 
 
(Gravel Fill) 
12 4 
ELFWD-100kPa : EPLT(R2)-S-Max 
ELFWD-100kPa : EPLT(i)-S-Max 
ELFWD-100kPa : EPLT(i)-Ev1-100kPa 
ELFWD-100kPa : EPLT(R2)-S-Max 
3 
Wandoan 
 
(Sand Fill) 
12 9 
ELFWD-100kPa : EPLT(i)-T-Max 
ELFWD-100kPa : EPLT(i)-S-Max 
ELFWD-100kPa : EPLT(i)-S-100kPa 
ELFWD-500kPa : EPLT(i)-I-Max 
ELFWD-500kPa : EPLT(i)-T-Max 
ELFWD-500kPa : EPLT(i)-S-Max 
ELFWD-500kPa : EPLT(i)-I- 500kPa 
ELFWD-500kPa : EPLT(i)-T- 500kPa 
ELFWD-500kPa : EPLT(i)-S- 500kPa 
ELFWD-500kPa : EPLT(i)-Ev1-500kPa 
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Site 
ID 
Site Name 
(Material Type) 
No. 
Datasets 
No. Significant 
Datasets (p < .5) 
Details of Significant 
Relationships (p < .05) 
1 & 
2 
Chapel Hill and 
GUSBUS Sites 5 3 
ELFWD-100kPa : EPLT(R2)-T-Max 
ELFWD-100kPa : EPLT(R2)-S-Max 
ELFWD-100kPa : EPLT(R2)-T-100kPa 
2 & 
3 
GUSBUS & 
Wandoan Sites 6 4 
ELFWD-100kPa : EPLT(R2)-T-Max 
ELFWD-100kPa : EPLT(R2)-S-Max 
ELFWD-100kPa : EPLT(R2)-T-100kPa 
ELFWD-100kPa : EPLT(i)-Ev1-100kPa 
1& 
3 
Chapel Hill & 
Wandoan Site 7 0 – 
1,2 
& 3 
All Sites  
 
(Combined 
Dataset) 
6 6 
ELFWD-100kPa : EPLT(i)-I-Max 
ELFWD-100kPa : EPLT(i)-T-Max 
ELFWD-100kPa : EPLT(i)-S-Max 
ELFWD-100kPa : EPLT(i)-I-100kPa 
ELFWD-100kPa : EPLT(i)-T-100kPa 
ELFWD-100kPa : EPLT(i)-S-100kPa 
 Total 80 27  
 
Inspection of Table 3.20 suggests that the frequency of statistically significant relationships 
observed is highly site-specific. This was evidenced by the fact that 75% of the datasets 
comparing LFWD and PLT modulus values observed at the Wandoan site displayed a 
statistically significant relationship, whilst only 3% of the datasets constructed for the Chapel 
Hill site reported a similar significant relationship. This may be due to the uncompacted 
nature of the material in tests completed at Chapel Hill, compared to the compacted state 
being investigated by the Wandoan testing suite.  
 
However, it was observed that for all six (6) datasets that combined the comparable LFWD 
and PLT moduli from all three (3) of the investigated sites the resultant dataset was 
considered statistically significant.  
 
The correlations that were determined to be statistically significant were further categorised 
based on the modulus type and PLT loading cycle from which they were obtained, and 
normalised for the different frequency at which each category was tested. Table 3.21 details 
the results of this assessment, and shows that the LFWD correlated most frequently with 
PLT moduli values calculated from the initial loading cycle data (i.e. EPLT(i) variants). Table 
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3.21 also indicates that the initial moduli values obtained from the PLT tests (i.e. EPLT(i) 
parameter) was the least frequently statistically significantly correlated with the ELFWD values 
(20%), whilst the secant modulus (EPLT-S) was the PLT derived modulus parameter identified 
as being frequently statistically significantly correlated with the standardised ELFWD values 
(43%).  
 
Table 3.21. Frequency of statistically significant EPLT : ELFWD  datasets, categorised by 
loading cycle and PLT derived modulus 
Modulus Initial Loading Cycle - PLT(i) 
1st Reloading 
Cycle - PLT(R2) 
2nd Reloading 
Cycle- PLT(R3) Total 
Initial 
(I) 
3 of 9 
(33.3%) 
0 of 4 
(0.0%) 
0 of 2 
(0.0%) 
3 of 15 
(20.0%) 
Secant 
(S) 
8 of 16 
(50.0%) 
4 of 8 
(50.0%) 
0 of 4 
(0.0%) 
12 of 28 
(42.9%) 
Tangent 
(T) 
7 of 16 
(43.8%) 
2 of 8 
(25.0%) 
0 of 4 
(0.0%) 
9 of 28 
(32.1%) 
50% Modulus 
(Ev) 
3 of 6 
(50.0%) 
0 of 2 
(0.0%) 
0 of 1 
(0.0%) 
3 of 9 
(33.3%) 
Total 21 of 47 (44.7%) 
6 of 22 
(27.3%) 
0 of 11 
(0.0%) 
27 of 80 
(32.5%) 
 
3.11.3. Ranking by Correlation Coefficient (R2) value 
 
The strength of the defined relationship between the PLT and LFWD derived moduli were 
also assessed by the value of the correlation coefficient (R2), and the strength of the 
relationship categorised as per Table 3.19. For the 80 constructed datasets and completed 
analyses, the R2 was calculated for all fitted relationships (linear and non-linear). Table 3.22 
details the number of relationships that fell within each ‘correlation strength’ category (as 
per the R2 ranges identified in Table 3.19).  
 
From this data it can be seen that 46 (58%) of the analysed datasets were assessed to have 
either a ‘weak’ or ‘trivial’ correlation (R2 ≤ 0.3). As such a result implies no definable 
relationship exists between the data pairs undergoing assessment, the datasets that 
exhibited low R2 values (< 0.3) were subsequently excluded from further evaluation. 
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Table 3.22. Frequency of correlation strength, based on assessment of correlation 
coefficient (R2) values 
Strength of Correlation Correlation Coefficient (R2) Range No. of datasets 
Trivial (No Correlation) R2 < 0.1 11 
Weak Correlation 0.1 ≤ R2 ≤ 0.3 35 
Moderate Correlation 0.3 < R2 ≤ 0.7 19 
Strong Correlation R2 > 0.7 15 
 Total 80 
 
Of the 34 datasets that were observed to exhibit a ‘moderate’ or ‘strong’ correlation between 
the ELFWD and EPLT pairs, only eight (8) of the datasets were not also considered to be 
statistically significant. Similarly, of the 27 datasets that had been identified as being 
statistically significant, only one (1) of the datasets did not display an R2 > 0.3.  
 
As per the assessment of statistical significance, the frequency that each PLT derived 
moduli variant produced a ‘moderate’ (or better) strength correlation (R2 > 0.3) was 
assessed. Table 3.23 displays the results of this assessment, and indicates that the PLT 
secant modulus (EPLT-S) was most frequently correlated to the ELFWD value. Table 3.23 also 
indicates that the PLT moduli derived from the initial loading cycle (i.e. EPLT(i) parameter 
variants) most frequently exhibited R2 > 0.3 when compared to the standardised ELFWD 
values. These findings are consistent with those produced by the assessment of the 
frequency that statistical significance was exhibited. 
 
Table 3.23. Frequency of moderate (or better) correlation (R2 > 0.3) between EPLT and 
ELFWD datasets, categorised by loading cycle and PLT derived modulus 
Modulus Initial Loading Cycle - PLT(i) 
1st Reloading 
Cycle - PLT(R2)
2nd Reloading 
Cycle- PLT(R3) Total 
Initial (I) 4 of 9 (33.3%) 0 of 4 (0.0%) 0 of 2 (0.0%) 4 of 15 (26.6%) 
Secant (S) 8 of 16 (50.0%) 5 of 8 (62.5%) 1 of 4 (25.0%) 14 of 28 (50.0%) 
Tangent (T) 8 of 16 (50.0%) 4 of 8 (50.0%) 0 of 4 (0.0%) 12 of 28 (42.8%) 
50% Modulus 
(Ev) 3 of 6 (50.0%) 1 of 2 (50.0%) 0 of 1 (0.0%) 4 of 9 (44.4%) 
Total 23 of 47 (48.9%) 
10 of 22 
(45.5%) 1 of 11 (9.1%) 34 of 80 (42.5%) 
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The 15 datasets that indicated a ‘strong’ correlation strength (R2 > 0.7) value were isolated 
and further examined. As displayed in Table 3.24, the PLT modulus variant that most 
frequently displayed a strong correlation to the ELFWD value was the tangential modulus 
(EPLT-T). The initial loading cycle (EPLT(i)) was again the best represented within this subset 
of correlated data. 
 
Table 3.24. Frequency of strong correlation (R2 > 0.7) between EPLT and ELFWD datasets, 
categorised by loading cycle and PLT derived modulus 
Modulus Initial Loading Cycle - PLT(i) 
1st Reloading 
Cycle - PLT(R2) 
2nd Reloading 
Cycle- PLT(R3) Total 
Initial (I) 0 of 9 (33.3%) 0 of 4 (0.0%) 0 of 2 (0.0%) 0 of 15 (0.0%) 
Secant (S) 5 of 16 (31.3%) 1 of 8 (12.5%) 0 of 4 (0.0%) 6 of 28 (21.4%) 
Tangent (T) 6 of 16 (37.5%) 2 of 8 (25.0%) 0 of 4 (0.0%) 8 of 28 (28.6%) 
50% Modulus 
(Ev) 1 of 6 (16.6%) 0 of 2 (0.0%) 0 of 1 (0.0%) 1 of 9 (11.1%) 
Total 12 of 47 (25.5%) 3 of 22 (13.6%) 0 of 11 (0.0%) 15 of 80 (18.8%) 
 
For the subset of datasets that were assessed to exhibit a ‘moderate’ (or better) correlation 
between ELFWD and EPLT values, the average strength of the R2 value was calculated in order 
to quantify and rank the strength of the derived relationships. The range and strength of 
values applicable to each PLT derived modulus was also determined and is reported in 
Table 3.25. Average R2 values in excess of 0.70 were calculated for both the secant and 
tangent values calculated for the initial PLT loading cycle (EPLT(i)-S and EPLT(i)-T respectively), 
whilst all other modulus values were assessed to, on average, equate to ‘moderate’ strength 
correlations.  
 
Table 3.25. Average and range of R2 values produced for EPLT : ELFWD datasets exhibiting 
R2 >0.3, categorised by loading cycle and PLT derived modulus 
ModulusType Initial Loading Cycle - PLT(i) 
1st Reloading Cycle - 
PLT(R2) 
2nd Reloading 
Cycle- PLT(R3) 
Initial 
(I) 
n = 4; Average R2 = 0.51 
R2 Range = 0.39 – 0.70 – – 
Secant 
(S) 
n = 8; Average R2 = 0.75 
R2 Range = 0.47 – 0.95 
n = 5; Average R2 = 0.58 
R2 Range = 0.37 – 0.53 n = 1; R
2 = 0.31 
Tangent 
(T) 
n = 8; Average R2 = 0.76 
R2 Range = 0.48 – 0.93 
n = 4; Average R2 = 0.65 
R2 Range = 0.35 – 0.90 – 
50% Modulus 
(Ev) 
n = 4; Average R2 = 0.66 
R2 Range = 0.36 – 0.91 n = 1; R
2 = 0.62 – 
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The average strength of the R2 value was also assessed for all relationships with R2 > 0.3, 
based on which site from which the data was obtained. As shown in Figure 3.25, the average 
R2 value applicable to each site varies between 0.39 (Chapel Hill Site, n = 4) and 0.84 
(Wandoan Site, n = 10), and this is interpreted to suggest that the strength of the fitted 
defined relationship is largely site specific. Figure 3.25 also indicates that datasets that 
combine data from more than one (1) test site all reported an average R2 of above 0.5, 
implying generalised equations could be produced that exhibit a correlation of at least 
‘moderate’ strength. 
 
 
Figure 3.25. Average Correlation Coefficient (R2), categorised by site of origin 
 
From the assessed statistical significance (p) and analysis based on the strength of the 
relationships (assessed by comparing correlation coefficient, R2, values), it was interpreted 
that standardised LFWD modulus values (ELFWD-100kPa or ELFWD-500kPa) were, based on all 
data considered within this study, best correlated with EPLT(i)-S or EPLT(i)-T values 
 
This finding is in contrast to the previous studies (Nazzal et. al. 2003, 2007; Seyman, 2001) 
which found that the correlations of highest strength (i.e. maximum R2 values) between PLT 
and LFWD modulus values were obtained when ELFWD values were compared to the Ev2 
modulus, obtained from reloading cycles of the PLT test (i.e EPLT(RX) values). These previous 
studies also indicated that R2 values in excess of 0.80 for relationships developed from 
results obtained from multiple sites. From the analysis completed in this study, R2 values of 
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composite site data was lower (0.50 < R2 < 0.75), suggesting a lower strength correlation 
than that reported by others.  
 
Average R2 values in excess of 0.7 (i.e. ‘strong’ correlations) were observed for site-specific 
comparisons only (e.g. Wondoan site R2 = 0.85). Thus, it was also interpreted that the EPLT 
to ELFWD relationship is material dependent (i.e. site dependent in this study) and that if a 
strong correlation (R2 > 0.7) is desired, then material or site specific determination of the 
EPLT:ELFWD relationship should be completed.  
 
3.11.4. Defined Relationship Functions 
 
From the curvilinear regression undertaken, a fitted equation that related the observed ELFWD 
values to the EPLT results was produced for each of the 80 analysed datasets. As discussed, 
27 of these relationships were deemed to be statistically significant and 15 of the defined 
equations were assessed to provide a ‘strong’ correlation (R2 > 0.7) between the data pairs. 
 
Previous studies have suggested the relationship between EPLT and ELFWD could be linear 
(Nazzal et. al. 2003, 2007; Seyman, 2001) or logarithmic (Kamiura, 2001) in nature. As the 
exact nature of the relationship was not pre-empted by this study, eight (8) functions were 
available for curve fitting during the analysis completed (refer Section 3.12.1 for details of 
the functions applied for regression analysis).  
 
The frequency of function selection as being the ‘best-fit’ to the analysed dataset is shown 
in Figure 3.26. No limits were applied to the regression analysis, nor were any of the 
available functions forced to pass through the origin (i.e. EPLT = ELFWD = 0 MPa). Figure 3.26 
presents the results both for all datasets analysed (N = 80) and for the datasets in which the 
results were deemed to be statistically significant and the correlation was deemed to be of 
‘moderate’ strength, or better (n = 26, R2 > 0.3 and p < .05). Note that in the analyses 
completed for this study a number of functions produced identical equations and R2 values 
for the limited range of modulus values contained within each dataset. In this study R2 values 
applicable to the exponential, growth, logistic and compound functions were identical and, 
as shown in Figure 3.26, these functions have been considered as a single category for 
ranking purposes. 
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Figure 3.26. Frequency of function selection as ‘best-fit’ (i.e. maximum reported R2 value) 
from regression analysis, both for all datasets (N = 80) and significant / correlated datasets 
(n = 26). 
 
From Figure 3.26 it is observed the frequency of a linear relationship being considered the 
best fitting function was limited, with a comparative low frequency of selection produced in 
the overall (N = 80) assessment and the lowest frequency when the analysis was completed 
only upon datasets in which statistical significance and relative correlation strength was 
observed. This suggests that for the sites included in this study, the resultant PLT and LFWD 
modulus relationships provided by others (e.g. Nazzal, 2003, 2007; Seyman, 2001) were 
not replicated. 
 
As the ‘best-fit’ linear equation was also derived alongside the ‘best-fit’ non-linear equation, 
and R2 values calculated for both, an estimation regarding the difference in correlation 
strength between linear and ‘best-fit’ (linear or non-linear) relationships was also completed. 
This assessment is detailed in Table 3.26 which indicates that the correlation coefficient (R2) 
of the best-fit (non-linear) functions was, on average, 0.11 above the calculated R2 of the 
equivalent linear relationship. When considering only the 26 significant and correlated 
datasets, this R2 difference increased to 0.22. This reinforces the finding that the linear PLT 
and LFWD modulus relationships provided by others (e.g. Nazzal, 2003, 2007; Seyman, 
2001) were not replicated by this study. 
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Table 3.26. Average and range of R2 values produced for EPLT : ELFWD datasets, based on 
selection of linear or ‘best-fit’ relationship (linear or non-linear). 
Parameter All Data  Statistically Significant (p <.05) / Correlated (R2> 0.3) data 
No. of Tests (n) 80 26 
‘Best fit’ 
function 
R2 Range  0.01 – 0.95 0.36 – 0.95 
Average R2 0.38 0.72 
Fitted Linear 
function 
R2 Range 0.00 – 0.85 0.13 – 0.85 
Average R2 0.27 0.50 
Average Difference between 
‘best-fit’ and linear R2  0.11 0.22 
 
Instead of a linear relationship the exponential and power functions were the two (2) most 
frequent descriptors fitted to the datasets shown to exhibit a correlation of at least ‘moderate’ 
strength (R2 > 0.3). Combined, these two (2) functions accounted for 17 of the 26 datasets 
(65%). The nature of both of these functions provide relationships that infer the ELFWD values 
would increase at a greater rate than the comparative EPLT values. 
 
The identification that an inverse function best describes a portion of the highly correlated 
dataset is interesting, in that an inverse function will provide a limiting ELFWD value based on 
EPLT values. In this study, the six (6) datasets that were fitted by limiting functions were all 
from the Wandoan site, all exhibited ‘strong’ correlation coefficients (R2 > 0.70), and all had 
a limiting ELFWD value within a narrow range (45 MPa to 56 MPa). Due to the essentially 
closed form of this function, whereby an asymptote exists for ELFWD values, this was 
interpreted as further evidence of the site-specific nature of the EPLT to ELFWD relationship 
(i.e. different sites / materials will produce different limiting ELFWD values). 
 
As such, Table 3.27 details the breakdown of relationships by test site. This table indicates 
that individual site data exhibited a range of fitted distributions, but once composite sets of 
data were produced, only non-linear increasing functions (exponential and power functions) 
were fitted by the completed regression analysis. Accordingly, only these two (2) function 
types were further considered for the development of general relationships based on the 
data collected by this study. 
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Table 3.27. Frequency of type of function defined as providing ‘best-fit’ and statistically 
significant relationships, categorised by dataset origin 
Test Site 
Total no. of 
Datasets 
(p < .05, R2 >0.3) 
Expon
-ential 
et. al. 
Power Inverse Linear Log. 
Site 1 – Chapel Hill 1 - 1 - - - 
Site 2 – GUSBUS 4 1 2 - 1 - 
Site 3 – Wandoan 9 - 1 6 - 2 
Sites 1 & 2 2 1 1 - - - 
Sites 2 & 3 4 4 - - - - 
Sites 1, 2 & 3 6 3 3 - - - 
Total 26 9 8 6 1 2 
 
Table 3.28 defines the ‘best-fit’ equations derived for the prediction of ELFWD values 
standardised to 100kPa (i.e. 300mm diameter plate LFWD tests) from EPLT values for each 
individual site, based on the use of the secant and tangential modulus calculated from the 
initial loading cycle of the PLT (EPLT(i)-S and EPLT(i)-T respectively). The strength of the 
correlation for each defined relationship is also included in this table. 
 
Table 3.28. Defined 'best-fit' equations for 100kPa standardised ELFWD values 
Test Site PLT Modulus 
Function 
Type Equation R2 
Site 1 – 
Chapel Hill 
Tangent No statistically significant data with R2 > 0.3 – Secant – 
Site 2 – 
GUSBUS 
Tangent No statistically significant data with R2 > 0.3 – 
Secant Power ELFWD-100kPa = 0.49 x EPLT(i)-S-100kPa(1.80) 0.58
Site 3 – 
Wandoan 
Tangent No statistically significant data with R2 > 0.3 – 
Secant Power ELFWD-100kPa  = 15.38 x EPLT(i)-T-100kPa (0.30) 0.86
Sites 1 & 2 Tangent No statistically significant data with R2 > 0.3 – Secant – 
Sites 2 & 3 Tangent 
Expon-
ential 
ELFWD-100kPa  = 
13.85 x exp.(0.086 x EPLT(i)-T-100kPa) 0.78
Secant No statistically significant data with R2 > 0.3 – 
Sites 1, 2 
& 3 
(All Sites) 
Tangent Expon-ential 
ELFWD-100kPa  = 
16.23 x exp.(0.058 x EPLT(i)-T-100kPa) 0.48
Secant Expon-ential 
ELFWD-100kPa  = 
13.37 x exp.(0.059 x EPLT(i)-S-100kPa) 0.49
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Table 3.29 summarises the outcome of a similar analysis completed for LFWD and PLT 
tests that produced 500kPa standard values (i.e. LFWD tests using a 100mm diameter 
plate). From the analysis completed only data obtained from a single site (Wondoan site) 
was observed to produce a reportable (p < .05 and R2 > 0.3) correlation. No datasets of 
composite data – representing data combined from the two (2) sites at which LFWD 100mm 
diameter testing was completed (Chapel Hill and Wondoan sites) – was found to provide 
reportable results. 
 
Table 3.29. Defined 'best-fit' equations for 500kPa standardised ELFWD values 
Test Site PLT Modulus 
Function 
Type Equation R2 
Site 3 – 
Wandoan 
Tangent Inverse ELFWD-500kPa = (-25.75 / EPLT(i)-T-500kPa) + 47.19 0.90
Secant Inverse ELFWD-500kPa = (-41.12 / EPLT(i)-S-500kPa)) + 46.53 0.95
 
Note that both the equations provided in Table 3.29 are in the form of inverse functions and 
provide limiting ELFWD values as the EPLT value increases. As such, these derived 
relationships should be viewed as site specific. However, the high R2 values (R2 > 0.9) 
reported for the correlation of data pairs suggest that the EPLT values are directly associated 
with the ELFWD values, with only minimal (< 5%) influence from other (unknown and 
uninvestigated) factors. 
 
3.11.5. General Equations relating ELFWD and EPLT values 
 
From the interpretation of the frequency of statistical significance and strength of correlations 
produced for each ELFWD and EPLT dataset analysed, it has been established that the best 
relationships are defined when standardised ELFWD values obtained using a 300mm plate 
(i.e. ELFWD-100kPa values) are compared with the secant or tangential EPLT modulus values 
derived from the initial loading cycle of the PLT (i.e. EPLT(i)-S or EPLT(i)-T). 
 
The results obtained from the three (3) sites studied by side-by-side PLT and LFWD testing 
indicate that the EPLT to ELFWD results can be highly correlated when site-specific comparison 
testing is completed. However, once all the available data was combined into composite 
datasets, the strength of the EPLT : ELFWD correlation was observed to fall to a ‘moderate’ 
strength correlation (R2 ~ 0.5). 
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For the range of modulus values observed during this study (EPLT(i) < 40 MPa), generic 
equations have been produced that relate the ELFWD-100kPa  and EPLT(i)-100kPa values. Two (2) 
equations are provided that relate the secant and tangential modulus to the ELFWD-100kPa 
values respectively (Equation 3.13 and Equation 3.14).  
 
ELFWD-100kPa = 16.23 x exp.(0.058 x EPLT(i)-S-100kPa)   (R2 = 0.48)  (Equation 3.13) 
 
ELFWD-100kPa = 13.37 x exp.(0.059 x EPLT(i)-T-100kPa)   (R2 = 0.49)  (Equation 3.14) 
 
The two (2) defined generic equations are plotted in Figure 3.27 for the range of modulus 
values observed during this study (EPLT(i) < 40 MPa), along with the data points used to 
derive the relationships. This figure shows that the maximum difference in the resultant 
ELFWD-100kPa based on the selected equation is 15% (at the upper bound of EPLT(i) = 40 MPa). 
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(a) 
 
(b) 
 
(c) 
Figure 3.27. Defined relationship between standardised (100kPa) PLT and LFWD modulus 
values. (a) Curves defined utilising PLT modulus derived from Tangent (T) and Secant (S) 
modulus at 100kPa pressure; (b) Relationship derived using secant (S) curve overlaid with 
raw data pairs; and (c) Relationship derived using tangent (T) modulus overlaid with raw 
data points. 
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3.11.6. Effect of LFWD plate size 
 
The PLT tests completed at the Chapel Hill site were completed with a 150mm diameter 
rigid plate, whilst the PLT tests completed at the other two (2) sites were completed using a 
300mm diameter plate. Accordingly, for the Chapel Hill site it was expected that the ELFWD 
values obtained using a 100mm diameter plate (i.e. ELFWD-500kPa) would present stronger 
relationships with the PLT moduli than those obtained using a 300mm diameter plate (ELFWD-
100kPa). However, this was not observed within the results, and a slightly greater frequency 
of statistical relationships and strength of correlation (R2) was observed when the ELFWD-
100kPa values were paired to the PLT derived modulus values, compared to the ELFWD-500kPa 
values.  
 
Similarly, the LFWD testing completed at the Wandoan site utilised both 100mm and 300mm 
diameter plates, whilst the PLT testing completed was conducted with a 300mm diameter 
rigid plate. It was thus expected that the LFWD testing completed with the 300mm diameter 
plate would display a stronger correlation with the PLT moduli, as the contact (surface) area 
of the plates used in each test were identical. However, both the ELFWD-100kPa and ELFWD-
500kPa were approximately equally correlated with the PLT modulus values, as the ELFWD-
100kPa : ELFWD-500kPa value for the site was approximately 1.0 (i.e. no significant difference in 
modulus determined by either tests completed using a 100kPa or 500kPa plate). 
 
These results suggest that in addition to the EPLT : ELFWD relationship being site / material 
specific, so too is the ELFWD-100kPa : ELFWD-500kPa ratio. 
 
3.11.7. Limitations of dataset size 
 
The primary limitation associated with this study was the variation in the equipment used for 
the PLT tests were completed across the three (3) study sites, with regard to both the 
diameter of the utilised rigid plate and the number of loading cycles applied. These variables 
were altered due to the available reactive load at the Chapel Hill site (150mm diameter 
plates) and the time available for test completion at the Wandoan site (1 loading cycle only).  
As a result of the variation in PLT results, the datasets produced for site limited the amount 
of data that could be compiled into combined datasets. For example, as the Wandoan site 
PLTs only included a single load cycle, the combined PLT datasets relating to reloading 
cycles was limited to data collected at the Chapel Hill and GUSBUS sites. 
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3.12. Conclusions 
 
Side-by-side LFWD and PLT tests were completed at three (3) spatially discrete sites, with 
Figure 3.28 graphically summarising the comparative PLT and LFWD test data that has 
been detailed and analysed within Chapter 3.  
 
 
Figure 3.28. Summary of work completed for PLT and LFWD comparative testing and 
reported in Chapter 1 
 
From the work detailed within Chapter 3, it has been demonstrated that insitu modulus 
parameters determined by LFWD testing can be correlated to those produced by similar 
PLT testings. This provides confidence in the applicability / use of the LFWD for project 
applications, and has shown that the LFWD could be used as an effective method of QA. 
Based on the performance of the LFWD in such conditions, the LFWD could provide a cost 
effective approach for quality control. This finding is especially relevant to conditions where 
granular fill is placed and thus standard sand replacement or nuclear gauge testing would 
not be applicable for QA. 
 
Regardless of the specific ELFWD:EPLT relationships defined by this study – which was 
completed primarily upon granular materials representative of road construction materials – 
this research demonstrated the results of PLT and LFWD testing were directly correlated. 
This supports the assertion that the LFWD can be considered to provide a composite 
modulus value of the near surface that is relatable to the elastic, static modulus accepted to 
be determined by PLTs. This also demonstrates that the LFWD should be considered a valid 
method of direct measurement of the insitu, composite modulus of the near-surface (and 
provide a cheaper / quicker alternative when compared to the PLT). Accordingly, the work 
detailed in this Chapter validates the use of the LFWD for ‘characterisation’ of near-surface 
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materials at any location where the PLT would be ‘industry-accepted’ for use. This includes 
the utilisation of such techniques within both construction (QA) and site investigation 
projects. 
 
Specifically, this project has confirmed that the insitu modulus parameter reported by the 
LFWD (and PLT) is ‘stress dependent’. From the comparative PLT and LFWD tests 
completed it has been demonstrated that the best relationship between corresponding insitu 
E modulii exist when the ELFWD parameter is compared to the secant and tangent PLT of the 
initial loading cycle (i.e. EPLT(i)-S or EPLT(i)-T). 
 
Furthermore, the research has documented a consistent interpretation method for LFWD 
test results, and identified how to report ELFWD values ‘standardised’ to a specific test 
pressure (e.g. 100kPa). The highest strength correlations between LFWD and PLT results 
were obtained by undertaking these additional interpretation steps, such that EPLT-100kPa 
results were compared to ELFWD-100kPa values. 
 
Combining all the data for the various site conditions assessed, generic relationships were 
produced that directly related the standardised LFWD (ELFWD-100kPa) test results with 
standardised PLT test results (EPLT(i)-S-100kPa and EPLT(i)-T-100kPa test results). It was determined 
that an exponential function was best fitted to relate the corresponding insitu modulus pairs. 
 
Notwithstanding these derived generic relationships, this study has also identified that higher 
strength correlations can be achieved if site / material specific calibrations are conducted. 
Higher R2 values between the insitu LFWD and PLT moduli were observed when data was 
considered on a site specific basis, in comparison to analysis completed upon the 
aggregated / combined (all investigated sites) dataset. 
 
This study also demonstrated that the zone of influence of the ELFWD exceeded a depth equal 
to the diameter of the plate used for the LFWD test. Results of tests completed using 300mm 
diameter plates and upon a 300mm thick layer of gravel, were influenced by the underlying 
subgrade material. The depth of the LFWD test is further investigated in Chapters 4 and 5 
of this thesis. 
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4. CHAPTER 4.  Direct Insitu Modulus Measurement – LFWD compared to 
DCP test 
4.1. Introduction 
 
Chapter 3 investigated, validated and discussed the relationship between the LFWD and 
the ‘standard’ measure of insitu modulus values, the static PLT. However, a major constraint 
associated with both these tests is their limitation of characterising only the near-surface 
immediately below the test equipment. In order to increase the application and utilisation of 
modulus parameters for design purposes, one should also be able to assess any likely insitu 
modulus change with depth.  
 
Similar to the comparison tests completed between the Plate Load Test (PLT) and LFWD 
detailed in Chapter 3, this chapter focuses on research completed that correlates the 
penetration rate of a commonly utilised field penetration test, namely the Dynamic Cone 
Penetrometer (DCP), with the insitu modulus as determined by the LFWD (ELFWD).  This 
chapter compares results of side-by-side LFWD and DCP testing of SEQ residual soils. By 
establishing a relationship between the results obtained from both these tests, a modulus 
profile extending to the depth of DCP testing may be established. Hence, a surface-based 
insitu modulus reading for LFWD testing, representing a shallow depth profile, may be 
extrapolated to the greater depths associated with DCP testing. 
 
4.2. Objectives of DCP versus LFWD Study 
 
The objective of the study detailed within this chapter was to establish and document a 
methodology whereby a standardised Young’s Modulus value (E) could be estimated from 
the results of DCP testing. 
 
Potential relationships between the LFWD method of insitu modulus testing (to produce 
standardised ELFWD values) and the rod penetration rate observed during DCP testing has 
been completed via examination of results of side-by-side testing conducted at a number of 
locations of residual soils within South East Queensland (SEQ), Australia. By repeating 
comparative DCP and LFWD tests at a number of locations an assessment of the existence, 
robustness and variability of any derived relationship could be made, thus also allowing an 
assessment of the applicability of such a relationship for widespread adoption. 
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As the DCP test was expected to extend beyond the zone of influence of the LFWD, the 
results of the completed side-by-side testing could also be used to establish the penetration 
depth of the LFWD equipment utilised for this study. 
 
4.3. Rationale and limitations of study 
 
The design modulus of materials has historically been estimated by use of simple site 
investigation testing, such as the DCP. The DCP is currently considered to provide a 
pragmatic compromise to either solely estimating a material’s modulus based on soil 
descriptions alone, and the comparatively high cost of completion of other methods of direct, 
insitu measurement (e.g. PLTs.) 
 
Various correlations between DCP penetration rates and the Elastic (Young’s) Modulus of 
a material, either by direct (DCP  E) or indirect methods (e.g. DCP  CBR  E) have 
been previously published (for examples, refer Section 4.5). However, the adoption of a 
number of generic equations to determine design properties also increases the scope for 
inclusion of error. This investigation was aimed at providing both guidance on the 
applicability of existing DCP  CBR  E correlations to the condition of near-surface 
materials found in South East Queensland, and also ascertain the feasibility of removing 
any intermediate step required when correlating DCP results values modulus values (i.e. 
sidestep initial correlation with CBR values). This work aimed to produce a QLD specific 
DCP  ELFWD correlation that could be adopted to estimate the insitu composite modulus of 
the near surface based on the results of DCP investigations. 
 
Note that the comparative DCP and LFWD study detailed within this chapter does not 
attempt to assess the relative errors (measurement or operator error) or inherent variability 
(material, temporal or spatial) associated with the results of each test. These issues are 
further discussed and quantified in Chapter 6 of this document.  
 
4.4. Equipment 
 
Standardised equipment and testing methodologies were utilised for the collection of all data 
at each of the sites considered for this study. The two (2) pieces of insitu testing equipment 
used in this comparative study were the Prima 100, a commercially available LFWD, and 
DCP equipment that conformed to the relevant Australian Standard, namely AS1289.6.3.2 
(1997). 
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4.4.1. Light Falling Weight Deflectometer (LFWD) 
 
The LFWD equipment and configuration used for the determination of insitu modulus values 
was the same as previously described in Chapter 3 (refer Section 3.4). All testing was 
completed in general accordance with ASTM Standard E2835 (2011). 
 
At all sites where LFWD testing was completed for comparison with DCP testing, a 300mm 
diameter plate was fitted to the LFWD, and thus the ELFWD standardised to an applied stress 
of 100kPa have been determined for this study (refer Section 3.7 for further details regarding 
this standardisation of LFWD results). 
 
4.4.2. Dynamic Cone Penetrometer (DCP) 
 
In contrast to the PLT, which requires a heavy reaction force for test completion, the DCP is 
a simple, portable and low cost tool used as an indicator of strength and variation within a 
sub-surface profile. The DCP test involves the repeated dropping of a weight form a uniform 
drop height (i.e. to produce a consistent driving stress from each hammer blow) to induce 
the penetration of a solid cone into the subsurface. Figure 4.1 shows the DCP tool, which 
has different configurations (hammer weight, drop height and angle of cone) in various 
countries.   
 
 
Figure 4.1. Dynamic Cone Penetrometer equipment (from Look, 2014) 
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All DCP tests completed as part of this investigation were conducted in general accordance 
with AS1289.6.3.2 (1997), which stipulates test equipment incorporate a 300 angled cone, a 
510mm drop height and a 9kg mass.  
 
Differences exist between the Australian standard test equipment and that specified by other 
countries. Specifically, the hammer weight, drop height and the dimensions of penetration 
cone may vary. DCP configurations utilised in other global regions (e.g. United States of 
America) typically comprise a 600 cone, 8kg mass and 575mm drop height (as per ASTM 
6951, 2009).  However, as the hammer energy imparted upon the striker anvils can be 
calculated to approximately equal either of these DCP configurations, correlations derived 
by results of completed tests in any locality are often adopted by others without modification. 
 
DCP tests are completed by repeated hammer blows (weight drops) until the required rod 
depth or rod refusal is effectively reached. Rod refusal is defined by AS1289.6.3.2-1997 as 
eight (8) hammer blows resulting in less than 20 mm penetration. The results of the DCP 
test can be reported as either: (a) Penetration Resistance (PR or DCP-PR or Np), the number 
of blows required to produce a rod penetration of a standard length (normally 100mm or 
300mm); or (b) the length of rod penetration produced per single hammer blow, in millimetres 
/ blow (denoted DCPI). 
 
DCP test results (PR values) are then, via generic correlations, used to infer relative density 
/ consistency categories of the subsurface profile or to derive material parameter profiles 
(e.g. shear strength, insitu California Bearing Ratio (CBR) or modulus values). However 
these conversions are known to be dependent on the type of soil (e.g. Webster et. al., 1994). 
 
In SEQ, DCP testing is routinely used during site characterisation of the near-surface. 
However, as described in Chapter 2, may SEQ residual soils contain gravel and weathered 
rock fragments. Such materials often inhibit the penetration of the DCP and can result in an 
erroneous assessment of the stiffness of the residual soil materials. 
 
4.5. Literature Review of Existing DCP to E Correlations 
 
Seyman (2001) and Nazzal et. al. (2007) have both directly correlated measured ELFWD 
values and DCP penetration rates using a 600 cone, and their published relationships are 
reproduced in Equations 4.1 and 4.2 respectively. Both relationships utilise DCP rod 
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penetration per hammer blow (DCPI, measured in mm per hammer blow) and the same 
brand of LFWD employed by the current study, albeit with a different sized (200mm 
diameter) bearing plate.  
 
ELFWD-200mm = 2191.4 / DCPI   (R2 = 0.72) (Equation 4.1) 
ELFWD-200mm = 5301.54 / [8.31 + (DCPI1.44)]  (R2 = 0.87) (Equation 4.2) 
 
It is noted that Seyman (2001) utilised DCPI values that were calculated by averaging the 
top 305mm of the subsurface – the equivalent of DCP-PR values – whilst Nazzal et. al. 
(2007) did not detail how the selected PR value was determined (i.e. minimum, median, 
average or maximum PR value over a constant depth interval or material unit etc.) 
 
The two (2) listed relationships were also derived solely from testing of compacted fill 
materials (subgrade or embankment fill) or uniform construction materials (processed clay, 
sands and gravels) within controlled conditions. Accordingly, any inherent strength or 
structural properties present within a natural soil profile, such as those present in SEQ and 
tested by this study, would not have been present within the materials investigated by these 
studies. 
 
In addition, as per the noted limitations of Seyman (2001) and Nazzal (2007) described in 
Chapter 3, the weight drop heights utilised for the LFWD testing was not reported for these 
studies, and no standardisation of the LFWD derived modulus appeared to be completed 
prior to correlation with DCP values. Accordingly, the correlations reported by these authors 
between LFWD moduli and DCPI values should be viewed as specific to the particular, and 
unknown, LFWD test equipment arrangements utilised for their studies. 
 
Notwithstanding these limitations, by plotting Equations 4.1 and 4.2 for the range of DCPI 
values exhibited within the relevant Australian Standard (300mm to 2.5mm penetration per 
hammer blow), as shown in Figure 4.2, an estimation of the expected range of LFWD derived 
insitu modulus parameter (ELFWD) can be made (i.e. ELFWD = 1MPa to 900MPa). 
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Figure 4.2. Historical DCP to LFWD relationships, shown for the extent of the Australian 
Standard method of DCP testing. 
 
Other studies have previously published correlations that used DCP test results to estimate 
a soil’s Young’s Modulus (Es), Resilient Modulus (MR) or modulus determined via Falling 
Weight Deflectometer testing (MFWD). Table 4.1 presents commonly adopted examples of 
previously published correlations and references, with the envelope of resulting equivalent 
moduli shown in Figure 4.3. 
 
Table 4.1.  Examples of previously published DCP to E correlations 
Reference Proposed Relationship Comments 
Pen (1990) Log (Es) = 3.25 - 0.89 Log (DCPI) – Log (Es) = 3.652 -1.17 Log (DCPI) – 
De Beer (1991) Log (Es) = 3.05 – 1.07 Log (DCPI) – 
Chai and Rosalie 
(1998) 
E (MPa) = 17.6 x (269/PR)0.64 PR is mm/blow averaged over 
300mm length rod penetration E (MPa) = 2224  x PR-0.996 
Chen et al. (2005) MFWD = 338 (PR)-0.39 For 10 < PR < 60 mm/blow 
George and 
Uddin (2000) 
MR = 235.3 x PR-0.48                                (coarse grained soils) 
MR = 532.1 x PR-0.492                       (fine grained soils) 
Abu-Farakesh et. 
al. (2005) Ln (MFWD) = 2.35 + 5.21 / Ln (PR) – 
Peterson and 
Peterson (2006) Log (ES) = 3.05 – 1.07 Log (PR) – 
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Figure 4.3. Envelope of equivalent modulus value, based on the historical DCPI to E 
relationships detailed in Table 4.1. 
 
Numerous other multi-step conversions between DCP results and E parameters have been 
published. For example, DCP to CBR (e.g. Harrison, 1987; Webster et. al., 1994) and CBR 
to E (e.g. AASHTO, 1993; NCHRP, 2004). Although beyond the scope of reporting within 
this document, the selection of various configurations of such relationships can result in a 
large variation of E values from a single DCP value. 
 
4.6. Methodology 
4.6.1. Site Locations 
 
The study involved side-by-side DCP and LFWD testing of seven (7) spatially separate field 
test locations located within South East Queensland. The testing sites were named: 
 Site 1 – Chapel Hill Site 
 Site 2 – Wide Bay training Area, Unmanned Aerial Airstrip 
 Site 3 – Sunshine Coast Landslip site 
 Site 4 – Kinsellas Road East bridge and approaches site 
 Site 5 – Brown’s Plains Bus Station site 
 Site 6 – Wulkaraka Site 
 Site 7 – Port of Brisbane Site 
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The distribution of the sites is shown via overlay of a map of South East Queensland in 
Figure 4.4. There was an approximate 185 km distance between the most northerly and 
southerly located sites. 
 
Brief descriptions of the material units and subsurface profile present at each test site are 
included alongside the DCP and LFWD test results obtained at each site, in Sections 4.7 
through 4.13. 
 
 
Figure 4.4. Map of South East Queensland, showing location of sites where DCP and 
LFWD testing was completed (base imagery from mapbox.com) 
 
4.6.2. Standardised Test Methodology 
 
For each site, DCP and LFWD testing were completed via a standardised method and test 
arrangement. LFWD testing of each location was completed using a 300mm diameter plate 
and repeated testing (n ~ 10) at various weight drop heights. The collected LFWD data was 
subsequently processed as per the methodology previously described in Section 3.7, to 
provide QA of the data records and produce standardised moduli values (ELFWD-100kPa) for 
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each test location. This surface observed, insitu modulus value then became the reported 
value utilised for direct comparison with DCP test results. 
 
Immediately alongside each LFWD test location, a DCP test was completed in which the PR 
profile (hammer blows / 100mm rod penetration) was determined. Each DCP test was 
continued to test termination as per AS1289.6.3.2-1997, or to a depth of at least 0.6m. This 
depth equates the maximum zone of influence expected for a 300mm diameter static plate 
load test (twice the plate diameter, 2D = 2 x 300 mm = 600 mm depth) which, in turn, has 
been reported to be deeper than the zone of influence of a dynamic plate test (e.g. Fleming, 
2001; Nazzal et. al. 2007). Accordingly, for each test location a DCP PR versus depth profile 
is created, similar to that shown in Figure 4.5. 
 
 
Figure 4.5. Typical DCP PR versus depth profile, as created for each completed DCP test. 
 
Table 4.2 details the number of side-by-side DCP and LFWD tests completed at each of the 
seven (7) sites investigated by this study, and thus the number of DCP PR profile and LFWD 
moduli (ELFWD-100kPa) paired data available for further analysis. 
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Table 4.2.  Details of DCP and LFWD test pairs completed at each site 
Site ID Site Name No. of DCP / LFWD test sites 
1 Chapel Hill (CH) 14 
2 Wide Bay Training Area (WBTA) 15 
3 Sunshine Coast Landslip (SCL) 4 
4 Kinsellas Road East (KSE) 7 
5 Brown’s Plains (BP) 24 
6 Wulkaraka (WKA) 6 
7 Port of Brisbane (POB) 8 
ALL TOTAL 78 
 
4.6.3. Site-specific correlation between DCP and LFWD data 
 
The initial correlation of DCP to LFWD test results was completed on an individual site basis, 
in which the standardised insitu modulus value (ELFWD-100kPa) was compared to the PR value 
calculated over the expected LFWD’s zone of influence. 
 
In order to complete this analysis the number of hammer blows required for total rod 
penetration of 100mm, 150mm, 200mm, 300mm, 400mm, 450mm and 600mm was 
determined, and DCPI values (average rod penetration per hammer blow, in mm) calculated 
for each for each penetration interval (denoted DCPI100mm, DCPI150mm etc.). The intervals of 
rod penetration were selected as regular multiples of the 300mm diameter plate (D) used 
for the LFWD testing, and ranged from 0.33D to 2D.  
 
Each DCPI value was subsequently linked with to the corresponding standardised LFWD 
values to produce a data pair for each tested location. All data pairs within a single site were 
then compared to determine the significance (p value) and strength (R2) of the relationship 
that exists between the DCPI and LFWD data of that site. The same statistical assessment 
as that adopted for the LFWD and PLT analysis was utilised by this study (refer Section 
3.11), in which a two-tailed alpha level cut-off of .05 was adopted (i.e. p < .05) as the 
definition of a ‘significant’ relationship for the independent samples t-test performed. 
 
Accordingly, from the analysis completed for each site an assessment of the ‘significance’ 
and ‘strength’ of the relationship between each of the seven (7) DCPI values and the 
corresponding ELFWD-100kPa was determined. By ranking the ‘strength’ of the relationships 
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identified as being statistically ‘significant,’ the depth of the zone of influence of the LFWD 
could also be determined. 
 
4.6.4. Limitations of direct correlation analysis 
 
It is noted that the correlations detailed within this chapter assumed an equal contribution of 
materials contained within each zone of influence (100mm to 600mm depth) to the insitu 
modulus parameter observed from surface based testing. That is, the DCP PR value for the 
lowest 100mm within the selected zone of influence was considered to be of equal 
importance to the 100mm immediately below the surface.  
 
However, this is intuitively incorrect, as the measurement of the composite modulus value 
from a surface based test would likely be influenced to a greater degree by the material 
properties that exist immediately below the test location and to a lesser degree by material 
properties that exist at a greater distance from the location of the test. This can be 
considered equivalent to the decay of stress magnitude that is observed with depth. 
 
This concept is further considered in Chapter 5 of this document, whereby FEM modelling 
of LFWD and PLTs allowed the incorporation of the decay of stress and strain as the depth 
from surface increased into the correlation between DCP and insitu E values. 
 
However, no weighting of the observed DCP PR or DCPI values over the assumed zone of 
influence appears to have been considered by previous studies which related DCP results 
to modulus values. Accordingly, a constant relationship in the calculation of DCPI values 
has also been adopted for this study, such that derived relationships can be directly 
compared with those presented previously by others. 
 
4.7. Site 1 – Chapel Hill Site 
4.7.1. Site Location and subsurface properties 
 
The Chapel Hill site in which LFWD and DCP testing was completed was the same site at 
which comparative LFWD and PLT testing was completed (refer Chapter 3). The location at 
which the LFWD and DCP tests were completed was within 20 year old fill material of 
residual origin.  
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As part of the site characterisation completed at the time of testing, a suite of laboratory 
testing of the encountered material was also completed. Particle Size Distribution (PSD), 
Atterberg limits, linear shrinkage and moisture content tests were completed at regular 
intervals within the subsurface investigated, with the range, average and Coefficient of 
Variation (CoV) values of these results shown in Table 4.3.  
 
From the laboratory classification tests performed, a predominant Unified Classification 
System (UCS) designation of Sandy Clayey Gravel was considered appropriate for the 
residual fill material encountered at this site. 
 
Table 4.3.  Residual clayey fill material properties (Site 1 – Chapel Hill) 
Parameter Range (%) 
Average / 
CoV (%) Parameter 
Range 
(%) 
Average / 
CoV (%) 
No. of Samples 12 No. of Samples 12 
Liquid Limit 26 - 58 43 / 24% Gravel (>2.36mm) 2 - 54 27 / 70% 
Plastic Limit 17 - 42 25  / 27% Sand (>0.075mm, 
<2.36mm) 17 - 46 32 / 32% Plasticity Index 8 - 25 18 / 35% 
Linear Shrinkage 3.5 – 10.0 7 / 29% Fines (<0.075mm) 26 - 56 40 / 27% 
Field Moisture 
Content (%) 17 - 31 20 / 22%  
 
4.7.2. Summary of LFWD / DCP Result Pairs 
 
The results of the side-by-side DCP and LFWD testing completed at the Chapel Hill site are 
summarised in Table 4.4. A total of 14 LFWD tests were completed within 3 test pits, each 
excavated up to 500mm depth. Table 4.4 also details the LFWD moduli determined for each 
location standardised to a 100kPa pressure (ELFWD-100kPa), as determined by the processing 
methodology outlined in Section 3.7.  
 
Note that for each of the three (3) test pits completed at this site, two (2) LFWD tests were 
completed at the same location and depth such that two (2) ELFWD values correspond to a 
single DCP test. Photos of the testing undertaken are included in Appendix B.3. 
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Table 4.4.  Summary of Results of side-by-side DCP and LFWD testing – Site 1 (Chapel Hill) 
Test ID 
Standardised insitu 
Modulus from LFWD 
(ELFWD-100kPa) (MPa) 
Average DCPI Value (mm / Hammer Blow) 
DCPI100mm DCPI150mm DCPI200mm DCPI300mm DCPI400mm DCPI450mm DCPI600mm 
CH–01 23.1 50 50 50 60 57 56 60 
CH–02 24.6 50 50 50 60 57 60 60 
CH–03 46.1 50 60 67 60 67 64 60 CH–04 17.4 
CH–05 17.0 100 100 100 75 80 64 46 
CH–06 16.2 100 100 100 100 80 75 67 
CH–07 16.2 100 100 100 75 57 56 55 
CH–08 55.7 50 50 50 43 44 45 46 CH–09 47.3 
CH–10 40.2 50 50 50 50 57 56 46 
CH–11 42.4 33 33 33 33 37 38 40 
CH–12 106.3 50 50 50 38 37 35 30 CH–13 88.8 
CH–14 36.5 > 100 150 100 75 50 47 35 
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4.7.3. Site Specific ELFWD-100kPa to DCPI correlation 
 
The Minitab (v. 17, 2013) statistical software suite was used to complete a regression 
analysis to produce a direct correlation between the insitu modulus and paired DCP data. 
For each zone of influence (i.e. each set of PR values), the correlation indicating the best fit 
was isolated, as presented in Table 4.5. This table also indicates the correlation coefficient 
(R2) of this derived relationship, and an assessment of the statistical significance of the 
relationship (p-value) as determined by the t-test.  
 
Table 4.5.  Equations of best fit to relate ELFWD-100kPa and PR values – Site 1 (Chapel Hill)  
Comparison  
(ELFWD-100kPa vs.) Best Fit Equation 
Correlation 
Coefficient (R2) 
Significance  
(p-value) 
PR100mm ELFWD-100kPa = e(2.71 + 46.86/PR) 0.22 .93 
PR150mm ELFWD-100kPa = e(2.66 + 50.73/PR) 0.25 .70 
PR200mm ELFWD-100kPa = 95.67 x e(-0.015/PR) 0.36 .02 
PR300mm ELFWD-100kPa = 17,132 x PR(-1.55) 0.65 .01 
PR400mm ELFWD-100kPa = e(1.65 + 96.95/PR) 0.68 < .01 
PR450mm ELFWD-100kPa = e(1.50 + 101.85/PR) 0.71 < .01 
PR600mm ELFWD-100kPa = 364 – 83.77ln(PR) 0.64 .01 
 
From this table it can be observed that a significant relationship (i.e. p < .05) is observed for 
the relationships determined using PR values averaged over 200mm or greater depth 
interval. Use of PR values averaged over a 300mm or greater depth provided the strongest 
R2 values (R2 > 0.65), with the PR values averaged over 400mm and 450mm providing the 
strongest correlations with the standardised LFWD moduli (R2 ~ 0.70). Figure 4.6 presents 
the ELFWD and PR450mm dataset, overlaid by the correlated relationship. 
 
Chapter 4                                           Insitu Modulus Testing – LFWD and DCP comparison 
 
– 128 – 
 
Figure 4.6. Relationship of strongest correlation (R2) between DCP and LFWD results – 
Site 1 (Chapel Hill).  
 
It is noted that when the fitted equations are plotted against DCP blow count / 100mm rod 
penetration there is a large amount of moduli change associated with each hammer blow 
count. For example, as detailed in Table 4.6, use of these equations with DCP blow counts 
of 1 and 3 for 100mm rod penetration (i.e. PR = 30 and 100mm respectively), would equate 
to a predicted moduli increase of between 500 and 750%. This is expected to be due to the 
range of moduli determined by LFWD testing at this individual site, and the comparative 
insensitivity of the DCP results (i.e. large spread of LFWD reported modulus (ELFWD = 16 – 
100 MPa) whilst DCP values were generally 1 – 4 blows / 100mm rod penetration).  
 
Table 4.6.  Interpolated ELFWD values based on best-fit equation various DCP blow count 
– Site 1 (Chapel Hill)  
DCP Blow Count  
(Hammer Blows / 100mm Rod 
Penetration) 
Interpolated ELFWD-100kPa by use of best-fit equation
300mm 
(PR300mm) 
400mm 
(PR400mm) 
450mm 
(PR450mm) 
1 13.6 13.7 12.4 
2 39.8 36.2 34.4 
3 76 98 98 
4 117 252 263 
5 165 663 730 
10 (Outside investigated range) 483 84541 118776 
20 (Outside investigated range) 1415 1.37E+09 3.15E+09 
0 50 100 150 200 250 300
Average PR (mm / blow)
50
100
150
200
PR-450mm
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4.8. Site 2 – Wide Bay Training Area 
 
A total of 15 LFWD tests and immediately adjacent DCPs were completed during the site 
investigation of the Wide Bay Training Area (WBTA). The LFWD’s were completed 
predominantly at the existing ground surface level, with two (2) being completed upon the 
base of excavated test pits of up to 1.25m depth. Table 4.8 (overleaf) summarises both the 
standardised LFWD moduli and the calculated DCPI values for each of considered ‘zone of 
influence’. Photos of the LFWD testing and typical site conditions present at the WTBA are 
included in Appendix B.4. 
 
Table 4.7 details the results of material tests completed on ‘typical’ materials at the WBTA 
site (sampled and laboratory testing completed by others). Based on the particle size 
distribution, the tested materials are considered mixtures of residual Sandy Clay / Clayey 
Sand soils. 
 
Table 4.7.  Residual soil material properties (Site 2 – Wide Bay Training Area) 
Parameter Range (%) 
Average / 
CoV (%) Parameter 
Range 
(%) 
Average / 
CoV (%) 
No. of Samples 5 – 7 No. of Samples 7 
Liquid Limit 21 – 56 37 / 39% Gravel (>2.36mm) 0 – 2 0.4 / 184% 
Plastic Limit 13 – 21 17 / 17% Sand (>0.075mm, 
<2.36mm) 42 – 77 60 / 27% Plasticity Index 4 – 31 21 / 61% 
Linear Shrinkage 0 – 13 8 / 69% Fines (<0.075mm) 22 - 58 39 / 40% 
Field Moisture 
Content (%) Not Reported 
CBR (1 point, 4 
day soaked) 3 - 40 22 / 59% 
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Table 4.8.  Summary of Results of side-by-side DCP and LFWD testing - Site 2 (Wide Bay Training Area) 
Test ID 
Standardised 
insitu Modulus 
from LFWD 
(ELFWD-100kPa) (MPa) 
Average DCPI Value (mm / Hammer Blow) 
DCPI100mm DCPI150mm DCPI200mm DCPI300mm DCPI400mm DCPI450mm DCPI600mm 
WBTA–01 34.2 100 100 100 100 80 75 67 
WBTA–02 17.0 100 100 100 100 80 69 60 
WBTA–03 53.6 33 23 20 9 No Data / DCP Refusal 
WBTA–04 54.8 20 21 22 25 27 28 30 
WBTA–05 38.0 100 75 67 60 50 50 50 
WBTA–06 29.0 100 60 50 43 44 43 40 
WBTA–07 33.7 50 50 50 50 50 53 55 
WBTA–08 22.2 100 150 200 150 133 129 120 
WBTA–09 15.9 100 100 100 100 100 100 100 
WBTA–10 28.2 50 50 50 50 44 45 50 
WBTA–11 14.3 100 75 67 60 57 50 43 
WBTA–12 16.5 100 150 200 300 200 180 150 
WBTA–13 11.5 100 150 200 150 200 180 120 
WBTA–14 14.1 300 300 200 150 133 129 120 
WBTA–15 37.8 100 100 100 75 67 60 50 
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Table 4.9 details the estimation of ELFWD-100kPa prediction curves for each of the analysed 
averaged PR values, along with the strength (R2) and statistical significance (p) of the fitted 
equations. Statistically significant correlations (p < .05) were found to exist for all assessed 
PR datasets, with the greatest strength correlation (R2 = 0.7) found to exist when the DCP 
profile was averaged over a limited (150mm to 200mm) depth interval. 
 
Table 4.9.  Equations of best fit to relate ELFWD-100kPa and PR values – Site 2 (Wide Bay 
Training Area)  
Comparison  
(ELFWD-100kPa vs.) Best Fit Equation 
Correlation 
Coefficient 
(R2) 
Significance 
(p-value) 
PR100mm ELFWD-100kPa = 14.4 + (917.7/PR) 0.58 .01 
PR150mm ELFWD-100kPa = 13.8 + (895.2/PR) 0.70 < .01 
PR200mm ELFWD-100kPa = 14.4 + (836.3/PR) 0.69 < .01 
PR300mm ELFWD-100kPa = 84.2 – 13.1Ln(PR) 0.64 < .01 
PR400mm ELFWD-100kPa = 8.7 + (1142.1/PR) 0.65 .01 
PR450mm ELFWD-100kPa = 7.9 + (1161.9/PR) 0.61 .01 
PR600mm ELFWD-100kPa = 6.5 + (1185.6/PR) 0.54 .03 
 
Figure 4.7 presents the Site 2 data and fitted correlations between the LFWD and PR data 
using the strongest correlated relationship (PR150mm) and the PR400mm data (strongest 
correlation beyond the depth equivalent to the plate diameter of 300mm). 
 
 
Figure 4.7. Relationship of strongest correlation (R2) between DCP and LFWD results – 
Site 2 (Wide Bay Training Area).  
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Average PR (mm / blow)
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PR-400mm (     = 0.65)
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Chapter 4                                           Insitu Modulus Testing – LFWD and DCP comparison 
 
– 132 – 
4.9. Site 3 – Sunshine Coast Landslip site 
 
Four (4) DCP and LFWD test pairs were completed at the Sunshine Coast Landslip site, 
located on the Palmwoods-Montville Road in SEQ (refer Figure 4.4). The tests were 
completed prior to the commencement of the construction of a large embankment and were 
completed in material logged as extremely weathered sedimentary (sandstone and 
mudstone) rock. No laboratory testing was completed upon these rock materials at the 
location of testing, however the founding layer upon which the insitu testing was completed 
was comparatively stiffer that the soil materials that were encountered at other sites 
investigated by this study. This was reflected in the comparatively high DCPI and LFWD 
values obtained during this fieldwork. 
 
Table 4.10 summarises both the standardised LFWD moduli, and the calculated DCPI 
values for each of seven (7) considered ‘zones of influence’. 
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Table 4.10.  Summary of Results of side-by-side DCP and LFWD testing - Site 3 (Sunshine Coast Landslip) 
Test ID 
Standardised 
insitu Modulus 
from LFWD 
(ELFWD-100kPa) (MPa) 
Average DCPI Value (mm / Hammer Blow) 
DCPI100mm DCPI150mm DCPI200mm DCPI300mm DCPI400mm DCPI450mm DCPI600mm 
SCL–01 154.46 14 12 11 9 8 8 8 
SCL–02 58.34 33 25 22 13 11 12 12 
SCL–03 27.55 33 25 22 18 15 13 10 
SCL–04 12.04 100 100 100 100 80 69 40 
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Table 4.11 details the best fit distribution for each analysed depth interval, and indicates that 
all depth intervals have a very high coefficient of correlation (R2 > 0.90), which indicates a 
strong relationship between the ELFWD-100kPa and PR values. However, this is likely to be due 
to the very small sized dataset (n = 4) associated with this site. The highest R2 values were 
determined for PR values calculated using the 300 and 400mm depth intervals, whilst all of 
the ELFWD-100kPa to PR relationships were statistically significant for the PR values calculated 
over all depth intervals between 100mm and 450mm.  
 
Table 4.11.  Equations of best fit to relate ELFWD-100kPa and PR values – Site 3 (Sunshine 
Coast Landslip) 
Comparison  
(ELFWD-100kPa vs.) Best Fit Equation 
Correlation 
Coefficient 
(R2) 
Significance 
(p-value) 
PR100mm ELFWD-100kPa = (2402/PR) - 22.2 0.94 .03 
PR150mm ELFWD-100kPa = e(2.24 + 34.41/PR) 0.91 .04 
PR200mm ELFWD-100kPa = e(2.22 + 31.41/PR) 0.92 .04 
PR300mm ELFWD-100kPa = e(2.12 + 25.42/PR) 0.98 .01 
PR400mm ELFWD-100kPa = e(2.06 + 22.59/PR) 0.97 .02 
PR450mm ELFWD-100kPa = e(2.01 + 22.88/PR) 0.92 .04 
PR600mm ELFWD-100kPa = e(1.88 + 22.17/PR) 0.75 .13 
 
4.10. Site 4 – Kinsellas Road East site 
 
As part of the geotechnical site investigation completed in order to enable the detailed 
design and construction a new rail overpass structure, a number of shallow geotechnical 
investigations were completed along a new road alignment with a near-grade pavement at 
a site located at Mango Hill, QLD. The material exposed during the borehole drilling 
indicated a residual profile of sand and sandy clay material overlying weathered 
‘Landsborough Sandstone’ bedrock. 
 
Within the expected zone of influence of the LFWD tests – up to 600mm depth - four (4) 
suites of laboratory classification tests were completed. Table 4.12 summarises the results 
of these tests, and demonstrates that the soil materials encountered comprised 
predominantly of low plasticity sandy clay and clayey sand mixtures. It was also noted that 
the significant gravel content (21%) of one (1) tested sample resulted in a skewed 
distribution calculated for the PSD of this material.  
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Table 4.12.  Material Properties of tested materials at Site 4 (Kinsellas Road East Site) 
Parameter Range (%) 
Average / 
CoV (%) Parameter 
Range 
(%) 
Average / 
CoV (%) 
No. of Samples 4 No. of Samples 4 
Liquid Limit 17 – 42 26 / 46% Gravel (>2.36mm) 0 – 21 8.0 / 113% 
Plastic Limit 11 – 24 16 / 35% Sand 
(>0.075mm, 
<2.36mm) 
38 – 60 52 / 20% Plasticity Index 4.6 – 18 9.8 / 63% 
Linear 
Shrinkage 1.4 – 10 4.7 / 87% 
Fines 
(<0.075mm) 30 – 57 40 / 30% 
Field Moisture 
Content (%) 3.7 – 14 8.1 / 51% 
CBR (1 Point, 4 
Day Soaked) 2.5 - 11 6.6 / 53% 
 
At the Kinsellas Road East site, seven (7) side-by-side DCP and LFWD test pairs were 
conducted at this site during geotechnical investigations completed on 21 October 2011. 
Table 4.13 summarises both the standardised LFWD moduli, and the calculated DCPI 
values calculated for each investigated location. At the Kinsellas Road East site, the soil 
material encountered was very stiff to hard, resulting in extremely high LFWD parameters 
and comparatively low PR values for the near-surface profiles. Appendix B.5 includes photos 
of the various ground conditions at select test locations of the Kinesllas Road East site. 
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Table 4.13.  Summary of Results of side-by-side DCP and LFWD testing - Site 4 (Kinsellas Road East) 
Test ID 
Standardised 
insitu Modulus 
from LFWD 
(ELFWD-100kPa) (MPa) 
Average DCPI Value (mm / Hammer Blow) 
DCPI100mm DCPI150mm DCPI200mm DCPI300mm DCPI400mm DCPI450mm DCPI600mm 
KSE–01 101.5 6 7 7 9 10 10 11 
KSE–02 413.4 50 33 29 21 15 13 13 
KSE–03 505.3 25 18 15 12 11 12 13 
KSE–04 223.4 7 7 8 8 10 11 13 
KSE–05 519.0 14 13 12 10 10 10 10 
KSE–06 23.3 50 50 50 43 40 43 50 
KSE–07 39.9 33 38 40 38 40 36 27 
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Table 4.14 presents the fitted distribution functions that have been defined to correlate the 
ELFWD-100kPa and average PR values for the Kinsellas Road East Site. As per the other sites 
in which similar examinations have been completed, statistically significant (p < .05) and 
strong (R2 > 0.70) relationships were repeatedly observed once the DCP profile values were 
averaged over at least the plate diameter (D = 300mm).  
 
Table 4.14.  Equations of best fit to relate ELFWD-100kPa and PR values – Site 4 (Kinsellas 
Road East)  
Correlation  
(ELFWD-100kPa vs.) Best Fit Equation 
Correlation 
Coefficient 
(R2) 
Significance 
(p-value) 
PR100mm ELFWD-100kPa = 277.29e(-0.022 x PR) 0.10 .48 
PR150mm ELFWD-100kPa = 473.63e(-0.047 x PR) 0.39 .14 
PR200mm ELFWD-100kPa = 519.88e(-0.052 x PR) 0.49 .08 
PR300mm ELFWD-100kPa = 625.98e(-0.069 x PR) 0.63 .03 
PR400mm ELFWD-100kPa = 691.27e(-0.077 x PR) 0.73 .01 
PR450mm ELFWD-100kPa = 716.26e(-0.079 x PR) 0.76 .01 
PR600mm ELFWD-100kPa = 27874 x PR-1.85 0.74 .02 
 
For the Kinsellas Road East site, the strongest relationship (R2 = 0.76) between the 
standardised, surfaced measured, LFWD moduli and DCP penetration rate were observed 
when the DCP values were averaged over a 450mm interval; a thickness equal to 1.5 times 
the plate diameter. Figure 4.8 presents this relationship, with the associated LFWD / PR 
dataset overlaid. It is observed that due to the stiffness of the material present at Site 4 and 
the associated clustering of data within a minimal PR range (10 mm ≤ PR < 50 mm), that 
the DCP to modulus relationships derived for this site suggest that ELFWD values would 
quickly decay to 0 MPa once PR values in excess of 75 mm per hammer blow are observed. 
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Figure 4.8. Relationship of strongest correlation (R2) between DCP and LFWD results – 
Site 4 (Kinsellas Road East).  
 
4.11. Site 5 – Browns Plains site 
 
During construction of new busway and bus station infrastructure, the DCP and LFWD 
equipment were repeatedly utilised by the author as QA tools for confirming the allowable 
bearing capacity exhibited at the base of excavations prior to the construction of base slabs 
and placement of subgrade fill / construction materials. The site was located immediately 
adjacent to Browns Plains Road, and testing was completed between February and May 
2014. 
 
From details included in the existing (2009) site investigation report, the insitu materials 
exposed were determined via visual classification to be to a fill material (Gravelly Sandy 
Clay), light red-brown, light grey and light brown. Laboratory classification tests identified 
the material as containing medium plasticity fines, fine to medium grained sand, fine to 
medium sized gravel, trace coarse sized gravel and cobbles. At the time of investigation, 
the material unit was moist and of firm to very stiff consistency. 
 
During the author’s required site presence for the construction phase of the Browns Plains 
bus station, a total of 24 comparable DCP profiles and LFWD tests were compiled. The 
results of all site-by-side tests completed are summarised in Table 4.15. Photos of typical 
conditions encountered at the Browns Plains site are included in Appendix B.6. No specific 
laboratory tests were available to the author that reflected the material conditions during the 
construction phase and period of DCP / LFWD testing.  
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Table 4.15.  Summary of Results of side-by-side DCP and LFWD testing - Site 5 (Browns Plains) 
Test ID 
Standardised 
insitu Modulus 
from LFWD 
(ELFWD-100kPa) (MPa) 
Average DCPI Value (mm / Hammer Blow) 
DCPI100mm DCPI150mm DCPI200mm DCPI300mm DCPI400mm DCPI450mm DCPI600mm 
BP-01 75.7 20 25 29 30 33 33 35 
BP-02 52.2 33 19 15 No Data / DCP Refusal   
BP-03 197.1 33 33 33 23 17 No Data / DCP Refusal  
BP-04 55.7 33 33 33 27 21 19 No Data  
BP-05 42.7 13 15 17 21 21 20 No Data   
BP-06 17.1 25 30 33 33 36 33 27 
BP-07 16.0 25 27 29 30 33 36 40 
BP-08 28.0 25 30 33 30 20 20 No Data   
BP-09 20.1 50 60 67 75 57 56 55 
BP-10 35.9 33 38 40 23 19 19 19 
BP-11 23.6 100 60 50 43 40 38 30 
BP-12 72.0 100 75 67 20 19 20 25 
BP-13 21.9 8 10 11 13 15 15 14 
BP-14 151.9 17 19 20 23 18 18 No Data   
BP-15 71.8 50 50 50 43 25 21 18 
BP-16 76.1 25 23 22 21 20 20 18 
BP-17 29.0 33 38 40 38 33 33 30 
BP-18 213.0 13 14 14 16 18 19 21 
BP-19 22.9 11 15 18 25 29 29 33 
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Test ID 
Standardised 
insitu Modulus 
from LFWD 
(ELFWD-100kPa) (MPa) 
Average DCPI Value (mm / Hammer Blow) 
DCPI100mm DCPI150mm DCPI200mm DCPI300mm DCPI400mm DCPI450mm DCPI600mm 
BP-20 76.5 11 13 14 19 22 23 26 
BP-21 66.1 11 14 17 21 22 22 21 
BP-22 52.6 50 50 50 50 44 43 35 
BP-23 20.8 20 21 22 23 25 25 23 
BP-24 31.6 20 20 20 19 19 20 22 
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Table 4.16 presents the distribution functions fitted to correlate the ELFWD-100kPa and various 
averaged PR values for the Browns Plains site. Although a statistically significant 
relationship (p < .05) was again found to exist between the standardised LFWD results and 
the PR values averaged over a depth interval of 400mm and 450mm, the strength of the 
correlation (R2) was much weaker (R2 = 0.19 to 0.24) than that observed at other locations. 
 
Table 4.16.  Equations of best fit to relate ELFWD-100kPa and PR values – Site 5 (Browns 
Plains)  
Correlation  
(ELFWD-100kPa 
vs.) 
Best Fit Equation 
Correlation 
Coefficient 
(R2) 
Significance 
(p-value) 
PR100mm ELFWD-100kPa = 69.61 – (0.26 x PR) 0.01 .58 
PR150mm ELFWD-100kPa = 112 – 15.5Ln(PR) 0.03 .26 
PR200mm ELFWD-100kPa = 128 – 20.2Ln(PR) 0.04 .37 
PR300mm ELFWD-100kPa = 210 – 45.4Ln(PR) 0.11 .15 
PR400mm ELFWD-100kPa = 1414 x PR-1.07 0.24 .02 
PR450mm ELFWD-100kPa = 831.17 x PR-0.92 0.19 .04 
PR600mm ELFWD-100kPa = 82.43e(-0.026 x PR) 0.13 .14 
 
4.12. Site 6 – Wulkaraka site 
 
As part of a rail infrastructure project, the residual soil subsurface immediately below existing 
rail ballast at proposed rail upgrade and access track locations was investigated. The site 
was located approximately 3 kms West of the City of Ipswich, QLD. During the site 
investigation, completed on 16 and 18 January 2014, a total of six (6) DCP and LFWD pairs 
were obtained. 
 
Table 4.17 summarises the results of subsequent laboratory classification tests of recovered 
samples of the subsurface materials upon which the DCP and LFWD testing was completed. 
USC designation based on these test results was predominantly Sandy Clay, with limited 
observances of Clayey Sand material. 
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Table 4.17.  Material Properties of tested materials at Site 6 (Wulkaraka Site) 
Parameter Range (%) 
Average / 
CV (%) Parameter 
Range 
(%) 
Average 
/ CV (%) 
No. of Samples 4 No. of Samples 4 
Liquid Limit 29 – 47 35 / 23% Gravel (>2.36mm) 0 - 9 5.5 / 70%
Plastic Limit 12 – 17 14 / 18% Sand 
(>0.075mm, 
<2.36mm) 
22 - 47 37 / 29% Plasticity Index 18 – 30 21 / 31% 
Linear Shrinkage 7.6 - 14 10 / 27% Fines (<0.075mm) 47 - 78 57 / 25% 
Field Moisture 
Content (%) 17 – 21 18 / 10% 
CBR (4 Point, 4 
Day Soaked) 
2.4 – 
8.0 4.9 / 48%
 
Table 4.18 presents the summary of both the standardised LFWD moduli, and the calculated 
DCPI values calculated for each of the investigated locations, as per the format utilised for 
all sites. 
 
   
Chapter 4                                           Insitu Modulus Testing – LFWD and DCP comparison 
 
– 143 – 
Table 4.18.  Summary of Results of side-by-side DCP and LFWD testing - Site 6 (Wulkaraka) 
Test ID 
Standardised 
insitu Modulus 
from LFWD 
(ELFWD-100kPa) (MPa) 
Average DCPI Value (mm / Hammer Blow) 
DCPI100mm DCPI150mm DCPI200mm DCPI300mm DCPI400mm DCPI450mm DCPI600mm 
WKA-01 27.67 17 16 15 20 22 23 25 
WKA-02 16.22 33 30 29 33 33 35 40 
WKA-03 29.19 20 18 17 16 19 20 24 
WKA-04 15.89 33 33 33 38 36 33 27 
WKA-05 29.14 11 12 12 13 13 13 13 
WKA-06 32.51 20 21 22 23 17 17 16 
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Table 4.19 details the functions that have been curve fitted to relate the ELFWD-100kPa to the 
averaged PR values for the Wulkaraka site. Statistically significant (p < .05) and strong (R2 
> 0.70) relationships were observed for all averaged DCP profile values with the exception 
of DCPI values calculated for the 600mm depth zone of influence. The strongest relationship 
(R2 = 0.91) was observed when the DCP profile was averaged over the 400mm depth 
interval. 
 
Table 4.19.  Equations of best fit to relate ELFWD-100kPa and PR values – Site 6 (Wulkaraka)  
Correlation  
(ELFWD-100kPa 
vs.) 
Best Fit Equation 
Correlation 
Coefficient 
(R2) 
Significance 
(p-value) 
PR100mm ELFWD-100kPa = 49.44e(-0.032 x PR) 0.80 .02 
PR150mm ELFWD-100kPa = 50.63e(-0.034 x PR) 0.77 .02 
PR200mm ELFWD-100kPa = 48.50e(-0.033 x PR) 0.72 .03 
PR300mm ELFWD-100kPa = 48.11e(-0.029 x PR) 0.79 .02 
PR400mm ELFWD-100kPa = 52.32e(-0.033 x PR) 0.91 < .01 
PR450mm ELFWD-100kPa = 53.69e(-0.034 x PR) 0.88 .01 
PR600mm ELFWD-100kPa = (0.06 x PR) + 39.62 0.63 .06 
 
4.13. Site 7 – Port of Brisbane site 
 
As a component of a larger site investigation, the author was commissioned to complete 
LFWD and DCP testing upon sand material that had been placed over very soft clay 
materials at a reclamation cell within the Port of Brisbane. The sand layer, comprised of 
dredged materials from the immediately adjacent Moreton Bay, was found to be of over 2.0m 
in thickness, and visually assessed to contain minimal fines or gravel materials. Thus, for 
the zones of influenced assessed by this study (up to 600mm), a uniform sand material sub-
surface profile could be assumed to exist. Note that this was the only site considered that 
was not comprised of a SEQ ‘residual soil’ near-surface profile. 
 
From provided site history information, it was understood that during placement the sand 
had been proof rolled at regular intervals. However, at the time of testing a very loose layer 
of sand material was observed to exist at the ground surface throughout the site. No further 
details regarding the prior preparation of the site were available or laboratory testing of 
materials was completed for this site.  
 
Chapter 4                                           Insitu Modulus Testing – LFWD and DCP comparison 
 
– 145 – 
All site investigation was completed on 13 May 2014 and, from a larger LFWD survey, a 
total of eight (8) locations had corresponding DCP tests completed. Table 4.20 summarises 
the standardised LFWD moduli and averaged DCPI values calculated for each of the 
investigated locations. Photos of the site conditions at the time of testing are included in 
Appendix B.7. 
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Table 4.20.  Summary of Results of side-by-side DCP and LFWD testing - Site 7 (Port of Brisbane) 
Test ID 
Standardised 
insitu Modulus 
from LFWD 
(ELFWD-100kPa) (MPa) 
Average DCPI Value (mm / Hammer Blow) 
DCPI100mm DCPI150mm DCPI200mm DCPI300mm DCPI400mm DCPI450mm DCPI600mm 
POB-01 29.8 300 300 200 60 40 33 23 
POB-02 29.6 300 300 200 75 44 36 22 
POB-03 30.3 300 300 200 75 44 38 29 
POB-04 33.2 300 300 200 75 50 39 22 
POB-05 45.0 300 300 200 75 50 39 26 
POB-06 44.5 300 300 200 75 40 33 24 
POB-07 29.0 300 300 200 75 50 43 32 
POB-08 36.4 150 150 100 43 31 26 19 
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Table 4.21 presents the equations of the best fitting functions that have been defined to 
correlate the ELFWD-100kPa and average PR values for the Port of Brisbane site. Unlike any of 
the other six (6) sites analysed, no statistically significant relationship between the data 
produced by each test was identifiable. This is considered likely to be due to the presence 
of a consistent, very loose material layer throughout the placed material, which resulted in 
the DCP test producing near-identical results at all test locations.  
 
As summarised in Table 4.21, although the LFWD values varied between 29 and 45 MPa 
(a range of approximately ±30% about the mean of 34.7 MPa) the DCP results showed no 
corresponding observed difference between test locations. At the Port of Brisbane site, a 
single hammer blow produced a DCP rod penetration of 200mm at all locations. 
 
Table 4.21.  Equations of best fit to relate ELFWD-100kPa and PR values – Site 7 (Port of 
Brisbane)  
Correlation  
(ELFWD-100kPa 
vs.) 
Best Fit Equation 
Correlation 
Coefficient 
(R2) 
Significance 
(p-value) 
PR100mm ELFWD-100kPa = 38.98e(-0.00046 x PR) 0.02 .75 
PR150mm ELFWD-100kPa = 38.98e(-0.00046 x PR) 0.02 .75 
PR200mm ELFWD-100kPa = 38.98e(-0.00046 x PR) 0.02 .75 
PR300mm ELFWD-100kPa = (0.02 x PR) + 33.22 0.01 .93 
PR400mm ELFWD-100kPa = 54.50 x PR-0.12 0.01 .79 
PR450mm ELFWD-100kPa = 46.75e(-0.0087 x PR) 0.06 .55 
PR600mm ELFWD-100kPa = 43.31e(-0.0096 x PR) 0.05 .60 
 
The results collected at Site 7 illustrates the insensitivity of the DCP equipment, and the 
unsuitability of the DP too be used as an investigative tool in such loose (or soft) materials. 
The lack of distinction in DCP results for such materials may cause misrepresent any 
subsequently correlated parameters. Conversely, the comparative sensitivity of the LFWD 
has been demonstrated in the Site 7 results. The range of ELFWD results recorded exceeded 
the inherent measurement uncertainty associated with the LFWD, and thus the LFWD 
results could be considered valid and representative of insitu material stiffness variation that 
the DCP was unable to identify.  
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4.14. Discussion 
 
Of the seven (7) sites evaluated by this study, six (6) sites demonstrated a statistically 
significant relationship between standardised modulus values determined by LFWD testing 
and the results of a corresponding DCP test. At the single site in which no relationship was 
identified the existence of a fine, uniform sand material layer resulted in the consistent 
production of very low DCP PR profiles throughout the investigated near-surface profile. 
This was interpreted to have prevented the successful correlation with the corresponding 
(valid) LFWD values. This result demonstrated the limitations with, or insensitivity of results 
collected by, the DCP test in comparison to the LFWD test. 
 
For the six (6) sites where statistically significant LFWD to DCP relationships were defined, 
the characteristics of the defined relationships have been further analysed. Although DCP 
tests were extended up to 3.0m, this study used only the near surface (up to 0.6m) DCP 
values for paired comparisons with the LFWD results, with the intent that any identified test 
relationship could subsequently be utilised to estimate the likely modulus present at the 
greater depths to which the DCP can extend. 
 
4.14.1. Frequency of relationship 
 
At each of the seven (7) sites, seven (7) potential ‘zones of influence’ were compared to the 
surface measured LFWD modulus value. Accordingly, 49 DCP and LFWD correlations were 
attempted by this study. 
 
Of the 49 correlations investigated, 30 correlations were found to be statistically significant 
(p < .05). Table 4.22 details the number of correlations found to be significantly related, 
categorised by each of the investigated sites. From this data it can be observed that the data 
collected at Site 2 provided the highest frequency of successful correlation, whilst Sites 5 
and 7 showed weak correlations between the corresponding DCP and LFWD data. 
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Table 4.22.  Summary of ‘statistically significant’ relationships between LFWD and DCP 
test results  
Site 
ID 
Site Name No. of DCP / 
LFWD test sites 
Statistically significant 
(p < .05) correlations  
1 Chapel Hill (CH) 14 5 / 7 (71%) 
2 Wide Bay Training Area (WBTA) 15 7 / 7 (100%) 
3 Sunshine Coast Landslip (SCL) 4 6 / 7 (86%) 
4 Kinsellas Road East (KSE) 7 4 / 7 (57%) 
5 Brown’s Plains (BP) 24 2 / 7 (29%) 
6 Wulkaraka (WKA) 6 6 / 7 (86%) 
7 Port of Brisbane (POB) 8 0 / 7 (0%) 
ALL TOTAL 78 30 / 49 (61%) 
 
In order to assess if the frequency of significant correlations could be linked to the stiffness 
of material or range of results associated with the investigated sites, basic statistics 
regarding the LFWD moduli collected at each site were also calculated, as summarised in 
Table 4.23. From this data, no observable property (e.g. maximum, minimum, larger range, 
or variation of dataset) appears to explain the frequency of the significant correlations 
existing at any particular site. 
 
Table 4.23.  Descriptive statistics of LFWD results, categorised by test site  
Site 
ID 
No. 
Tests (n) 
Statistics of site specific ELFWD-100kPa Data (MPa) 
Average (MPa) Range (MPa) St. Dev. (MPa)  CoV 
1 14 41.2 16.1 – 106 27.4 66.6% 
2 15 28.0 11.5 – 54.8 14.0 49.8% 
3 4 63.1 12.0 – 154 63.9 101% 
4 7 260 23.2 – 519  217 83.1% 
5 24 61.3 16.0 – 213 53.8 87.8% 
6 6 25.1 15.9 – 32.5 7.2 28.6% 
7 8 34.7 29.0 – 45.0 6.6 19.1% 
 
A similar assessment of available data was completed for the DCP tests conducted at each 
of the seven (7) sites considered by the study. As per the LFWD data, from the data 
summarised in Table 4.24 no outliers were observed in the datasets associated with either 
the most (Site 2) or least (Sites 5) frequently correlated sites. This analysis highlights the 
markedly different test results observed for Site 7, in which both the average calculated PR 
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and standard deviation values were, by some margin, the maximum values observed within 
the study. Site 7 was the only non-residual material tested, and the only site where uniformly 
placed material was encountered (loose fine sand). As no statistically significant relationship 
was produced for the Port of Brisbane site, and as the ELFWD parameter was both (a) the 
most uniform of any of the sites tested; and (b) had a range fully encapsulated by the other 
sites tested, this data was not included in any further analysis. The data collected at this site 
was also excluded from the compilation and analysis of the combined dataset. 
 
Table 4.24.  Descriptive statistics of LFWD results, categorised by test site  
Site 
ID n 
Statistics of site specific PR  Dataset (mm / hammer blow) 
Average PR PR Range St. Dev. CoV 
1 98 59.2 30.0 – 150 22.9 38.7% 
2 102 92.3 8.6 – 300 59.7 64.6% 
3 28 33.0 7.5 – 100 32.7 99.0% 
4 49 21.6 5.6 – 50.0  15.0 69.5% 
5 158 29.0 8.3 – 100 15.5 53.3% 
6 42 22.9 11.1 – 40.0 8.4 36.8% 
7 56 131.9 19.3 – 300 112 85.0% 
 
The conclusion from the initial analysis of field test (LFWD and DCP) results revealed that, 
with the exception of Site 7, no descriptive statistical value performed as an effective 
predictor in determining whether an investigated site provided a statistically significant 
correlation between ELFWD and averaged DCP penetration rates (averaged to produce PR 
values). 
 
4.14.2. Depth of strongest correlation 
 
Seven (7) PR values were constructed based on each DCP test, each representing the 
averaged DCP rod penetration rate over a particular depth interval. Based on the presence 
of a statistically significant correlation (p < .05), and the strength (R2) of the DCPI:ELFWD 
correlation, an assessment of the depth interval that best correlated to the standardised 
ELFWD was undertaken for each site. 
 
For the six (6) sites where significant (p < .05) correlations were identified (n = 30), Figure 
4.9 presents the frequency that each depth interval was found to provide a significant 
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DCPI:ELFWD correlation. From this figure it was observed that the frequency of the existence 
of a significant relationship generally increased in depth, until a depth of 400mm was 
reached. For both the PR calculated over a depth of 400mm and 450mm, all six (6) sites 
indicated the existence of statistically significant PR:ELFWD relationship. Below a depth of 
450mm, the occurrence of a relationship fell back to the lowest levels of the study, and equal 
the frequency observed when PR values were calculated based on depth intervals of 
100mm and 150mm.  
 
 
Figure 4.9. Frequency that various ‘zones of influence’ provided a ‘statistically significant’ 
relationship (p < 0.5) between DCP and LFWD results.  
 
These results indicate that, based on unweighted data, the use of PR values calculated as 
the average DCP road penetration rate over the initial 400mm and 450mm can be 
considered the most appropriate for use to compare LFWD test results. This trend also infers 
that the ‘zone of influence’ of the LFWD test, in the case when a 300mm diameter plate is 
utilised, is between 400mm and 450mm (or 1.3 to 1.5 times the plate diameter, D).  
 
A similar result was also identified when the depth interval which provided the strongest or 
penultimate strongest correlation (i.e. highest R2 values) for the significant PR : ELFWD 
relationship. As shown in Figure 4.10, the PR values calculated using the 400mm or 450mm 
‘zone of influence’ most frequently provided the maximum or penultimate R2 value observed 
within the functions fitted for each site. In four (4) of the six (6) sites, both the highest and 
penultimate R2 values were returned when the ELFWD values were paired with PR values 
calculated using the 400mm and 450mm depth intervals. This confirms that the ELFWD-100kPa 
values were best correlated with the corresponding DCP test results when PR values were 
resolved by averaging the results over the 400 and 450mm depth intervals.  
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Figure 4.10. Frequency that various ‘zones of influence’ provides strongest or penultimate 
coefficient of correlation (R2) between DCP and LFWD results.  
 
4.14.3. Strength of correlation 
 
A quantification of the strength of correlation present at each site has also been conducted, 
via analysis of the correlation coefficient (R2). Table 4.25 details the basic statistics for the 
correlation coefficients calculated for each site’s significant PR : ELFWD correlations. From 
this data it appears that all sites produced either moderate (0.3 < R2 < 0.7) or strong (R2 ≥ 
0.7) correlation, with strong correlations generally produced when PR values were 
calculated using either the 400mm or 450mm depth interval. The exception to this was Site 
5 (Browns Plains), in which only a weak correlation between DCP and LFWD test results 
was observed. It is noted that Site 5 was also the only site in which a portion of the tests 
were completed upon ‘improved’ materials, with some tests being completed after surface 
compaction was undertaken. 
 
Table 4.25.  Basic statistics of strength of correlation between LFWD and DCP test 
results, categorised by test site  
Site ID n Details of calculated Correlation Coefficient (R
2) 
Minimum Average Maximum Correlation Description 
1 4 0.64 0.67 0.71 Moderate to Strong 
2 7 0.54 0.63 0.70 Moderate to Strong 
3 6 0.91 0.94 0.98 Strong 
4 4 0.63 0.72 0.76 Moderate to Strong 
5 2 0.19 0.22 0.24 Weak 
6 6 0.72 0.81 0.91 Strong 
7 0 Excluded from further analysis – No statistically significant correlations 
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Isolation of the PR:ELFWD relationships produced at each site utilising the PR values obtained 
over the 400 mm and 450 mm depth intervals, as shown in Figure 4.11, resulted in the 
calculation of an average R2 of 0.70 and 0.68 respectively.  
 
 
Figure 4.11. Correlation coefficient (R2) between PR averaged over 400mm and 450mm 
depth from surface and standardised LFWD (ELFWD-100kPa) results, by test site 
 
4.14.4. Analysis of combined dataset 
 
From the interrogation of the results of the initial regression analysis completed for site 
specific data, it was apparent that the standardised ELFWD-100kPa values correlated best with 
the PR values calculated with the DCP rod penetration results averaged over the initial 400 
mm or 450 mm depth interval. 
 
Using this observation, an additional regression analysis was completed with a larger 
dataset, compiled of all ELFWD-100kPa and PR pairs for Sites 1 through 6. A separate dataset 
was compiled for the PR values calculated using the 400 and 450mm depth interval, the 
details of which are summarised in Table 4.26. 
 
Table 4.26.  Size of combined dataset, categorised by depth of ‘zone of influence’  
Site ID Dataset Details No. of DCP / LFWD test pairs (n) 
1 – 6 ELFWD-100kPa and PR400mm pairs 68 
1 – 6 ELFWD-100kPa and PR450mm pairs 67 
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For each of these datasets, a non-linear regression was completed to calculate the overall 
PR:ELFWD relationship observed by this study. The results of this analysis produced 
Equations 4.3 and 4.4 for PR of 400mm and 450mm depth intervals respectively. As can be 
seen in these equations, and in Figure 4.12, no substantial difference occurs between the 
two (2) calculated relationships, either in the form of the derived equation or calculated 
strength of correlation. 
 
ELFWD-100kPa  = 693.9 / PR400mm0.81   (R2 = 0.44, p < .01)    (Equation 4.3) 
ELFWD-100kPa  = 685.8 / PR450mm0.81   (R2 = 0.43, p < .01)    (Equation 4.4) 
 
 
Figure 4.12. Derived relationships between DCP tests (PR averaged over 400mm and 
450mm depth from surface) and standardised LFWD (ELFWD-100kPa) results, overlain upon 
test results completed for study (all sites). 
 
Whereas the R2 values associated with the analysis of individual site data was found to be 
generally R2 ≥ 0.7, once all the site data was combined this value fell to 0.44. This was 
considered to be due to the larger population associated with the overall datasets, and the 
larger range of LFWD and DCP test results that existed once the full dataset was compiled.  
 
However, the reduction in overall R2 result was also interpreted to suggest that the ELFWD:PR 
relationship was also somewhat material-, and thus, site-specific. This would be as 
expected, as the moisture content of the soil is known to affect the results of the DCP and, 
to a lesser extent, LFWD testing (refer Chapter 6 for further discussion of this variation). 
Accordingly, once highly correlated data collected from a specific site under specific 
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moisture conditions are combined with similar data from different sites the overall observed 
correlation would be expected to be reduced. 
 
Based on the PR-400mm dataset, the 95% prediction intervals were also calculated, as 
shown in Figure 4.13. 
 
 
Figure 4.13. Figure showing trend analysis and 95% prediction intervals for PR-400mm 
dataset correlated to standardised LFWD modulus values ELFWD-100kPa. 
 
4.14.5. Comparison with historical correlations 
 
The results reported by this study are generally consistent with those found by other 
researchers that have attempted to correlate insitu moduli values estimated with LFWD 
instruments (ELFWD) with DCP penetration rates (PR). As with both Seyman (2001) and 
Nazzal et. al. (2007), the equations of best fit that were derived from the fieldwork completed 
by this study provide an inverse relationship between ELFWD and PR values.  
 
Figure 4.14 shows the fitted relationship for the PR-400mm data overlaid with the directly 
relevant historical relationships. From this comparison, it can be observed that for stiffer 
materials (PR ≤ 20mm), up until DCP test termination value (PR = 5mm) the relationship 
derived from the data collected for this study suggests that both the previously published 
correlations overestimate the ELFWD value, by up to 135%. This is interpreted to be potentially 
due to either: (a) previous studies only investigating treated construction (cement or lime 
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treated clay) materials within this region of modulus values, in contrast with the extremely 
weathered rock and stiff residual profiles (and with varying gravel content) investigated by 
this study; (b) variation in DCP penetration rates within the range of higher stiffness values 
due to DCP cone size variation (600 vs. 300); or (c) the use of 200mm diameter plates for 
the LFWD tests completed for the production of historical relationships, whilst this study 
used 300mm diameter plate for LFWD testing. 
 
 Figure 4.14. Derived relationships between DCP tests (PR averaged over 400mm depth 
from surface) and standardised LFWD (ELFWD-100kPa) results, overlain upon previously 
published relationships. 
 
For the lower of PR value range (PR ≤ 20mm) the equation presented by this study was 
observed to better coincide (within 10 – 50%) with the curve fitted by Nazzal (2007) than 
that of Seyman (2001) (83 to 135%). This is interpreted to be due that Nazzal’s dataset 
included field based comparison LFWD and DCP testing of construction materials, whilst 
Seyman’s dataset was only completed upon laboratory prepared and compacted material 
samples. Laboratory samples would also, by necessity for compaction, remove any particles 
sized greater than 19mm or 38mm (depending on the size of the mould). Such particle sizes 
are expected to be frequently present in residual soils, as demonstrated in Chapter 2 for the 
SEQ study area, and would contribute to higher ‘composite’ modulus value. Accordingly, the 
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comparatively higher modulus measured by LFWD testing of insitu residual soils was in line 
with expectations.  
 
The mirroring of previously defined relationships was reversed for ‘softer’ materials. Once 
PR values of above 100mm (or DCP ≤ 1 for 100mm rod penetration), the inferred modulus 
values determined by the full-dataset relationship presented by the data collected for this 
study trended towards that previously defined by Seyman (2001). Between PR values of 
100 mm and 300 mm (i.e. 1 ≤ DCP / 100mm rod penetration ≤ 3), the relationship defined 
by this study moved from within 30% (at PR = 100mm) to within 7% (at PR = 300mm) of 
Seyman’s defined correlation. For the same range, this study’s data would have resulted in 
ELFWD-100kPa values that were 58% to 79% above the Nazzal correlation. However, it is noted 
that the range of PR values investigated by this study – extrapolated to PR values of 300mm 
– extends beyond the dataset compiled by either the Seyman (2001) or Nazzal et. al. (2007) 
studies (PR ≤ 80mm). That is, this study assessed ‘softer’ materials than that considered by 
the directly comparable historical studies, and thus the overall relationships established 
should be considered more ‘universal’ in their application. 
 
The data collected and examined in this study has also shown a sizable decrease in the 
strength of the derived PR:ELFWD correlations. Although ‘strong’ – and statistically significant 
– correlations (R2 ≥ 0.7 and p < 0.5) were generally found to exist between the LFWD 
modulus and PR-400mm values for each individual site considered, once all data was 
combined the overall correlation calculated for the PR-400mm dataset was reduced to R2 = 
0.44. This correlation coefficient is considerably lower than the comparable values reported 
by either Seyman (R2 = 0.72) or Nazzal (R2 = 0.82).  
 
The strength of applying the existing Seyamn (2001) and Nazzal et. al. (2007) PR:ELFWD 
relationships to the dataset of ELFWD and PR-400mm pairs constructed by this study (n = 68) 
has also been assessed, with the results displayed in Table 4.27. From the pseudo R2 values 
calculated from this non-linear regression analysis, it was observed that nether of the 
historical relationships would be more appropriate for describing the PR:ELFWD relationship 
for the range of PR values observed by this study. 
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Table 4.27.  Comparison of Coefficient of Determination (R2) of current and previously 
published PR:ELFWD relationships, fitted to the dataset collected by current study 
Author Fitted PR:ELFWD equation  R2 
Lacey (current study) ELFWD-100kPa  = 693.9 / PR400mm0.81 0.44 
Nazzal et. al. ELFWD-200mm = 2191.4 / PR 0.34* 
Seyman et. al. ELFWD-200mm = 5301.54 / [8.31 + (PR1.44)] 0.29* 
*Pseudo R2 value 
 
The comparatively lower overall R2 value found by this study (when compared with previous 
studies) – although considered evidence of a ‘moderate’ strength relationship between the 
full dataset of results of the DCP and LFWD test results – is considered likely due to this 
study’s deployment of the LFWD directly upon a variety of natural materials. It is expected 
that greater natural variation of properties would exist within the SEQ residual profiles tested 
than would be present within the sites used by previous studies; in which the test site were 
prepared either via field construction methods (controlled placement and compaction of fill) 
or under laboratory conditions. In addition to the wider range of material stiffness tested, the 
number of data pairs collected by the fieldwork and analysed by this study (n = 67) was also 
considerably higher than that used by either Seyman (n ~ 30) or Nazzal et. al. (n ~ 18). 
Accordingly, although the generic relationship produced by the full dataset analysis 
produced a lower R2 value than previously described relationships it is considered that the 
relationship derived by this study has greater external validity. 
 
4.15. Conclusions 
 
The study detailed within this chapter has detailed the results of side-by-side insitu 
penetration (DCP) and load-deformation (LFWD) tests that were completed at seven (7) 
sites within South East Queensland, Australia. The subsurface profiles investigated included 
fill (of residual origin), natural residual soils and extremely weathered rock materials. 
 
Based on the results of the comparable tests, generic correlations between the DCP rate of 
penetration (PR) averaged over various depth intervals and standardised insitu modulus, as 
determined by the LFWD fitted with a 300mm diameter plate (ELFWD-100kPa), were derived. 
The best fitting relationships were generally found to exist when the PR value was calculated 
from the DCP profile averaged across the top 400mm to 450mm of the subsurface profile. 
This depth, equal to 1.3 to 1.5 times the rigid plate’s diameter, is consistent with findings 
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from previous studies completed with an identical LFWD fitted with a 200mm plate diameter, 
which found that PR values were strongly correlated with ELFWD values when PR profiles 
were averaged across 300mm depths (1.5D). 
 
A statistically significant and ‘strong’ (p < .05, R2 > 0.7) PR400mm:ELFWD-100kPa relationship was 
found at five (5) of the seven (7) sites investigated, although each site’s dataset was 
generally limited in both size (4 ≤ n ≤ 24) and PR range. When the fitted PR:ELFWD function 
produced for each site was overlaid, the ‘strong’ relationship appeared to be site (and thus 
material) specific. Combining the full dataset for all sites (n = 68), the best fitting generic 
PR400mm:ELFWD-100kPa relationship was determined to be:  
 
ELFWD-100kPa  = 693.9 / PR400mm0.81   (Equation 4.5) 
 
This relationship function (inverse power) was consistent with the form of historical PR:ELFWD 
relationships, and also mirrored components of various existing correlations. 
 
The data included for this study was the largest dataset used for the correlation of results of 
the LFWD and DCP tests (n = 68), and extended the range of PR and insitu modulus data 
used for the derivation of such direct correlations (5mm < PR400mm < 300mm). Although the 
overall strength of correlation of the combined dataset (R2 = 0.44) of this study was lower 
than that previously reported (where R2 > 0.7), the data pairs used for the analysis were 
primarily comprised of results arising from the investigation of natural insitu materials (as 
opposed to utilising roadway construction and/or laboratory prepared materials for testing). 
Thus, the fitted correlation produced by this study is considered to have greater external 
validity and applicability than previously reported correlations. 
 
The results of this study also highlight that for certain materials – uniform, loose sand, placed 
and compacted – the DCP test is inappropriate for use as a profiling tool. Additionally, the 
heterogeneous nature of SEQ natural material and residual profiles was highlighted, with 
the CoV magnitudes of natural materials indicating variability of up to five (5) times that 
exhibited by uniform, placed (fill) materials. 
 
The completed study thus confirms the hypothesis that the LFWD offers the ability to quickly 
estimate an insitu deformation parameter during geotechnical investigations, and thus 
removes the need for a designer to rely solely on generic correlations of modulus with 
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penetration tests (e.g. DCP / CBR) when defining stiffness values for foundation and 
pavement design. 
 
By correlating the LFWD and DCP results, the near surface limitation of the LFWD can be 
removed, and the depth to which insitu modulus – in the form of EFLWD values – can be 
extended to the depth of completed DCP testing. 
 
Chapter 5                                       LFWD results compared to weighted DCP depth profiles 
 
– 161 – 
5. CHAPTER 5. Improving the correlation between LFWD and DCP test 
results by weighted depth profiles 
5.1. Introduction 
 
Chapter 4 detailed the relationship derived between DCP and LFWD test results, and thus 
validated the use of the LFWD as a method of determining surface measured, insitu modulus 
parameters. From analysis of results obtained from seven (7) sites with subsurfaces 
comprised of varying materials and stiffness properties, relationships between the DCP rod 
penetration rate (PR) and the LFWD modulus (ELFWD) parameter were established. Although 
the strongest DCP:LFWD relationships were found to be site (and thus material) specific, a 
‘moderate’ strength (R2 = 0.44) generic relationship between the composite (all sites) 
datasets was proven, as detailed in Equation 5.1. 
 
ELFWD-100kPa  = 693.9 / PR400mm0.81   (Equation 5.1) 
 
Where: 
ELFWD-100kPa is the standardised insitu modulus observed under 100kPa test pressure 
using a 300mm diameter rigid plate. 
PR400mm is the magnitude of DCP rod penetration per hammer blow averaged over 
the initial 400mm subsurface profile (in mm). 
 
As a consequence of the side-by-side DCP and LFWD testing conducted it was determined 
that averaging the DCP results over a 400mm to 450mm depth interval to produce 
Penetration Resistance (PR) values provided the strongest relationships with the 
standardised modulus values (ELFWD-100kPa). This was considered to indicate the thickness / 
depth of the ‘zone of influence’ of the LFWD test (1.3 to 1.5 times the plate diameter, D), 
and was consistent with the previous assessments of LFWD test penetration depth provided 
by others (e.g. Fleming, 2001; Nazzal et. al., 2007; Mooney and Miller, 2009). It is noted that 
this depth is shallower than the accepted zone of influence typically attributable to the static 
PLT, typically accepted to be 2D. 
 
The work described in Chapter 4 directly related DCP to modulus (E) parameters. Consistent 
with previous correlations between DCP and LFWD results (e.g. Nazzal et. al., 2007; 
Seyman, 2001) and other historical DCP to E relationships (refer Table 4.1), the analysis 
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completed in Chapter 4 simply assumed that the DCP results – recorded as the PR values 
across 100mm depth increments – were of equal weighting throughout the LFWD’s zone of 
influence. By the adoption of this technique, the inference is that a constant vertical stress 
is imparted across the full depth of the LFWD tests ‘zone of influence’. 
 
As previously identified in Section 4.6.4, it is expected that the imparted stress and strain 
would decay as the depth from surface increases. This chapter investigates the likely decay 
of stress with depth from the LFWD test level, and subsequently attempts to improve the 
previously defined correlation between DCP and LFWD results based on weighting of the 
DCP profile. 
 
5.2. Theoretical decay of vertical stress 
 
Stress distribution through soils was first solved by Boussinesq (1885), in which the stress 
that existed at any point (P) at a depth (z) could be calculated if the magnitude of the applied 
surface point load was known. Although this is an ideal approximation of soil behaviour – 
with the assumption that the soil would be continuous, linear elastic, isotropic, homogenous, 
weightless and semi-infinite – the theoretical constructs of the behaviour remain in use 
today. A graphical representation of stress distribution reduction with offset from the point of 
loading by adoption of Boussinesq equations is reproduced in Figure 5.1 (from Murthy, 
2003). 
 
Figure 5.1. Boussinesq bulb diagrams quantifying the decrease of an imparted vertical 
stress with depth from surface (from Murthy, 2003) 
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The LFWD zone of influence would be expected to be theoretically approximated by a 
modified Boussinesq equation that allowed the inclusion of a ‘concentration factor’ for 
uniform circular loadings, as per Froehlich (1934). In such an arrangement, it was 
hypothesised that the transmission of vertical stress could be calculated within a 
homogeneous and isotropic soil volume by Equation 5.2. 
 
σz = (P / 2π) x [z / r( + 2)]    (Equation 5.2) 
 
Where: 
σz = Vertical Stress at depth, z   = Concentration Factor 
 P = Pressure applied at surface   r = radius of circular plate  
z = depth from surface loading 
 
Others, such as Foster and Ahlvin (1954), have subsequently provided graphical 
representations of such ‘concentration factors’ and the expected stress decrease with depth, 
as reproduced in Figure 5.2 (from Murthy, 2003). 
 
 
Figure 5.2. Influence diagram for vertical normal stress magnitudes, and decay with depth 
under uniformly loaded circular area (from Murthy, 2003) 
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From this understanding of stress distribution theory, and the concept that the LFWD returns 
a composite modulus parameter that represents the conditions throughout the tests ‘zone 
of influence,’ it would be expected that the calculated ELFWD value would be comparatively 
influenced to a greater extent by the material condition nearest the test level (location of the 
rigid plate) and gradually less influenced by the material condition towards the base of any 
applicable Boussinesq bulb. 
 
The depth at which stresses can be considered negligible was recommended by Terzaghi 
(1936) to correspond to the depth at which 20% of the surface applied stress is experienced. 
In the case of the LFWD, this would suggest the ‘significant depth’ of the LFWD test would 
be the depth to which 20% of the applied load was transmitted. Using the Boussinesq 
isobulbs shown in Figure 5.2 this would suggest that the maximum depth of the test would 
be 2.5 times z/R – or 375mm depth for the case of a 300mm diameter rigid plate. It is noted 
that this solution would be applicable for a static load and it is likely that the ‘significant depth’ 
of a dynamic load, such as contained within the LFWD test, would be shallower (as identified 
by Fleming, 2001). 
 
Numerical simulations of the depth of penetration of energy produced by the use of impact 
rollers was completed by Kim (2010). This study demonstrated that for cylindrical rollers the 
use of dynamic effects doubled the ‘zone of influence’ of the roller. This finding, related to 
large scale and heavy equipment, is the opposite of the findings of other studies completed 
with light testing equipment and the results of the studies discussed herein. 
 
5.3. Previous work 
 
The theoretical stress distribution applicable to the LFWD was validated by Benedetto et. al. 
(2012), whom completed LFWD tests with central and offset geophones to observe the 
deflections bulb associated with the test equipment. By back-calculation of the observed 
deflections using elliptical models the authors found that the ‘domain of influence’ – the 
depth at which the deflection magnitude was 5% of that observed immediately under the 
LFWD’s rigid plate – was 0.3 m (1D) for sandy soils and 0.15 (0.5D) for plastic soils (where 
68% material passed the 75m sieve). 
 
Mooney and Miller (2009) assessed the LFWD’s ‘zone of influence’ by using earth pressure 
cells and Linear Voltage Displacement Transducers (LVDTs) to, respectively, measure insitu 
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stress and strain variation with depth in a laboratory setting. From the results, Mooney and 
Miller confirmed that observed stress distributions conformed to the expected vertical decay 
profiles for elastic, homogeneous materials, but that different stress distribution responses 
were observed when sandy (parabolic) and cohesive (inverse parabolic) soils were tested. 
This finding would affect the resultant ELFWD-100kPa values calculated from the load and 
deflection measurements collected during the LFWD test, which assumes a single contact 
stress distribution (generally inverse parabolic) is present for all soils.  
 
From the insitu strain data collected, Mooney and Miller concluded that the measurement 
depth of the LFWD was 0.9D to 1.1D, based on a 95% cut-off criteria, should be considered 
dependent on the soil type of the material being tested. Converting this to a 300mm diameter 
plate, Mooney and Miller’s findings would indicate that the expected depth of LFWD testing 
would be between 270mm and 330mm. 
 
From the previous work reviewed herein, it can be confirmed that the expected ‘zone of 
influence’ for a LFWD test completed using a 300mm plate would be approximately 1D, and 
that the imparted stress magnitude decreases with depth throughout this ‘zone of influence’. 
However, the generic DCP PR correlation with ELFWD (derived in Chapter 4) resulted in an 
estimate of the LFWD’s zone of influence of 400mm to 450mm. This assessment did not 
attempt to account for stress decrease with depth. Accordingly, the remainder of this chapter 
details a study that attempts to increase the strength of the generic LFWD:DCP correlation, 
by accounting for vertical decay of the imparted stress via weighting various components 
within the DCP profile. 
 
5.4. Methodology of study 
 
The study investigated whether the generic DCP to LFWD relationship’s strength could be 
increased by making allowances for the expected vertical stress decay over the LFWD’s 
‘zone of influence’ within the compared DCP profile adopted for comparison. This was 
completed by initially completing a number of Finite Element Method (FEM) models that 
represented LFWD tests and the subsequent incorporation of the stress and strain data into 
the existing DCP / LFWD paired datasets (refer Chapter 4). 
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5.4.1. Finite Element Method (FEM) Models 
 
A 2-Dimensional, axi-symmetric FEM model was constructed to idealise the LFWD testing 
completed utilising a 300mm diameter rigid plate, as previously detailed in Chapter 4. An 
annotated figure showing the dimensions and key aspects of the model are summarised in 
Figure 5.3. 
  
 
Figure 5.3. Annotated axi-symmetric FEM model constructed to represent LFWD test 
 
As each LFWD test results in a record of load and displacement magnitudes measured over 
time, average pressure and associated settlement curves could be produced for each site 
and weight drop height combination. The pressure – time curves, taken directly from records 
of completed LFWD tests using the Prima 100 LFWD were loaded into the Sigma/W FEM 
modelling program (v. 7.19, Geo-Slope, 2012), and the modulus required to match the 
averaged field observed settlement response was calculated (assuming homogeneous, 
isotropic conditions and application of linear elastic theory to the modelled material). 
 
From this model, an output of the settlement under the centre of the loaded plate versus 
load (and thus time) was produced, as shown in Figure 5.4. As the measured settlement 
magnitude relates directly to the calculated modulus within the homogeneous and isotropic 
model – as the Poisson’s ratio’s was kept constant between corresponding field LFWD tests 
Chapter 5                                       LFWD results compared to weighted DCP depth profiles 
 
– 167 – 
and FEM models – the Young’s (Elastic) Modulus (E) adopted could then be varied to 
produce a match to the maximum settlement observed in the corresponding field test. From 
a comparison of the modulus values derived from fieldwork (ELFWD) to those required to be 
used in the FEM model (E) to replicate the fieldwork settlement magnitudes the FEM model 
could be validated. 
 
Figure 5.4. Example of settlement versus time output, obtained from FEM modelling of 
LFWD test 
 
Once validated such that the load-settlement data matched the fieldwork data, the stress 
and strain distribution data produced by the FEM model was output at the peak deformation 
timestep, as shown in Figure 5.5. From this data, the vertical decay of both the imparted test 
stress and stain could be quantified. 
 
                        
(a)                             (b) 
Figure 5.5. Example of (a) stress and (b) strain variation with depth, based on dynamic 
surface loading of FEM model representing an LFWD test 
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5.4.2. Weighting of DCP profile data 
 
Based on the results of the stress and strain distributions produced by the FEM analysis, a 
weighting for each 100mm increment of DCP data could be defined, with weighting factors 
based either on the results of the observed rates of stress or strain decay.  After application 
of these weighting factors to the DCP profiles, a revised PR value – denoted PRw – could 
be calculated that reflected the weighted DCP profile, and compared to the standardised 
modulus values obtained from the LFWD testing. 
 
As the incorporation of LFWD test induced stress and strain distribution was aimed at 
producing an increase in the strength (R2) of the generic correlation previously defined for a 
combined dataset (n = 68), only the LFWD data used for the previous correlation were used 
for this reassessment (i.e. data from six (6) of the seven (7) sites investigated with side-by-
side DCP and LFWD tests). No analysis of individual sites was completed using PRw values. 
 
5.5. Results 
 
A total of 68 FEM models of LFWD tests were constructed, with each model representing a 
single LFWD test and a corresponding, valid DCP test profile (refer Section 4.14). Each FEM 
iteration initially utilised the standardised EFLWD-100kPa parameter as the Young’s Modulus (E) 
parameter adopted across the 1m deep by 1.6m wide axi-symmetric modelled subsurface. 
 
For each of the FEM model iterations completed it was observed that the input E value 
required to reproduce the maximum deformation magnitude observed during the field LFWD 
test was 13% greater than the calculated EFLWD-100kPa value. This result appeared to be a 
constant offset, with deformation magnitudes to within 0.05% of that observed by the 
corresponding field LFWD test record achieved by the FEM model for all sites once the 
altered E value was applied. 
 
5.5.1. Stress Distribution 
 
From the validated FEM modelling, stress distribution curves were extracted for both the 
natural (0kPa load) and standardised magnitude of pressure imparted by the LFWD test 
(100kPa). As the maximum stress magnitude was consistent throughout all FEM models, 
the stress distribution was also constant for all models. The stress distributions curves are 
reproduced in Figure 5.6(a). 
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(a)                             (b) 
Figure 5.6. (a) FEM modelled stress distribution cure versus depth from surface, 
normalised to magnitude of test stress imparted by LFWD test; and (b) Magnitude (%) of 
stress change with depth, due to test stress imparted by LFWD test. 
 
Via subtraction, the magnitude of stress imparted into the modelled subsurface due to the 
LFWD test could be assessed. As presented in Figure 5.6(b) the LFWD’s stress distribution 
curve was also reduced to a percentage of the test stress imparted at the ground surface / 
test level. 
 
As shown in Figure 5.6(b), the full load magnitude is transmitted to a depth of approximately 
30mm before diminishing rapidly. Less than 10% of the original stress magnitude is 
transmitted to a depth of 600mm (2D) or below. Table 5.1 details the percentage of stress 
modelled to be imparted to each 100mm depth increment. The ‘significant depth’ threshold 
of 20%, as suggested by Terzarghi (1936), is achieved at a depth of approximately 380mm 
(1.27D). 
 
Table 5.1. Magnitude of stress that penetrates to 100mm increments of depth, up to 600mm 
total depth (proportion compared to stress imparted at surface) 
Depth (m) Stress transferred for FEM model of LFWD Test  (% of maximum stress imparted at surface – 100kPa) 
0.0 100.0% 
0.1 83.5% 
0.2 48.9% 
0.3 28.7% 
0.4 18.4% 
0.5 12.9% 
0.6 9.7% 
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5.5.2. Strain Distribution 
 
Using the validated FEM models and via the same methodology used to define the stress 
distribution decay with depth, the level of imparted strain and rate of reduction was also 
derived. The percentage of strain, in comparison with that induced at the surface 
immediately below the centre of the LFWD rigid plate, is summarised in Table 5.2 and 
presented in Figure 5.7.  
 
Table 5.2. Magnitude of strain that penetrates to 100mm increments of depth, up to 600mm 
total depth (proportion compared to strain imparted at surface) 
Depth (m) Strain transferred for FEM model of LFWD Test  (% of strain imparted at surface) 
0.0 100% 
0.1 175% 
0.2 122% 
0.3 80.4% 
0.4 59.4% 
0.5 49.2% 
0.6 44.2% 
 
 
Figure 5.7. FEM modelled strain distribution cure versus depth from surface, normalised to 
magnitude of strain imparted by LFWD test 
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Unlike the stress distribution, which was maximised at the surface and was equal to the 
maximum test pressure, the strain distribution initially increases above the magnitude 
observed at the surface. The strain magnitude was modelled to be maximised at a depth of 
87mm, prior to returning to a values below parity at depths of below 250mm. Peak gradient 
change was observed between depths of 200mm (0.6D) and 300mm (1D). Below 400mm 
depth (1.3D), the decay rate appears to be effectively constant, suggesting that the effect of 
the LFWD test did not penetrate beyond this level.  
 
5.5.3. Weighting Factors 
 
Based on the results of the FEM output, initial weighting factors to be applied to the DCP 
depth profile results have been determined for each 100 mm depth increment between 0 
and 600 mm. Separate weighting factors were produced based on the proportionate 
response of each 100mm depth increment as observed within the distribution curves 
produced for the stress or strain output. The initial weighting factors are summarised in Table 
5.3. Note that these initial weighting factors have been normalised to the value of the initial 
600mm depth increment (although the use of this depth was an arbitrary selection). 
 
Table 5.3. Stress and strain multipliers based on modelled distribution of stress and strain, 
with magnitude observed at 600mm depth used for normalisation purposes. 
Depth (m) Weighting Factor Stress Strain 
0.0 – 0.1 8.80 3.55 
0.1 – 0.2 5.87 3.27 
0.2 – 0.3 3.35 2.12 
0.3 – 0.4 2.05 1.47 
0.4 – 0.5 1.38 1.15 
0.5 – 0.6 1.00 1.00 
 
From Table 5.3 it can be observed that, as expected, the initial 100mm increment was the 
most influential within the LFWD’s ‘zone of influence,’ and that both the multiplier associated 
with the top 100mm increment and the rate of decay with depth is greater in the stress 
distribution than the strain distribution. 
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5.5.4. Weighting of DCP Results 
 
To account for the calculated stress and strain distributions, the results of each DCP test 
were multiplied by the weighting factors defined in Table 5.3. The weighting factors were 
applied to the count of hammer blows required to gain full rod penetration through each 
100mm depth increment, as opposed to the DCPI value (which is reported in mm/hammer 
blow). Consequently, a weighted DCP blow count – denoted as PRw by this thesis – was 
produced for each 100mm depth increment. An example of the results produced by this 
weighted conversion of DCP to PRw transformation is presented in Figure 5.8. 
 
 
Figure 5.8. Example of conversion of unweighted DCP-PR profile to equivalent stress and 
strain PRw profiles. 
 
Once the revision of the DCP profiles to weighted PRw values was completed, DCPI values 
(mm rod penetration / DCP hammer blow) for each 100mm increment between 100mm and 
600mm depth were calculated as per the methodology for previous studies (refer Section 
4.6 for further details). The weighted DCPI values – denoted DCPIw values – were defined 
as per Figure 5.9, and were used as values for direct comparison with the corresponding 
ELFWD-100kPa parameter.  
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Figure 5.9. Example of conversion of stress PRw profile to equivalent DCPw stress profiles. 
 
From the completed regression analysis, significance (p) and correlation coefficient (R2) 
values associated with the curve fitted to relate each of the six (6) depths of DCPIw values 
produced for each ELFWD-100kPa were calculated.   
 
Table 5.4 details the fitted relationship, significance (p) and R2 values associated with DCPIw 
values calculated using the stress distribution observed win the FEM modelling, whilst Table 
5.5 details the same data calculated when the weighting factors derived from the strain 
distribution were used to produce DCPIw values. 
 
Table 5.4. Details of best-fit relationships derived based on stress distribution and varying 
'zone of influence' 
Depth 
Interval Best Fit Equation 
Correlation 
Coefficient (R2) 
Significance 
(p-value) 
0.0 – 0.1m ELFWD-100kPa = 72.4e(-0.11 x DCPIw-100mm) 0.19 < .01 
0.0 – 0.2m ELFWD-100kPa = 105.1 / DCPIw-200mm0.58 0.28 < .01 
0.0 – 0.3m ELFWD-100kPa = 134.7 / DCPIw-300mm0.67 0.34 < .01 
0.0 – 0.4m ELFWD-100kPa = 169.6 / DCPIw-400mm0.74 0.38 < .01 
0.0 – 0.5m ELFWD-100kPa = 188.1 / DCPIw-500mm0.75 0.39 < .01 
0.0 – 0.6m ELFWD-100kPa = 217.2 / DCPIw-600mm0.76 0.40 < .01 
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Table 5.5. Details of best-fit relationships derived based on strain distribution and varying 
'zone of influence' 
Depth 
Interval Best Fit Equation 
Correlation 
Coefficient (R2) 
Significance 
(p-value) 
0.0 – 0.1m ELFWD-100kPa = 72.3e(-0.04 x DCPIw-100mm) 0.19 < .01 
0.0 – 0.2m ELFWD-100kPa = 169.9 / DCPIw-200mm0.60 0.29 < .01 
0.0 – 0.3m ELFWD-100kPa = 225.4 / DCPIw-300mm0.69 0.36 < .01 
0.0 – 0.4m ELFWD-100kPa = 295.7 / DCPIw-400mm0.77 0.40 < .01 
0.0 – 0.5m ELFWD-100kPa = 325.0 / DCPIw-500mm0.78 0.41 < .01 
0.0 – 0.6m ELFWD-100kPa = 369.9 / DCPIw-600mm0.80 0.41 < .01 
 
The data contained within Table 5.4 and Table 5.5 can be directly compared to the 
corresponding data obtained when unweighted DCP profiles were used for the calculation 
of PR values, which are summarised in Table 5.6 (refer Section 4.14 for the methodology 
used to derive these relationships). 
 
Table 5.6. Details of corresponding best-fit relationships derived based on unweighted 
DCP results 
Depth 
Interval Best Fit Equation 
Correlation 
Coefficient (R2) 
Significance 
(p-value) 
0.0 – 0.1m ELFWD-100kPa = 168.9 / DCPI100mm0.38 0.19 < .01 
0.0 – 0.2m ELFWD-100kPa = 223.6 / DCPI200mm0.46 0.24 < .01 
0.0 – 0.3m ELFWD-100kPa = 465.1 / DCPI300mm0.68 0.37 < .01 
0.0 – 0.4m ELFWD-100kPa = 693.9 / DCPI300mm0.81 0.44 < .01 
0.0 – 0.45m ELFWD-100kPa = 685.8 / DCPI450mm0.81 0.43 < .01 
0.0 – 0.5m ELFWD-100kPa = 712.7 / DCPI500mm0.83 0.43 < .01 
0.0 – 0.6m ELFWD-100kPa = 609.5 / DCPI600mm0.80 0.37 < .01 
 
5.6. Discussion 
 
As observed in Table 5.4 through Table 5.6, all fitted correlations were considered to be 
strongly statistically significant (p < .01 for all cases), which indicates that all derived 
relationships supported the assumption that the ELFWD-100kPa and DCPI (or DCPIw) values are 
relatable. 
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Figure 5.10 displays the resultant correlation coefficient (R2) values produced once ELFWD-
100kPa values were related to the weighted and unweighted DCPI’s. This figure displays the 
R2 values calculated for each depth interval considered, and shows that (a) use of weighted 
(DCPIw) values for correlation with ELFWD-100kPa produces an increasing R2 value with depth; 
(b) use of the stress distribution weighting factors produce slightly lower strength correlations 
(lower R2 values) with the LFWD derived modulus than when the strain distribution weighting 
factors are adopted; and (c) use of DCPIw values does not increase the maximum R2 value 
observed when non-weighted (PR) values were adopted.  
 
 
Figure 5.10. Correlation coefficient (R2) calculated for ELFWD-100kPa : DCP relationships 
using unweighted DCP (DCPI) profiles and DCP profiles weighted (DCPIw) by stress and 
strain distribution with depth. R2 values shown for ‘zones of influence’ between 100mm 
and 600mm 
 
The weighting of the DCP results to produce DCPIw values did not increase the overall 
strength of the generic correlation associated with the standardised ELFWD-100kPa values. This 
is considered to support the conclusions made in Chapter 4, which suggested that the 
comparatively low R2 values (R2 ~ 0.4, considered a ‘moderate’ strength relationship, 
compared to R2 > 0.7 previously reported by others) associated with the generic relationship 
was associated with the range and heterogeneity of materials / sub-surface profiles that 
were tested (and found throughout SEQ residual soil profiles). 
 
However, the weighting process did produce a number of notable effects on the produced 
correlations. Unlike the relationship produced using unweighted DCPI values in Chapter 4, 
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in which an identifiable peak in R2 values observed when a ‘zone of influence’ of 400 to 450 
mm was utilised for correlation, the weighted DCPIw values produced an increasing R2 as 
the ‘zone of influence’ was deepened. Up to 20% stronger R2 values were produced (in 
comparison to the unweighted relationships defined) when the weighted DCP results were 
correlated with the LFWD modulus parameter when either shallower (200mm = 0.66D) or 
deeper (600mm = 2.0D) ‘zones of influence’ were adopted. This is interpreted to suggest 
that the weighting procedure defined and adopted for this study accounted for the relative 
decay of the stress and strain throughout the ‘zone of influence,’ and rather it was again the 
heterogeneity of materials tested that prevented the R2 being otherwise increased. 
 
The strength of correlation associated with the adoption of DCPIw values derived using the 
weighting factors associated with the FEM modelled strain distribution was continually 
higher, albeit only marginally (up to 6%), than that produced when DCPIw were calculated 
using stress distribution weighting factors. This observation adds further weight to the 
hypothesis presented by Mooney and Miller (2007), whom suggested that the use of strain 
may be more appropriate for estimation of LFWD measurement depth. Although Mooney 
and Miller (2007) identified that the magnitude of the strain observed was affected by the 
peak stress imparted by the LFWD test, and thus LFWD measurement depth, this study has 
converted all LFWD testing to a standardised test stress (100kPa), and produced a constant 
strain distribution curve by analysing strain magnitude as a percentage of the stain modelled 
to be imparted at the material surface.  
 
The most applicable ‘zone of influence’ depth for the LFWD test (under a 100kPa) load was 
also further confirmed by this analysis of weighting factors. As shown in Figure 5.10, the R2 
measure initially increased as the depth of analysis increased prior to plateauing once a 
depth of 400mm was surpassed. This result is further highlighted in Figure 5.11, which 
shows the percentage increase in R2 between subsequent 100mm depth increments 
adopted as the LFWD’s ‘zone of influence’. As shown in Figure 5.11, the strength of the 
correlation coefficient increased by between 10 and 50% as the zone of influence was 
deepened by 100mm increments to a total depth of between 100 and 400mm, whilst only 
very modest (less than 3%) R2 increases occurred as the assumed LFWD ‘zone of influence’ 
was increased beyond this point.  
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Figure 5.11. Increase (%) increase in calculated correlation coefficient (R2) between 
immediately adjacent ‘zone of influence’ intervals (100mm difference for DCPI:ELFWD-100kPa 
relationships using unweighted (DCPI) and weighted (DCPIw) DCP values. 
 
This observation is considered to support the initial assessment made in Chapter 4; that the 
effective ‘zone of influence’ of the LFWD when the 300mm rigid plate was employed was 
generally in the order of 400mm (1.33D). Beyond this depth, the DCP results had only minor, 
albeit positive, effects on the strength of the derived correlations when weighted PR values 
were used for correlation. When unweighted PR parameters were used, the R2 value 
actually reduced beyond the 400mm threshold, by up to 16% of the maximum R2 value.  
 
An effective depth of 400mm corresponds to a stress distribution value of 20% of that the 
test magnitude imparted at the material surface – which supports Terzaghi’s (1936) 
recommendation to use 20% for estimation of the ‘significant depth’ of stress influence, 
below which stresses would have a negligible effect on material behaviour – or 60% of the 
strain imparted at the surface. This 60% strain cutoff is distinctly lower than the 95% 
identified by Mooney and Miller (2009).  
 
A finding of the LFWD’s of ‘zone of influence’ of 1.33D is similar to that suggested by Nazzal 
et. al. (2007) and Mooney and Miller (2009). As DCP data used in this study was only 
recorded in increments of 100mm and a consistent R2 value existed for all depths intervals 
from 400 to 500mm, the findings of this study also support the 1.5D estimated by Fleming 
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(2001) and assumed by Ryden and Mooney (2009). However, 1.3D is pointedly deeper than 
the 0.5D to 1.0D found by Benedetto et. al. (2011) – whom based their assessment solely 
on deflection measurements – and no R2 peak was observed when either 150mm or 300mm 
depths were adopted for the LFWD’s ‘zone of influence’. 
 
5.7. Conclusions 
 
This chapter has detailed an additional analysis of the results of side-by-side DCP and 
LFWD testing, in which the DCP profiles were weighted based on either a constant stress 
or strain distribution. The weighting factors were derived by axi-symmetric FEM modelling 
of the dynamic LFWD tests, and assumed a uniform, isotropic and elastic subsurface 
material. 
 
The use of weighting factors to produce weighted PR values with which to compare the 
standardised LFWD results (ELFWD-100kPa) was not found to increase the maximum strength 
of the resultant DCP PR:ELFWD-100kPa correlation. However, the procedure documented within 
this chapter did reduce the overall fluctuation of R2 values and produced an increase in the 
correlation strength when the assumed ‘zone of influence’ was varied beyond the previously 
defined optimum depth (400mm). This was interpreted to imply that the weighting factors 
applied did account for the reduction in ‘influence’ of DCP results as the depth from surface 
increased, and that the comparatively low R2 values observed by this study was rather due 
to the heterogeneity and range of materials used for as the basis of this study.  
 
Although this study has not increased the strength of correlation over that calculated when 
the PR value was determined by simple averaging over a depth of 400mm (refer Chapter 
4), it has identified that the simple adoption of averaged PR values derived from the 
traditionally accepted depth of plate load testing (2D) or 300mm are not applicable. It was 
also proven that a depth of 1.33D was most appropriate for LFWD testing, and that this 
depth corresponded to a stress magnitude of 20% and a strain value of 60% of that imparted 
at the material surface. 
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6. CHAPTER 6. Inherent and seasonal variability in test results of an insitu 
penetration (DCP) test 
6.1. Introduction 
 
It is well understood that that there is error inherent in all testing techniques. All soil and rock 
materials also contain some degree of inherent variability (i.e. heterogeneity of material), for 
which geotechnical and geological models account. Geotechnical investigations are mainly 
concerned with overall site characterisation and small scale features; e.g. identifying generic 
characteristics and depth intervals of the subsurface profile, material units and geological 
boundaries. Significantly less consideration is generally given to quantifying the large scale 
variations associated with the natural material heterogeneity present across a site or the 
relative condition of the material at the specific time of testing in comparison to its seasonal 
or long term behaviour. 
 
As site investigations are typically completed within a single period of onsite work, any 
completed laboratory testing is conducted upon representative samples taken during this 
limited duration of site visitation. Accordingly, insitu and laboratory test results are indicative 
of the material condition isolated at the time of material sampling. Although spatial variability 
may be accounted for by completing repeated tests across a site or project alignment, the 
temporal variance in material parameters are generally not accounted for when material 
parameters are determined, and incorporated into any subsequent Limit State Design (LSD). 
As LSD requires a ‘characteristic value,’ the incorporation of temporal variance into the 
derived design parameters is often based on ‘engineering experience’. However, a more 
definable value requires an understanding of the parameter’s likely statistical variation. 
 
This chapter details a study undertaken to quantify the spatial and temporal variability 
observed within the result produced by repeated insitu testing of a site that would be, due to 
its size and subsurface profile, generally considered to have a ‘uniform’ residual soil and 
parent rock profile. Repeated testing of the site was completed over a full calendar year, 
and thus over a full range of seasonal conditions. In addition, due to the timeframe over 
which this study was completed the depth to which moisture variation was observed at the 
test site was also able to be ascertained, along with the magnitude of moisture content 
variation at regular depth intervals below the ground surface.  
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The repeated site assessment undertaken for this study also allowed the quantification of 
equipment based errors associated with the completed insitu tests. By comparison with 
repeatability assessments of the other insitu tests detailed within this thesis, this data also 
allowed the investigation and ranking of the sensitivity and accuracy of the equipment used 
for LFWD and DCP testing.  
 
6.2. Quantification of Errors within Test Results 
 
Chapters 3 to 5 validated the insitu modulus values produced by the LFWD, by documenting 
the standardised post-processing techniques applied to the field measurements. 
Standardised ELFWD-100kPa values were related to the output of other field tests traditionally 
used to determine insitu modulus either directly (i.e. static PLT) or indirectly (e.g. DCP 
results used as the basis to which generic correlations are applied to infer insitu modulus 
values). 
 
However, these validation studies did not consider any error sources inherent to each insitu 
test or compare the repeatability of the results associated with such tests. Although Chapters 
3 to 5 did highlight the limitations of the LFWD equipment and test (e.g. penetration depth, 
decay of stresses imparted by the LFWD equipment, and that the standardised ELFWD-100kPa 
values represented a ‘composite’ insitu modulus parameter – a value that reflected the state 
of materials present within the 400mm depth interval below the LFWD test level), all work 
previously presented considered the various insitu test results to essentially be unvarying 
and error free.  
 
In reality, as per Kulhawy (1992), all insitu test results contain an error that is comprised of 
various sources, namely (a) inherent soil variability (i.e. heterogeneous state of soils); (b) 
measurement (or operator) error associated with the test; and (c) temporal variation. The 
magnitude of each of these sources of error / variation would be expected to be largely site 
and test specific.  
 
As the existence and magnitude of the error included in any of the completed insitu tests 
were not discussed in detail during previous studies (Chapters 3 through 5), this chapter 
details a study that aimed at quantifying each component of the error (i.e. the reliability) 
contained within the DCP test. These results were then compared with the variation 
observed in the LFWD test, and the sensitivity and accuracy of each test assessed. 
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6.3. Spatial and Temporal variation 
 
The results of insitu index testing reflect the condition of the material present at the time of 
testing, and thus LSD parameters (if the results of such tests are directly correlated to such 
design parameters) are also based on the observed condition. Thus, if spatial and temporal 
variation are not accounted for when processing insitu test results, any inferred material 
parameters based on the test results will also not account for such variation.  
 
Variation of material parameters is generally accounted in LSD by the determination of 
‘characteristic’ values (or the adoption of ‘partial factors’), such that an adequately 
conservative value is adopted to describe each parameter based on the range of values 
observed. Examples of such techniques include (a) the recommendations of Eurocode 7 
(CEN, 2004), which suggest that in the absence of specific local test data a characteristic 
value determined by statistical methods should produce a design parameter such that “a 
calculated probability of a worse value governing the occurrence of the limit state under 
consideration is not greater than 5%”; (b) the assessment of confidence within the size of 
the dataset and determination of the characteristic value by assessment of standard 
deviation and mean values (QTMR, 2015); or (c)  the simple adoption of a specific percentile 
value from a range of test results, for example the selection of 10th percentile values to 
represent design DCP penetration rate (PR) values (QTMR, 2010). 
 
This chapter details a field study that quantifies the variation within the results of an insitu 
testing program repeated upon a single site over a period of a full calendar year, and 
demonstrates the potential influence that the time of site testing may have on design 
parameters that would be typically derived by applying generic soil correlations to the test 
results. The analysis of test results identified the magnitude of the total error, and quantified 
both the temporal and spatial variation component associated with an insitu penetration test. 
The effect that this test result variation would have on the assessment of a ‘characteristic’ 
insitu modulus value determined by generic soil correlations was also assessed. 
 
6.4. Assessment of ‘active zone’ depth 
 
The moisture content is inversely related to the strength and stiffness parameters of a soil, 
and such properties are dependent on the effective stresses (which is influenced by pore 
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water pressure). Accordingly, due to its direct influence on pore water pressure, the moisture 
content of a soil significantly influences the insitu material strength and stiffness (Das, 2011). 
 
Based on this relationship, the results of any insitu test used to characterise the strength or 
modulus parameter of a soil would also be affected by the moisture content of the material 
at the time of testing. However, there is often no assessment of the likely variation of the 
result of an insitu test between the period that fieldwork testing was completed and the time 
of limiting (extreme) moisture contents. The implicit assumption is that for design purposes 
the material strength and stiffness parameters are time independent (except for 
compressible clay materials, when time dependency is specifically investigated). This is 
especially true for residual soils, which are generally considered incompressible. 
 
The depth to which the moisture content varies due to climactic variations occurring at the 
ground surface is referred to as the ‘active depth’ and the material between the ground 
surface and this depth is defined as the ‘active zone’. This is diagrammatically presented 
matched to a generic residual soil and rock profile in Figure 6.1 (adopted from Little, 1969 
and AS2780-2000). The thickness of the ‘active zone’ is influenced by material properties 
and climate, with drier climates typically having larger active zones.  
 
 
Figure 6.1. Diagram showing ‘active zone,’ where moisture content of material is expected 
to vary due to seasonal conditions, correlated with a residual soil profile 
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Relating this to seasonal conditions, the time of year that an insitu test is completed will 
affect the test results, and thus influence any design parameters derived from the results. 
However, this temporal variability due to the soil moisture content is generally not accounted 
for during the interpretation of results and derivation of design parameters. Although the 
temporal effects associated with the ‘active zone’ of a site may not be significant for deep 
foundations, projects employing shallow foundations or light structures (e.g. road 
pavements) could be significantly affected by this temporal effect. 
 
One of the aims of the study detailed within this chapter was to investigate the moisture 
fluctuation over the near-surface residual soil profile over a full year period (i.e. to assess 
seasonal change). 
 
6.5. Test Equipment (DCP Test) 
 
The insitu test utilised for this study was the Dynamic Cone Penetrometer (DCP), with the 
equipment and standard test method (AS1289.6.3.2, 1997) as previously described in 
Chapter 4. The DCP was selected for this study as it is the most common tool (due to the 
speed of test completion and the low cost associated with the required equipment) utilised 
for both site investigations and QA/QC of shallow foundations and road subgrade 
assessments. 
 
For this study DCP results were recorded as Penetration Resistance (PR) values, produced 
by the count of hammer blows (weight drops) required to produce each 100mm of rod 
penetration. In the absence of other strength testing, the observed DCP test results were 
used to infer the material’s relative density / consistency via a typical correlation, as shown 
in Table 6.1 (from tables included in Look, 2014 and Standards Australia, 2006). 
 
Table 6.1 . Typical material classification based on DCP hammer blow count per 100mm 
rod penetration (from Look, 2014) 
Material  Relative Density / Consistency DCP Blows / 100mm Rod Penetration 
Cohesive 
Very Soft 0 – 1 
Soft 0 – 1 
Firm 1 – 2 
Stiff 2 – 5 
Very Stiff 6 – 9 
Hard ≥ 10 
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Material  Relative Density / Consistency DCP Blows / 100mm Rod Penetration 
Cohesion
-less 
Very Loose ≤ 1 
Loose 1 – 2 
Medium Dense 3 – 5 
Dense 5 – 10 
Very Dense ≥ 10 
 
Look (2014) stated that Table 6.1 should be read left to right, and the DCP blow count should 
not be the defining factor in the logged relative density / consistency of a material. For 
example, for a clay that reports 1 or 2 DCP hammer blows for 100mm rod penetration should 
not conclusively be classified as a ‘firm’ clay without supporting evidence.  
 
Although generic correlations are often presented that relate the results of the DCP testing 
to insitu CBR or insitu modulus values (refer Chapter 4 for specific correlations), no 
standardised assessment of the variation generally associated with the results of DCP 
testing is currently universally accepted, or routinely applied, by the geotechnical industry. 
 
6.6. Previous Work 
6.6.1. Errors present within insitu testing 
 
Soil and rock materials are known to be heterogeneous, and all insitu and laboratory tests 
are accepted to contain some aspect of uncertainty associated with them. The 
acknowledgement and identification of the magnitude of the inherent variability associated 
with the test and material undergoing testing forms the basis of LSD or reliability based 
design. Kulhawy (1992) defined the total magnitude of error associated with any test as 
being comprised of various sources, namely (a) inherent soil variability (i.e. heterogeneous 
state of soils); (b) measurement (or operator) error; and (c) temporal variation. The 
magnitude of each of these sources of error / variation would be expected to be largely site 
and test specific.  
 
Phoon, Kulhawy and Grigoriu (1995) detailed reliability based design theory and techniques 
for shallow foundations on soil materials. As part of this study, ‘realistic statistical estimates’ 
in the form of average and Coefficient of Variation (CoV) were reported for a number of 
design soil parameters. An estimate of the total variation associated with penetration tests 
was reported as part of this study, albeit for the Standard Penetration Test (SPT). The SPT 
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observes the same principal of operation as the DCP, albeit with a larger drop mass 
(63.5kg), larger drop height (760mm) and wider diameter cone (which also incorporates a 
split-spoon sampler). Regardless of these differences, in the absence of other DCP-specific 
data, the information presented by Phoon et. al. (1995) relating to the SPT is considered 
appropriate for attribution to the DCP and useful as a basis for comparison by the results of 
the current study. Phoon, Kulhawy and Grigoriu (1995) estimated that the typical CoV 
associated with the results of the SPT test (i.e. reported ‘N’ value) was between 44% (fine 
grained materials) and 54% (sand materials), with the CoV calculated for individual studies 
ranging between 19% and 62%. The SPT ‘N’ value dataset analysed by Phoon et. al. (n ~ 
2770) included materials ranging from very soft to very stiff and very loose to very dense. 
 
Furthermore, Phoon, Kulhawy and Grigoriu (1995) suggest that the use of SPT results, and 
thus penetration tests such as the DCP, for correlation to other material parameters will likely 
result in a CoV of total error that ranged between 15 and 45%. This CoV value represents 
the total error associated with the each of the various test error sources (inherent soil 
variability, measurement / operator and temporal variation) and the statistical uncertainty 
associated with the transformation between the index test results and correlated material 
parameter. 
 
Phoon, Kulhawy and Grigoriu (1995) also analysed a total of 40 studies (each comprising of 
between 17 and 439 individual data points) that reported the moisture content of fine-grained 
material. The results of this analysis indicated that the CoV of the water content parameter 
ranged from 7 to 46%, with a mean CoV of 18%. It was also noted that the average moisture 
content produced by this constructed dataset was 29%, and that this study included 
materials unfamiliar to the SEQ (and Australian) landscape, such as glacial tills. 
 
6.6.2. Influence of Moisture Content on DCP test results 
 
A number of previous publications have highlighted that the inherent material properties of 
the material being tested can affect the resultant blow count or PR values. Specifically, most 
references identify that the physical composition of the material can directly affect the DCP 
results, with fine grained soils better suited for testing by the DCP test. This is due to the 
fact that if gravel, or larger, sized materials are present within the tested profile, the test may 
report inappropriately high blow counts (equivalent to abnormally low PR values) due to the 
inability of the thin diameter rod and cone to penetrate, break or move the large obstructions. 
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The uniformity and extent of granular materials has also been reported to affect DCP results 
(Luo et. al., 1998). 
 
The other often identified parameter that affects the DCP results is the moisture content of 
the material undergoing testing. The effect of moisture content variation in relation to DCP 
test results is most often discussed in comparison to a material’s OMC and maximum dry 
density (i.e. in the context of use in construction projects) and, as shown in Figure 6.2 
(adapted from Harison, 1987), both the penetration index (equivalent to the PR values 
defined within this document) and CBR varies about the maximum dry unit weight and OMC 
value (indicated as the minimum Penetration Index value shown in Figure 6.2). Harison 
(1987) also notes that if the dry density of a material is kept constant, as would be expected 
within insitu testing of natural materials (i.e. this study), the rate of rod penetration will 
increase as the moisture content increases. 
 
 
Figure 6.2. DCP Penetration Index and CBR relationship to moisture content of material 
(after Harison, 1987). 
 
The variation in DCP results due to moisture content variation was quantified by 
Karunaprema and Edirisinghe (2002, 2003), who completed a laboratory study in which 
clayey or silty gravel materials were tested via use of DCP and the results correlated with 
CBR values. As part of this investigation, a significant correlation was found to exist between 
measured moisture content and DCP value (measured in mm / blow), for the range of 
moisture contents tested (8% – 19%). This relationship is presented in Equation 6.1 – 
rearranged to make the DCP result the subject of the equation – and represents the best fit 
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relationship (considering linear, logarithmic, exponential and power models) for a total of 23 
samples (n = 23). A strong correlation between the rate of DCP rod penetration and the 
material’s moisture content was found to exist (R2 = 0.71). It was noted in the 2002 
publication that the accuracy of this relationship decreased as the moisture content 
increased to the top of the tested range. 
 
DCPI [mm/blow] = 10[(Moisture Content (%) – 0.5) / 6.9]   (Equation 6.1) 
 
Conde et. al. (2013) evaluated the suitability of DCP, LFWD and Geo-guage equipment for 
QA testing of the embankment construction associated with a dam wall. The findings of this 
study indicated that a strong (R2 = 0.90) relationship between moisture content and the 
cumulative blow count of a DCP test over a 300mm interval. The defined relationship is 
shown in Equation 6.2, rearranged to make the DCP test the subject. Note that this study 
indicated that the DCP was the most effective of the insitu tests considered in identifying the 
moisture content present within the tested soil at the time of testing. 
 
DCP-PR (blows/300mm) = [18.406 – Moisture Content (%)] / 0.1602    (Equation 6.2) 
 
Davich et. al. (2006) completed a study comparing modulus values derived using DCP and 
LFWD tests completed upon soils placed within five (5) gallon barrels. As part of the 
associated testing completed for that project, DCP tests were completed upon identical 
materials with varying moisture content. The moisture content for three (3) different 
compacted materials was varied between 5% and 13% and the results of the DCP testing 
(and inferred modulus values) was found to be largely dependent on the moisture value at 
the time of testing. So significant was the variation of DCP results that the authors 
recommended that if target DCP penetration rate thresholds were to be established for QA 
testing, individual thresholds should be identified for materials containing (a) less than 5% 
moisture; (b) between 5% and 7.5% moisture; (c) between 7.5 and 10% moisture. It was 
also identified that materials should not be tested by DCP where they contained more than 
10% moisture. 
 
Siekmeier et. al. (2009) also completed a comparative study between the results of LFWD 
and DCP equipment testing, in an assessment of their suitability for use as QA tools on 
construction projects. The study built on the findings presented by Davich et. al. (2006) and 
for both fine grained and granular materials, identified relationships between the DCP 
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penetration rate and LFWD derived modulus values and developed target thresholds of DCP 
penetration (per hammer blow) to ensure achievement of modulus thresholds. As per the 
recommendations of Davich et. al. (2006), individual thresholds were identified for a number 
of categories of moisture content, with the rate of rod penetration increasing with moisture 
content. 
 
6.7. Details of Study  
6.7.1. Expectations 
 
From the previously published information relating to the various aspects of the study 
completed, it was identified that the results of the penetration test to be completed (DCP) 
would most likely be affected by the moisture content variation of the site over the duration 
of testing, and thus results from individual testing dates would be influenced by the rainfall 
totals observed in a specific period prior to the testing being undertaken. As the moisture 
content of the tested subsurface increased, it was expected that the number of hammer 
blows to achieve the standard rod penetration length would decrease.  
 
The difference in DCP results over the test period was expected to be most pronounced at 
the surface of the site, and that the magnitude of variation in both the DCP results and 
material moisture content would be expected to decrease with depth. Below a certain depth, 
it was expected that little or no moisture content variation would be observed and, as such, 
the variation in DCP results would be due only to inherent material variation and testing 
error. 
 
In addition to the temporal and depth variations, it was also identified that repeated DCP 
tests undertaken on the same date and within the same test site would also produce varied 
results. While these expectations are widely known, there is currently little quantification of 
likely DCP test result variation due to such variables (moisture content, spatial, temporal 
and equipment / measurement error).  
 
6.7.2. Site Details 
 
The site undergoing testing was a residential site located in Chapel Hill, a suburb on 
Brisbane, Queensland. The site was the same as previously used for LFWD and Plate Load 
Testing (refer Chapter 4), and was selected due to its accessibility and the previous work 
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that had been completed, such that the materials located at the site were already well 
studied. 
 
The subsurface was comprised of a residual soil profile transitioning into weathered phyllite 
rock by a depth of approximately 1.8m. Particle Size Distribution (PSD) tests were 
completed upon the residual soil materials at depths of 0.25m, 0.75m and 1.25m, and a 
USC classification of Clayey Sand with Gravel was derived based on the resultant grading 
curves and Atterberg Limits. The completed PSD tests also indicated an 8 to 12% increase 
in gravel content across the depth profile analysed (i.e. higher gravel content with increased 
depth). This is typical of a residual profile, as indicatively shown in Figure 6.1. Fines were 
evaluated to be of medium plasticity. 
 
For the site tested the thickness of the ‘active zone’ – as defined in Figure 6.1 – was initially 
estimated from published data. In the applicable Australian Standard, AS2870-2011, the 
estimated extent of the ‘active zone’ is correlated to the long-term Thornwaite Moisture Index 
(TMI), which is a global climate classification system in the form of a single integer value 
determined from a function of the rainfall, temperature, potential evapotranspiration and 
water holding capacity of the near-surface material. From the work completed by Fox (2002), 
the long-term TMI values for Brisbane, and thus the test site, are expected to exceed a value 
of 10. Walsh et. al. (1998) uses TMI categories to suggest appropriate ‘active zone’ 
thicknesses for Australia, and would suggest that a TMI of between 10 and 40 (i.e. the 
Chapel Hill test site) would indicate an ‘active zone’ of approximately 1.8m depth. In 
comparison, AS2870-2011 suggests the ‘active zone’ of the same TMI value would be 
300mm shallower, and extend to a depth of approximately 1.5m.  
 
6.7.3. Methodology 
 
The completed investigation involved the monitoring and repeated testing of a single site for 
the duration of a year. The selection of a full 12 months as the timeframe for monitoring was 
identified to be appropriate in order to allow the repeated site testing to be completed during 
all four (4) seasons, and thus ensure the full variation of moisture content within the near-
surface profile could be identified (and associated with testing variation). The site was visited 
five (5) times over the 12 month study period, with a return interval that varied between 43 
and 111 days (1.5 to 4 months). 
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The physical insitu testing of the site was aimed at measuring the spatial and temporal 
variability of the testing completed at the site. In order to satisfy these aims, three (3) small 
‘areas’ of the site were identified and tested at regular intervals throughout the 12 month 
monitoring period. For each of the five (5) discrete dates at which tests were completed, 
each of the identified areas were tested by application of an identical test methodology.  The 
approximate dimensions between testing ‘areas’ are detailed in Figure 6.3, whilst Table 6.2 
details the time of each period of testing and the quantity of insitu (DCP) testing completed 
at each of the defined areas. 
 
 
Figure 6.3. Diagram showing spatial relationship of the three (3) defined test ‘areas’ within 
the test site.  
 
Table 6.2. Frequency of DCP tests completed during each phase of testing 
Test Date Area ‘A’ Area ‘B’ Area ‘C’ No. Max. Depth No. Max. Depth No. Max. Depth 
April 2013 1 2.50 m 3 2.50 m 1 2.50 m 
August 2013 2 1.90 m 3 1.50 m 2 2.10 m 
September 2013 2 1.90 m 2 1.90 m 2 1.90 m 
December 2013 3 1.90 m 3 1.80 m 3 2.10 m 
February 2014 3 1.70 m 3 1.90 m 4 1.90 m 
 
 
Chapter 6                                                                 Temporal and Spatial Variability of DCP 
 
– 192 – 
In addition, after the completion of the DCP’s at each defined location, disturbed material 
samples were obtained at regular depth intervals. These materials were obtained via hand 
auger, and the moisture content of the returned samples was determined by subsequent 
material testing that was completed in general accordance with AS1289-2.1.1. Table 6.3 
indicates the depths at which moisture content values were determined, whilst photos of site 
conditions are included in Appendix B.8. 
 
Table 6.3. Locations (‘Area’ & Depth) at which disturbed samples were obtained  
Test Date Location Depth of Sample (±0.10m) 0.25m 0.50m 0.75m 1.00m 1.25m 1.50m 1.75m
April 2013 
Area ‘A’        
Area ‘B’        
Area ‘C’        
August 2013 
Area ‘A’        
Area ‘B’        
Area ‘C’        
September 
2013 
Area ‘A’        
Area ‘B’        
Area ‘C’        
December 
2013 
Area ‘A’        
Area ‘B’        
Area ‘C’        
February 
2014 
Area ‘A’        
Area ‘B’        
Area ‘C’        
 
6.7.4. Rainfall Data 
 
Historical monthly rainfall data appropriate for the test site was obtained from the Bureau of 
Meteorology (BoM, 2014) for the period of between 1889 and 2012. From this data, average 
and median rainfall totals were calculated for the test site, which indicated the annual rainfall 
at the site falls between 1000 and 1100 mm (Average = 1093 mm, Median = 1051 mm). 
Figure 6.4 presents both the average and median monthly rainfall totals for the weather 
station located nearest to the test site (< 5km distance). 
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Figure 6.4. Historical monthly rainfall data for test site (1889 to 2012) 
 
Figure 6.5 presents the monthly rainfall data for the period of field testing, compared to the 
long term average monthly rainfall. For the period of field testing, the rainfall data indicated 
that the three (3) months prior to the commencement of testing had seen rainfall significantly 
higher than the long term average (i.e. wet summer period of 2013). Once testing had 
commenced, the rainfall reflected long term averages between the 1st and 2nd dates of 
testing (April to August 2013), prior to becoming drier than average between the 2nd, 3rd and 
4th dates of testing (i.e. dry spring and summer, 2013/14). The annual rainfall total for the 
2013 calendar year was 1,471 mm, some 35% above the yearly average. However, between 
the period of March 2013 and February 2014, a total of 934 mm of rainfall was observed, 
which equates to 17% below the average annual rainfall. 
 
 
Figure 6.5. Observed (solid) and median (dotted) monthly rainfall values and test intervals 
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6.8. Results  
 
For each period of testing, a typical DCP profile was produced for each sub-site by the 
averaging, by depth, of PR values for all tests completed (n = 1 to 4). As shown in Figure 
6.6, a PR versus depth profile was produced, along with an estimate of the deviation from 
these values. This variation is shown as the maximum and minimum value envelope overlaid 
upon the averaged PR profile. Based on the average PR value, the encountered subsurface 
profile was also categorised into depth intervals of similar consistency or relative density. 
 
 
Figure 6.6. Typical DCP plot showing averaged profile and range of observed values 
versus depth. 
Note that the ‘relative density’ classification intervals displayed in Figure 6.6 (and 
subsequent figures throughout Chapter 6) are based on the DCP interpretation detailed in 
Table 6.1. 
 
6.8.1. Inherent Variability and Measurement Error 
 
An assessment of normalised variation displayed within each sub-site’s typical DCP profile 
was made, based on the calculation of a Coefficient of Variation (CoV) value both for each 
individually identified material unit and averaged over all identified material units present 
within each sub-site. The CoV values, as summarised in Table 6.4, is interpreted to present 
a combination of both the inherent heterogeneity of the soil material being tested and the 
measurement error associated with the DCP test methodology. By inspection of Table 6.4, 
it can be seen that the average CoV encountered for comparative profiles is 27.4% across 
the full study length, and varies (with a single exception) between 23% and 34%. 
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Table 6.4. Coefficient of Variation (CoV) of DCP profiles within identified material units, top 
1.5m of subsurface 
ID Test Date 
Coefficient of Variation (CoV) of each material unit (%),  
For top 1.5m material profile 
Site A Site B Site C 
Range Mean Range Mean Range Mean 
1 14 Apr. 2013 17 – 43 32 0 – 46 27 20 – 47 24 
2 03 Aug. 2013 17 – 47 26 18 – 49 33 30 – 71 34 
3 21 Sept. 2013 22 – 30 26 12 – 30 23 6 – 17 12 
4 27 Dec. 2013 23 – 37 30 23 – 39 29 12 – 31 23 
5 08 Feb. 2014 19 – 40 31 28 – 29 29 24 – 37 32 
 
6.8.2. Spatial Variation 
 
Spatial variability for the specific site being investigated was assessed based on comparison 
of the results collected across the site at each of the five (5) testing periods. Average DCP 
profiles produced for the subsurface profile at each sub-site were compared by observed 
PR value at regular depth increments (0.1m), and combined to construct a single DCP profile 
representative of the full site for each date of test, such as the example shown in Figure 6.7 
(December 2013). 
 
 
Figure 6.7. Plot showing averaged DCP profiles for tests completed in December 2013  
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After controlling for the variation in results due to testing / inherent error, as described in 
Section 6.8.1, the spatial variability of the site observed at each test period was quantified 
by the calculation of residual CoV values. Spatial variability (i.e. CoV values above the 
variability associated with equipment and natural heterogeneity error) was observed in 59% 
of the results (44 of 75 records), with descriptive statistics of the quantified spatial variability 
for each test phase summarised in Table 6.5. 
 
Table 6.5. Summary of spatial variation observed across site, by test period 
 Test ID Normalised Spatial Variation (%) Range Average Median 
1 0.0 – 69.9 21.1 19.5 
2 0.0 – 23.7 6.1 0.0 
3 0.0 – 25.1 8.0 7.7 
4 0.0 – 23.3 6.4 0.0 
5 0.0 – 19.0 5.8 0.0 
ALL 0.0 – 69.9 9.5 4.5 
 
Within the normalised spatial variation calculated, values of up to 70% were observed, with 
a median of 4.5%. After assignment of a CoV of 0% to all the remaining test records (i.e. 
where no difference in data due to spatial variability), the average magnitude of spatial 
variability was calculated to be 9.5%. Inspection of this data and by assessment by linear 
regression indicates that there is no significant relationship between the observed spatial 
variability and depth.  
 
Accordingly, it is recommended that both inherent variability (̅ݔ = 27.4%) and spatial variation 
(̅ݔ = 9.5%) values should be assessed, and accounted for, equally across the full length of 
the DCP profile. This static CoV of approximately 37% is similar to the DCP repeatability 
reported by others. 
 
6.8.3. Temporal Variation 
 
For each of the three (3) sub-sites repeatedly tested, the average DCP profiles produced for 
each testing phase were directly comparable. Similarly, the DCP profiles produced to 
represent the entire site at each testing period could be directly compared. The results, and 
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variation, between these comparable profiles was assessed to represent temporal variation 
of the site over the study period.  
 
Figure 6.8 shows a comparative plot of the averaged DCP profiles produced at the wettest 
(April 2013) and driest (December 2013) periods of testing for the upper 1.5m of the 
investigated subsurface. This data is considered to display the disparity of DCP results 
produced due solely due to moisture content variation. 
 
 
Figure 6.8. Average DCP profiles produced at wettest and driest test periods 
 
Simple comparison between the data available for each sub-site produced a range and 
magnitude of variation observed across the full year of site testing, and produced a value of 
temporal variation for each 0.1m depth interval. The profile of temporal variation produced 
for each sub-site are shown in Figure 6.9, and inspection of these profiles indicate the largest 
temporal variation is associated at the existing ground surface.  
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Figure 6.9. Temporal variation within comparable DCP profiles over study duration  
 
The magnitude of temporal variation decays from above 45% at the ground surface to 0% 
at a depth of 1.0m. Below this depth the temporal variation appears to stabilise about an 
average value, with sub-site ‘A’ indicating a higher temporal variation at depths below 1.0m 
(࢞ഥ = 26%) than the other two (2) sub-sites (࢞ഥ = 3 to 11%).  
 
Linear regression analyses indicate the strongest relationship, assessed by correlation 
coefficient (R2) values, consistently exists when the data is isolated from the ground surface 
to depths of 0.8m to 1.0m. This suggests that data below such depths does not display the 
same depth related relationship, and indicates the ‘active’ zone of the investigated site is 
limited to a depth of approximately 1.0 m. 
 
The observed general decrease in temporal variation over a specific depth interval extending 
from the ground surface is interpreted to be due to the variation in the moisture content 
present within this depth interval over the duration of the study. As moisture content 
influences DCP results, and the largest moisture content variation would be expected to 
occur at the surface level and decrease with depth (refer Figure 6.1), the temporal variation 
observed would also be expected to decrease with depth.  
 
Based on these results, it is recommended that an allowance for temporal variation be 
applied over the ‘active zone’ depth interval. In contrast to other identified sources of 
variation (i.e. spatial, inherent variation and measurement error) the magnitude of the 
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temporal variation should also be weighted based on the depth of PR from the existing 
ground surface. 
 
6.8.4. Total Observed Variation within DCP results 
 
Combining the three (3) isolated sources of variation, an estimate of total variation profiled 
against the initial 1.5m subsurface interval has been produced, as displayed in Figure 6.10. 
This indicates the magnitude of total variation varies from up to approximately 60% within 
the top 0.50m (࢞ഥ = 54%), before decaying to oscillate about a lower bound value below 
depths of 1.0m (࢞ഥ = 41%).  
 
It is noted that these derived values fall within the range of variation associated with SPT 
results (a similar, albeit larger, penetration test) as detailed by Phoon and Kulhawy (1996) 
and previously summarised (refer Section 6.6.1).  
 
 
Figure 6.10. Total observed variation with DCP results, categorised by source of variation 
and error 
 
6.9. Correlation with soil moisture content and rainfall magnitude 
 
A number of disturbed samples were obtained from within each tested sub-site at each test 
interval, and the insitu moisture content determined. Samples ranged in depth from 0.25m 
to 1.65m (n = 49), and the completed testing allowed the construction of a soil moisture 
content profile to be constructed for each averaged DCP profile.  
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From the determined dataset, moisture content values were standardised by interpolation 
at 0.25m depth intervals, for the range of 0.25m to 1.00m depth. The average and range 
profiles produced for the combined (full site) dataset is shown in Figure 6.11, with the results 
calculated for the individual sub-sites summarised in Table 6.6. 
 
 
Figure 6.11. Moisture content and range of variation observed over 12 month study 
duration 
 
Table 6.6. Standardised range, average and CoV of insitu moisture content, top 1.0m of 
subsurface 
Depth 
(m) 
Moisture Content (%) 
Site ‘A’ Site ‘B’ Site ‘C’ 
Range Mean CoV Range Mean CoV Range Mean CoV
0.25 8.7 – 23.3 14.7 41 8.8 – 20.6 15.3 33 
16.5 – 
21.0 18.1 9 
0.50 11.3 – 19.4 14.5 23 
11.0 – 
17.6 14.7 17 
9.5 – 
16.9 12.6 22 
0.75 11.3 – 19.9 15.4 20 8.4 – 14.6 12.8 20 
5.7 – 
12.9 9.6 33 
1.00 17.3 – 23.4 20.1 12 
10.8 – 
12.3 11.5 5 
6.5 – 
10.9 8.8 23 
 
Although the average field moisture content was observed to vary across the site, the largest 
range of variation over the 12 month study were consistently identified to exist at the surface, 
and then decrease with depth. It is also noted that within sub-site A, the moisture content 
increased with depth, which has been interpreted to be due to the temporal groundwater 
level located at 1.45m depth. However, at all sub-sites the minimum range in results was 
observed to exist at the 1.0m depth, again suggesting the ‘active’ zone is located above this 
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level. On average, the magnitude of moisture content variation at 1.0m depth was 40% that 
observed at the sample taken closest to the surface (0.25m). 
 
Correlation analyses between the soil moisture content variation and the change in the PR 
results between consecutive test periods was completed to in order to demonstrate the 
relationship between the two (2) measured parameters. A statistically significant (n = 45, p 
< .01) linear relationship was determined for the difference in all results, as detailed in 
Equation 6.3.  
 
PRV (blows/100mm) = –0.39 x MCV (%)      (Equation 6.3) 
 
Where, for the interval between repeated tests: 
PRV = PR change (blows / 100mm penetration) change 
MCV = Moisture content change (%)  
 
By isolation of the PR and moisture content values observed at each 0.25m depth increment, 
variations of the PRV:MCV linear multiplier and the strength of the relationship (R2) were 
observed, as summarised in Table 6.7. It was observed that the strongest relationship (R2 
= 0.5) between moisture content and PR values occurred nearest to the surface (0.25m 
depth) and this relationship generally decreased with depth.  
 
Table 6.7. Correlations between the observed moisture content variation and PR variation 
recorded for consecutive tests 
Depth (m) Sample size (n) Relationship between PR and MC variation R2 
0.25 12 PRV = -0.30 x MCV 0.50 
0.50 12 PRV = -0.56 x MCV 0.24 
0.75 12 PRV = -0.31 x MCV 0.11 
1.00 9 PRV = -0.49 x MCV 0.43 
ALL 45 PRV = -0.39 x MCV 0.25 
 
Combining Equation 6.3 and the annual range of moisture content variation experienced 
over the 2013 / 14 testing period (refer Figure 6.11), the expected influence that moisture 
content has upon the DCP PR rate, and thus the variation of PR values based on the time 
of testing, has been estimated. This analyses indicated that the moisture content variation 
within the subsurface materials would be expected to produce an annual variation in DCP 
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PR values of 4 hammer blows at the ground surface, and 1 to 2 hammer blows at the base 
of the ‘active’ zone. 
 
6.10. Effect of DCP PR variation upon inferred ‘relative density’ 
 
To demonstrate the implications of the variation observed in the DCP penetration rates over 
the duration of the study, the subsurface profile of the site has been classified into ‘relative 
density’ categories using the relationships detailed in Table 6.1. Note that this approach is 
cautioned against in Look (2014), who states that DCP results should not be used in isolation 
to assess relative density, and was adopted here for illustrative purposes only. 
 
The average DCP PR value was calculated for each 100mm depth interval of the subsurface 
investigated at each of the five (5) dates of site attendance. From these results, the 
percentage of the site profile that was categorised into each of the ‘relative density’ classes 
– ‘Very Loose / Loose’ (PR < 3); ‘Medium Dense’ (3 ≤ PR < 5); ‘Dense’ (5 ≤ PR < 10); and 
‘Very Dense (or better)’ (PR ≥ 10) – was calculated for the top 1.5m of the subsurface, with 
the results presented in Table 6.8 and Figure 6.12. 
 
Table 6.8. Proportion of initial 1.5m subsurface based on ‘relative density’ classification 
Date of 
Investigation 
2013 2014 
April August September December February 
Inf
err
ed
 R
ela
tiv
e 
De
ns
ity
 
Very Loose / 
Loose 14.7% 
9.7% 
(-5.0%) 
0.0% 
(-9.7%) 
0.0% 
(No Change) 
0.0% 
(No Change) 
Medium 
Dense 50.7% 
27.2% 
(-23.5%) 
16.9% 
(-10.3%) 
22.5% 
(+5.6%) 
38.1% 
(+15.6%) 
Dense 16.0% 39.8% (+23.8%) 
60.2% 
(+20.4%) 
61.7% 
(+1.4%) 
41.7% 
(-19.9%) 
Very Dense 
(or better) 18.7% 
23.3% 
(+4.6%) 
22.9% 
(-0.4%) 
15.8% 
(-7.1%) 
20.1% 
(+4.3%) 
Rainfall in 
preceeding 3 
months (mm) 
925.4 147.5 (-84%) 
99.6 
(-32%) 
203.6 
(+104%) 
239.8 
(+18%) 
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Figure 6.12. Proportions of top 1.5m of subsurface classified to inferred relative density 
 
Comparing the calculated annual variation in PR values due to moisture content variation 
over the year long test period, and calculating this range as a percentage of the ‘average’ 
DCP PR profile calculated for the site, the equivalent percentage variation in PR result was 
also obtained. This indicated that the moisture content variation would result in a ±25% 
variation about the average PR value for depths of up to 0.5m, and ±10% variation for the 
PR values of the remainder of the ‘active’ zone. These values approximately replicate the 
magnitude of temporal variation calculated (refer Figure 6.9), and are thus interpreted to 
indicate the calculated temporal variation in PR values was largely due to the variation in 
the moisture content at the time of each completed test. 
 
The moisture content variation observed at the site was expected to be largely due to the 
rainfall patterns observed.  The rainfall in the 3 month period preceding each suite of DCP 
testing obtained (BoM, 2014) was compared to the proportion of averaged PR values 
categorised as representing material with a relative density of ‘Dense’ or above (PR ≥ 5). As 
shown in Figure 6.13, a distinct increase in the proportion of the subsurface that reported 
such values occurs as the rainfall magnitude decreases and the subsurface is allowed to 
dry. Similarly, the profile showing the percentage of the top 1.5m subsurface profile 
interpreted to be ‘medium dense’ or below (PR < 5) largely reflects the shape of the profile 
of the total rainfall of the preceding three (3) months.  
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Figure 6.13. Proportions of subsurface of varying relative densities compared to 3 month 
preceeding rainfall total  
 
Importantly, this assessment does not attempt to imply that the density of the residual soil 
investigated changes with water content change, rather that the moisture condition of the 
soil at the time of testing would alter the inferred ‘relative density’ and any engineering 
parameters for which the DCP results were used for correlation with. This result confirms  
 
6.11. Implications for Design 
 
CBR values are commonly derived from the results of DCP testing, and CBR values are 
then commonly incorporated into design as the basis for the estimate of a deformation 
parameter. Thus, the variation defined for the DCP PR values would also influence any 
correlated CBR values. By adoption of a generic correlation (QTMR, 2010) between DCP 
and CBR values, the resultant range of CBR values produced by the derived variation 
associated with averaged PR values was calculated. The CBR range calculated for such 
values are summarised in Table 6.9, and indicate that for the single year that the site was 
monitored, insitu testing would have yielded resultant CBR values that would have displayed 
a variation of between ±50% (at ground surface) and ±28% (at 1.0m depth) about the 
average CBR value. 
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Table 6.9. Insitu CBR variation based on depth from surface and observed PR variation 
Depth 
(m) 
PR Value 
(All sub-sites, all test periods) 
Inferred CBR (%) 
(based on Moisture Content variation)
Mean Total Variation (%) Minimum Maximum 
0.00 3.2 58 2* 6 
0.25 4.2 52 3 8 
0.50 5.5 55 4 11 
0.75 6.2 44 6 13 
1.00 7.4 39 9 16 
*CBR values in accordance with the Australian Standard (AS1289-6.1.1:2014) reporting guidelines. 
 
For near-surface material underlying a pavement or slab, the higher CBR variation observed 
for the top 300mm of the test sites subsurface (±50%) would likely not occur due to the 
impervious nature of the overlying materials. However, from the deeper (1.0m) insitu CBR 
values presented in Table 6.9 it is implied that even below the ‘active zone’ the CBR 
parameter may be expected to vary by a factor of two (2) over an annual period. 
 
Mellish (2013) carried out an associated study which involved CBR testing cores of soil 
samples obtained from the same test site during each of the insitu testing occasions. The 
samples were tested at the insitu (field) moisture content, then soaked / air dried to evaluate 
the CBR of individual specimens at various moisture contents. As alluded to in Section 6.9, 
field moisture contents were determined at regular depth intervals between 0.25m and 
1.25m for each of the five (5) test periods. Table 6.10 details the median and mean field 
moisture content values at the time of each investigation, and shows that the annual mean 
of moisture content for depths at, or below, 0.75m was approximately 12.5%. For similar 
depths, the range of mean moisture content variation over the yearly cycle was 
approximately 3% to 7%. 
 
Table 6.10. Median and mean field moisture content (%) 
Depth 
(m) 
Median / Average field Moisture Content (%) Max. 
Change 
(%) April 2013 
August 
2013 
Sept. 
2013 
Dec. 
2013 
Feb. 
2014 
0.25 21.0 / 21.7 17.3 / 17.2 8.8 / 11.9 11.5 / 13.4 15.8 / 15.8 12.2 / 9.8 
0.75 14.5 / 14.3 14.6 / 13.4 13.2 / 11.6 11.4 / 11.1 11.4 / 12.0 3.2 / 3.3 
1.25 10.0 / 16.7 7.5 / 9.8 9.9 / 13.0 NR* 11.9 / 11.9 4.4 / 6.9 
*No result (not sampled) 
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Field moisture content was related to laboratory determined CBR values by Mellish (2013), 
via the site specific derived equation presented as Equation 6.4: 
 
Laboratory CBR (%) = 0.389 exp.[-18.8 x Moisture Content (%)]      (Equation 6.4) 
 
As shown in Figure 6.14, a mean field content value of 12.5% would result in a rounded 
laboratory CBR value of 3.5%. A field moisture content variation of ±3.5% (7% total) about 
this mean value would produce laboratory CBR values of between 2% and 7%. These 
minimum and maximum laboratory values represents a factor of almost 3 over the range of 
field moisture contents, varying by 50% below and almost 200% above the mean CBR value 
of 3.5%. 
 
 
Figure 6.14. Variation in laboratory determined CBR values based on field moisture 
content variation (after Mellish, 2013)  
 
For the investigated subsurface from 0.75m depth, the insitu CBR range of 6 to 16% (Table 
6.9) and laboratory determined CBR range of 2 to 7% confirm that the material strength 
derived by the presence of relict rock structure and particle bonding within the residual profile 
is not reflected in the CBR results obtained via laboratory testing. This suggests that 
laboratory testing techniques that utilise disturbed samples or undertake compaction as part 
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of sample preparation may not be appropriate in determining, and would generally 
underestimate, the insitu CBR, strength or modulus parameters of residual soils.  
 
6.12. Conclusions 
 
A residential site in suburban Brisbane was monitored by repeated DCP testing over a 12 
month period. The magnitude of various sources of test error and result variation associated 
with the DCP test has been derived from analysis of the recorded PR values (blows / 100mm 
rod penetration). 
 
Inherent material variability and measurement error was calculated to average 27.4% and 
site-specific spatial variation was determined to average 9.5%. Thus, for any DCP 
completed at the site, a constant average variation magnitude of 36.9% was shown to exist 
for any individual PR value. 
 
The ‘active zone’ was found to be approximately 1.0m deep at the site. Temporal variation 
within the DCP’s PR values was calculated, and was correlated to the moisture content 
variation of the material for this depth interval. An average temporal variation of 22% was 
observed to occur between the ground surface and a depth of 0.5m. Variation of PR values 
totalled 58% at the surface before decreasing to approximately the static variation value 
(36.9%) at depths below of 1.0m.  
 
Generic correlation between PR and insitu CBR values indicated the constant (36.9%) PR 
variation would result in a range of ±26% about the CBR calculated from the mean PR value. 
Incorporating the maximum temporal variation (22%) would increase the resultant CBR 
range to ±50% about the mean value over an annual climactic cycle. 
 
Accordingly, the results of DCP values should not be relied on for high accuracy, and the 
results of a DCP test should be viewed as representative of the site under the conditions at 
the time of testing only. Consideration for the season of testing and likely moisture content 
of the ‘active’ zone of soil within annual variation should be considered when deriving 
characteristic parameters for geotechnical design. 
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7. CHAPTER 7. Effect of ‘fines’ content on surface measured insitu 
modulus value 
7.1. Introduction 
 
This chapter moves the focus from validation of using the LFWD to directly estimate the 
insitu composite elastic (Young’s) modulus parameter, E, to using the LFWD to investigate 
the effect that select material properties have on the insitu modulus parameter. Specifically, 
the study documented in this chapter involved the repetitive LFWD testing of a soil material 
in which the gravel and fines content was varied to investigate the effect on the material’s 
insitu modulus. 
 
The previous chapter highlighted the difference between a laboratory and insitu CBR could 
be up to 300% for a residual soil. This is due to the ‘cohesive’ structure of the residual 
material – derived from relict rock structure and particle bonding – which is not available in 
transported soils. Laboratory compacted samples have such bonds broken during sample 
preparation and thus, when tested by the relevant Australian Standard (AS) methodology, 
report a CBR value reduced from that observed insitu. Additionally, large particle sizes 
(19mm to 39mm sizes) that would contribute to the modulus of a residual soil are removed 
prior to laboratory testing, but are available insitu and represent the comparatively stiffer 
component of the material sample. 
 
This study was undertaken to determine modulus changes that can be associated with a 
material’s gravel content, which was considered to be equivalent to the content of parent 
rock fragments within a residual material profile. As the influence of the weathering 
processes diminishes – generally as the depth from surface increases – the quantity of rock 
fragments of the parent rock normally increases, until the ‘soil’ material is re-classified as a 
‘rock’. Figure 7.1 reproduces the Figure 2.2 to illustrate such a profile which, as previously 
defined in Chapter 2, can be considered common within SEQ residual soils and weathered 
rock profiles. 
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Figure 7.1. Profile of a residual soil and rock weathering profile in which the content of 
fragments of the parent rock material increase with depth from the surface, due to reduced 
influence of weathering processes (from Fredlund and Rahardjo, 1993; after Little, 1969). 
Definitions of rockmass weathering grade, as included in AS1726:1993, are aligned. 
 
As per classification guidelines included in AS1726-1993 the distinction between a residual 
soil and extremely weathered rock is somewhat subjective, with the difference between the 
two (2) being based on the existence of “mass structure and substance fabric”. Extremely 
weathered (XW) rock is defined by this standard as being comprised entirely of ‘soil’ 
properties, and that it would “either disintegrate or can be remoulded in water.” It is expected 
that through this transition between ‘soil’ and ‘rock’ materials a typical gradation would see 
a gravel content increase from minimal quantities to approximately 50% gravel content at 
the interface of the highly weathered (HW) and moderately weathered (MW) rock materials. 
Beyond this value a competent rockmass would be expected exist, as defined as 
‘moderately weathered’ rock in Figure 7.1. The characterisation of such materials would 
likely more closely reflect the parameters of the intact rock material rather than any soil 
material contained within the rockmass, and is thus not considered by this study. 
 
7.2. Aims of study 
 
As the gravel content increases with depth from the surface through the residual profile, an 
increased component of the material would experience direct gravel to gravel contact 
(termed the ‘rock skeleton’ by Cooke and Sherard, 1987), as shown in Figure 7.2.  
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Figure 7.2. As the gravel content of a material increases, the proportion of gravel (rock) 
materials that are in direct contact with each other would also increase. 
 
Significant increases in gravel content will improve the load transfer pathway through the 
rock skeleton (i.e. improve frequency of rock-on-rock contact), as presented in in Figure 7.3. 
Such a result was reported by Rollins et. al. (1998), whom found as significant increases in 
gravel content occur (0% through 60%), an associated increase in the modulus parameter 
is also observed (up to 25%). Such a result is analogous to the significant increase in rock 
fragments that would occur as an insitu material transitions between ‘soil’ and competent 
‘rock’ materials. 
 
 
Figure 7.3. Arrows indicate the load transfer occurring at points where stone directly 
contacts stone, rather than transferring load into surrounding soil matrix. As the gravel 
content of a material increases, the proportion of gravel (rock) materials that are in direct 
contact with each other, and thus effective load transfer within the gravel content, would 
also increase. 
 
Once a full rock-to-rock contact pathway is established through a material unit, the modulus 
is expected to vary based on the content of material that exist between the larger rock 
particles. Although the gravel particles / rock fragments are the comparatively stiffer 
materials within a composite soil material, the presence of materials with a comparatively 
Increasing Gravel Content
Increasing Gravel Content
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smaller particle size improves the overall stiffness of the composite material. This is due to 
the fine materials infilling the voids created by the rock-to-rock particle contact, and results 
in a material that displays higher density, stiffness (lower compressibility) and shear strength 
properties (Fell et. al., 2014). This is confirmed by the inclusion of ‘fines’ within unbound 
granular materials to produce ‘well-graded’ soils for road pavement materials, as their 
presence increases the achieved compacted density and insitu modulus (McNally, 1998).  
 
As the composite stiffness (modulus) of a material is based on the magnitude of deflection 
under an applied load, an increase in the volume of material within the voids created by 
direct stone contact would be expected to reduce the overall compressibility of the material, 
as the stiffer materials (gravel / rock) would be prevented from additional movement and 
load is ‘attracted’ and transferred through the rock skeleton. Accordingly, it would be 
expected that the composite stiffness (modulus) of the rock / soil mixtures would increase 
as the percentage of comparatively finer material is added to uniform (100%) gravel 
materials. This is conceptually shown in in Figure 7.4, along with the location of the current 
study in terms of expected modulus variation associated with changes to rock (gravel) 
content. 
 
 
Figure 7.4. Conceptual figure showing expected modulus variation based on rock fragment 
content. Approximate range of current study in terms of gravel content is also shown. 
Study aim to demonstrate the suitability of LFWD to measure modulus variation range is 
shown in red. 
Full rock-to-rock contact
exists thoughout material
Frequency of rock-to-rock
increasing
Stiffness
/ Modulus
Gravel Content (%)
Modulus increase due to comparatively
smaller particles infilling voids between
interlocked gravel particles
Approximate range
of study
Is LFWD appropriate to measure
such variation?
Rock Fragment (Gravel) Content
Fines dominate
material
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In road construction projects, such an expectation is the basis for the compaction of insitu 
materials prior to additional loading associated with embankment construction, or the 
compaction of pavement aggregate materials via the ‘mechanical interlock’ approach. 
Compaction of materials aims to limit long term settlement by the prior compression of soil 
materials and maximising any stone to stone contact of rock materials. Similarly, the 
interlocking of granular soil particles is also the basis of many geo-reinforcement products 
(e.g. geogrids, geocells and, to a lesser extent, geotextiles), which aim to increase the 
composite modulus and bearing capacity of a material by reducing the potential paths of 
material movement. 
  
The primary aim of this study was to investigate and quantify any effect that the gravel 
content had on the insitu modulus parameter of a material. This was achieved by 
incrementally decreasing the gravel content of a manufactured soil material and subjecting 
the material to LFWD testing after near-identical preparation. By adoption of the repetitive 
nature of this study, in which the only variable was the gravel content within the tested 
material, any variation in the standardised ELFWD-100kPa values above the inherent error 
associated with the LFWD equipment was able to be identified as being due solely to the 
percentage of gravel present within the tested material. 
  
Specifically, this study was aimed at testing soils over a range of gravel contents such that 
the effect of the filling of a void space had upon a gravel material, as shown in Figure 7.5. 
By investigating any insitu modulus variation associated with the reduction of stone to stone 
contact in a soil an assessment of the ‘fines’ content required to influence the insitu modulus 
value could be made.  
 Figure 7.5. Gravel (white) and fines (brown) content variation and expected effect upon 
stone to stone contact. This study completed similar load testing at surface level to 
investigate the effect of fines and gravel content on insitu modulus parameter. 
Decreasing Gravel Content /
Increasing 'Fines' Content
Soil Particles
(Fines) or
Air Void
Gravel / Rock
(20mm dia.)
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This study also assesses the applicability of the LFWD to test ‘transitional’ materials (with 
varying soil and rock components), and thus the suitability for using the LFWD to investigate 
and characterise materials across the residual soil / weak rock interface. As demonstrated 
in Chapters 3 and 4, the LFWD was considered ideally suited to determining the composite, 
insitu modulus of such materials. Industry standard penetration tests (SPT and DCP) would 
generally be expected to ‘refuse’ within such ‘rockfill’ or ‘gravel dominated’ materials, similar 
to their common ‘refusal’ within SEQ residual soils and weathered rock. In comparison, if 
the LFWD could successfully be employed to test such composite materials (inclusive of 
‘oversize’ particles), and be suitably sensitive to identifying the modulus parameter variation 
based on rock content, the applicability of the technique as a site investigation tool for 
materials that were comprised of both ‘soil’ and ‘rock’ components could be validated. 
 
7.3. Background 
 
Although a specific product of the parent rock type and insitu weathering history, many (but 
not all) of the SEQ residual soils considered by this project were often characterised by 
being a mixture of both fines and granular materials (as described in Chapter 2). It is also 
understood that the relict rock fabric present within residual soils contribute to both the insitu 
cohesion (strength) and fiction angle of the material and, accordingly, disturbance of the 
material prior to testing may reduce the laboratory determined Mohr-Coulomb strength 
parameters.  
 
The behaviour of a soil material is directly influenced by the quantity of fines included within 
the material. This quantity, generally defined as percentage by weight of particles with a 
diameter of equal to, or less than, 75 microns (<75 m). This influence of fines is well 
reflected in typical classification systems, with the Unified Classification System (USC) 
identifying different soil behaviours are likely once the fines content reaches various 
thresholds. For example, for a granular dominated material, AS1726-1993 suggests that 
fines contents of below 5%, 5 to 12% or greater than 12% trigger variation in the material 
naming convention, and associated correlations with material engineering properties. 
However, the shortcomings of adopting the transported soil derived USC to characterise 
residual soils has been identified by many (e.g. McNally, 1998; Wesley, 2010). 
  
As stated in USDA’s published ‘Elementary Soil Engineering’ (1990), a fines dominated soil 
material “usually needs more than 35 percent sand and gravel before the coarse materials 
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significantly affect the strength characteristics.” Once such a threshold is reached, then the 
properties of the coarse component of the material will affect the observed behaviour of the 
fine grained material. In regards to coarse dominated soils, a threshold of approximately 
12% fines is required to be surpassed prior to USDA suggesting that the behaviour 
characteristics relating to the fines component will be exhibited by the soil and should be 
taken into account when utilising such materials. For example, if the fines component of a 
material exhibited high swell or high plasticity properties, an embankment constructed out 
of a granular material containing a fines content in excess of this threshold (>12%) may also 
be expected to exhibit such properties. 
 
Australian Standards (e.g. AS1726-1993) are based on the physical characteristics of a 
material, whilst British Standards (e.g. BS5930-1999) was written based on the behavioural 
characteristics of materials. Accordingly, British Standards accepts a soil material is ‘fines’ 
dominated once the soil exceeds 35% fines, whilst the definition included in the current 
Australian Standard is based solely on the majority component; i.e. ≥ 50% or either ‘fines’ 
or ‘granular’ materials. Similarly, Thevanayagam (1998) identified that a granular sand 
material should be considered to behave as if it were a fine grained material once the fines 
content passed approximately 30%. 
 
Look et. al. (1994) suggested weighting the Plasticity Index (PI) property by the component 
of soil used for the determination of the PI (percentage passing 425m sieve) to create a 
new index value (Weighted Plasticity Index, WPI) that could then be used to classify the 
material in terms of reactivity (QTMR, 2014). Using such a classification, a high PI material 
(PI > 32%) with 100% of material passing the 425m sieve (i.e. WPI = 3200) would be 
considered highly reactive. Conversely, if the same material reported a PI = 12% the fines 
content would not be expected to significantly influence a material’s movement and 
deformation potential. A threshold of WPI = 1200 was defined to identify a material with ‘very 
low’ potential for volume change. 
 
Previous work has also focused on the influence of fines content on the liquefaction potential 
of soils. Seed et. al. (1985) suggested that correction factor should be applied to SPT ‘N’ 
Values to resolve the result to that of a pure granular material, whilst Youd et. al. (1997) 
subsequently agreed that the influence of fines affected penetration (SPT) resistance once 
the fines content exceeded 5%. The magnitude of this influence increased as the fine 
content increased to a produce the maximum at a fines content 35%, after which fines 
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content did not further increase. Similarly, Wang and Wang (2010) found that liquefaction 
resistance is related to fines content, and that a fines content of 30% is the proportion which 
correlates with the lowest liquefaction resistance.  
 
The consistency of this previous work suggests that a fines (<75 m) content of about 30 to 
35% is required before a predominantly granular, residual material behaves as a fines 
dominated material, and that some influence may be observed once a fines content as low 
as 5% is included. However, previous work was primarily concerned with identifying 
liquefaction potential of materials, the deviation of Mohr-Coloumb strength parameters or 
the potential for mixed materials to deform due to climactic variation. 
 
This study aimed to extend this previous work, and identify whether a similar content 
threshold (albeit with a variation in the adopted definition of ‘fines’) existed for the insitu 
stiffness parameter and, if so, what percentage of comparatively finer material was required 
to be incorporated into a gravel material prior to the influence of the fines becoming apparent 
in the measured insitu stiffness property. 
   
7.4. Limitations of study 
7.4.1. Lack of insitu (relict) rock fabric  
 
It is noted at the outset that any variation in the stiffness property associated with increased 
rock content of a residual soil / weathered rock profile would most likely not be solely due to 
the content of ‘rock’ material (modelled herein as ‘gravel’ content) compared to that of ‘soil’ 
(modelled in this study as ‘fines’ content). Instead, the increased stiffness generally 
observed over a residual soil to rock transition is also understood to be due to the increased 
density and strength of the bonding that occurs between the less weathered soil and rock 
profile. Weathering processes breaks such inter-particle bonds, thus resulting in increased 
‘soil’ content and a lower composite stiffness values. The stronger or greater length a 
weathering force is applied to a particular rock fragment the greater the breakdown of such 
bonds and material (i.e. increased ‘soil’ content and lower stiffness values normally 
observed as the material becomes closer to the surface due to increased exposure to 
weathering processes).  
 
However, this study did not replicate any inter-particle bonding, or relict rock fabric that 
would be expected to be a contributor to a residual material’s insitu stiffness. Instead, this 
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study attempted to assess the difference in insitu modulus values solely associated with 
varying gravel content. Any difference in the consistently measured modulus parameter can 
thus be attributed to the ‘softer’ fines preventing the comparatively ‘stronger’ gravel particles 
‘interlocking’ and providing a relatively ‘un-deformable’ material. If such an effect was 
observed, it was anticipated that the percentage of fines required to prevent direct stone-on-
stone contact could be identified and, potentially, provide a maximum fines content threshold 
below which materials could be considered ‘granular’ for construction purposes. 
 
7.4.2. Variation to ‘fines’ definition 
 
A further limitation of this study in comparison to previous work was the adopted definition 
of ‘fines’. Whereas the USC defines ‘fines’ (silt and clay) as particles with diameters smaller 
than 75 microns (<75 m), this study has used the term as meaning all material that passes 
a 5mm diameter sieve. This would mean that the ‘fines’ term used by this study contains 
‘fines’, ‘sands’ and ‘fine gravels’ as defined by USC and AS1726-1993. 
 
It is acknowledged that reactive behaviour exhibited by soils with a significant ‘fines’ 
component is largely due to the presence of ‘clay’ minerals. It is the behavior of these 
minerals – especially expansion / contraction during moisture content variation – that is 
subsequently reflected by the entire material unit when the ‘fines’ component is substantial 
enough (30 to 35% content, by weight, as defined in Section 7.3, although some influence 
may be observed once a fines content as low as 5% is included). Thus the identified 
departure from the use of ‘fines’ to include non-clay, inert particles (sands and fine gravels) 
would result in this study not being directly comparable to the historical parameter 
assessments detailed in the provided literature review. 
 
However, this study was not attempting to examine the reactivity of the clay materials or the 
content threshold at which the shrink swell behavior of the fines (clay and silt sized) 
component was observed within a soil unit. Instead the study was aimed as ascertaining the 
percentage of comparative ‘fine’ material required to sufficiently disrupt the ‘stone on stone’ 
(rock skeleton) behavior, or provide sufficient confinement to the rock skeleton that variation 
of the modulus parameter was observed. Thus, for this study the definition of ‘fines’ required 
such materials being comparatively smaller than the size of the ‘rock’ materials – and thus 
able to fill the void space created by a uniform diameter ‘rock’ sample. 
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Reflecting that the current study was investigating inert material behavior only, and did not 
require the clay materials to be reactive, all tests were completed at a constant moisture 
content.  
 
The definition of ‘fines’ (< 5mm) as adopted by this study is consistent with a description 
provided by Cooke and Sherard (1987). From their detailed review of rockfill material 
performance, they identified a ‘general rule’ that suggested ‘rock’ materials exhibited a 
consistent ‘high shear strength and low compressibility’ would once less than 20% of 
material passed the no. 4 (4.75mm) sieve. Once the comparatively ‘finer’ material exceeded 
this threshold, applied loads were not expected to be transferred through a rockfill skeleton 
and produced an unstable trafficable surface. This is interpreted to represent the 
approximate point that full rock-to-rock contact was achieved, as identified conceptually in 
Figure 7.4. 
 
Similarly, Fells et. al. (2014) cite a number of projects in which a ‘dirty gravels’ have been 
used successfully to produce construction materials with high modulus. Within the grading 
curves provided for these projects only small (~10%) quantities of clay and silt material (< 
75 m) were used, but included a much higher component (up to 40%) of material that 
passed the 4.75mm sieve. The inclusion of this significant volume of inert, comparatively 
smaller diameter particles – that resulted in a ‘well-graded’ gravel material – was identified 
to have produced the highest compacted rockfill moduli (compared to ‘uniform’ graded 
materials). The authors also provide evidence that as the characteristic (D80) particle size of 
a rockfall decreases – as associated with an increase of comparatively smaller diameter 
materials – the modulus of the material would be expected to increase (all other variables 
being equal). 
 
From this previous work, the adoption of the definition of ‘fines’ as representing all particles 
less than 5mm diameter, is considered valid for use in the current study; especially as the 
study aims to only consider inert material behavior. The stepped addition of the < 5mm 
particles to a comparatively larger (20mm), uniform gravel material should progressively 
trend towards the production of a ‘well-graded’ material, and thus display an improvement 
in the insitu modulus parameter (as shown conceptually in Figure 7.4). 
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7.5. Study Methodology 
 
The investigation involved the placement and testing of mixed soils, comprised of varying 
quantities of a uniform 20mm gravel and a comparatively smaller ‘fines’ material. The ‘fines’ 
used in this study were obtained from natural material (soil of residual origin) that were 
passed through a 5mm sieve. Accordingly, based on relative diameters of the two (2) 
blended components, a gap graded material comprised of 20mm gravel and 0 to 5mm ‘fines’ 
(equivalent of a mixture of silt / clay fines; fine to coarse grained sand and fine sized gravel 
materials) was produced. As previously described in Section 7.4.2, such material is defined 
as ‘fines’ for the remainder of this study.  
 
The mixed soil was placed in a moulded plastic, semi-rigid, rectangular testing apparatus, 
with dimensions of 900mm (W) x 565mm (B) x 550mm (H). Once loosely placed within the 
testing apparatus, the material was levelled and subjected to a repeated testing regime of 
LFWD testing in order to determine the insitu Young’s Modulus value (ELFWD). Photos of the 
typical experimental set-up are shown in Figure 7.6, with additional photos of the various 
test materials included in Appendix B.9. 
 
An independent suite of LFWD testing was completed for each mixed soil after 100kg, 200kg 
and 300kg of soil material had been placed into the semi-rigid test container. Accordingly, 
for each ‘constructed’ soil three (3) separate suites of LFWD tests were completed, each 
associated with a different thickness of the placed soil. This variation is shown indicatively 
in Figure 7.7.  
 
      
Figure 7.6. Photos of the semi-rigid container and LFWD set-up utilised for study 
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Figure 7.7. Three (3) varying thickness of mixed soils repeatedly tested by this study 
 
As the modulus of the semi-rigid container and the underlying ground remained a constant 
throughout all completed testing, the influence of each upon the insitu modulus values 
determined for each test thickness also remains constant. The results obtained of the 
different mixed soils tested under identical conditions (e.g. 100kg of material) would thus 
only be expected to express the difference in insitu modulus values due to the varying gravel 
/ fines content (and the inherent error associated with the LFWD test and equipment). 
 
All mixed soils underwent independent LFWD testing utilising 100mm and 300mm diameter 
plates. Standardised insitu modulus parameters (ELFWD) were calculated for a 100kPa (for 
300mm diameter plate tests) and 500kPa (for 100mm diameter plate tests) stresses via the 
methodology and standard post-processing procedures outlined in Chapter 3. 
 
Six (6) different ‘soils’ were constructed and tested, with each having their percentage of 
gravel and ‘fines’ components varied. The percentage of ‘fines’ was varied by approximately 
10% (by weight) for each mixed soil, over a range of 0 to 50% ‘fines’, as shown in Table 7.1.  
 
The gravel and ‘fines’ component of each ‘soil’ were weighed independently and mixed insitu 
until visual assessment indicated the material was approximately uniform in appearance. 
Photos of typical mixed ‘soils’ are shown in Figure 7.8, in which the visual differences in soils 
of varying gravel / fines content can be easily be discerned.   
 
The range of materials tested is consistent with the gravel content / rock fragment content 
typical of highly weathered rock materials in SEQ (both insitu and after working). McNally 
(1998) describes XW and HW rock materials of Australia, when considered in terms of ‘rock’ 
and ‘soil’ materials, as a “rock-soil mixture with 70 – 80% rock fragments.” Upon excavation 
and working, such weak rock materials would be expected to “break down … to a soil content 
around 50%”.  
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Table 7.1.  Details of weight of gravel and fines component of mixed soil 
Soil ID Name 20mm Diameter Gravel Percentage (by weight) 
‘Fines’ Percentage      
(by weight) 
1 100% Gravel 100.00 0.00 
2 90% Gravel 90.00 10.00 
3 80% Gravel 81.00 19.00 
4 70% Gravel 72.90 27.10 
5 60% Gravel 58.32 41.68 
6 50% Gravel 50.16 49.84 
 
  
(a)        (b) 
  
(c) 
Figure 7.8. Examples of the constructed soils with varying gravel content. (a) 0% fines, 
100% gravel; (b) 20% fines, 80% gravel; and (c) 50% fines, 50% gravel  
 
A flow chart showing all the variables of testing completed in this study are shown in Figure 
7.9. In total 144 tests, each comprising of at least six (6) repeated weight drops were 
completed. All testing was completed over four (4) sessions of testing within a nine (9) day 
period, between the 26 December 2013 and 5 January 2014. When not being used for 
testing, all materials were removed from the testing apparatus, stored out of direct sunlight 
and contained within waterproof bags in order to prevent dramatic change in the moisture 
content of the material being tested.  
Chapter 7                                                           Influence of fines content on insitu modulus 
 
– 221 – 
 
Figure 7.9. Flowchart showing all variables of soils and LFWD testing completed during 
study 
 
7.6. Results 
7.6.1. Insitu Modulus 
 
Table 7.2 details the standardised LFWD moduli determined for each soil mixture type and 
quantity for both the 100mm and 300mm diameter plate testing. The ELFWD values were 
determined after the post-processing filtering and interpretation of the raw results as per the 
methodology detailed in Section 3.7. 
 
Table 7.2.  Standardised insitu modulus (ELFWD) for all material types (varying gravel 
content) and volumes tested 
Quantity 
(kg) Soil Name 
300mm Diameter Plate 100mm Diameter Plate 
ELFWD-100kPa CoV (%) ELFWD-500kPa CoV (%) 
100 kg 
100% Gravel 12.0 7.1% 23.2 4.0% 
90% Gravel 12.7 2.0% 21.0 7.5% 
80% Gravel 12.0 8.4% 20.3 3.3% 
70% Gravel 13.7 1.5% 22.6 5.7% 
60% Gravel 12.7 3.8% 34.3 6.4% 
50% Gravel 12.0 3.5% 33.6 9.2% 
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Quantity 
(kg) Soil Name 
300mm Diameter Plate 100mm Diameter Plate 
ELFWD-100kPa CoV (%) ELFWD-500kPa CoV (%) 
200 kg 
100% Gravel 13.8 3.9% 24.3 3.2% 
90% Gravel 13.0 5.1% 23.9 3.1% 
80% Gravel 14.4 3.4% 26.3 4.7% 
70% Gravel 14.4 2.8% 24.9 1.9% 
60% Gravel 16.3 3.1% 30.8 2.0% 
50% Gravel 15.6 0.9% 35.3 7.3% 
300 kg 
100% Gravel 12.1 5.0% 24.0 7.8% 
90% Gravel 12.5 3.7% 22.9 2.3% 
80% Gravel 11.4 4.4% 22.9 4.4% 
70% Gravel 13.0 5.4% 21.5 2.7% 
60% Gravel 13.5 6.1% 31.0 7.7% 
50% Gravel 16.3 3.8% 27.8 4.9% 
 
The Coefficient of Variation (CoV) values included in Table 7.2 are the averaged CoV values 
of the four (4) stress levels associated with each completed LFWD test. As can be seen 
from the CoV values (average of 4.1% and 4.9% for all 300mm and 100mm diameter plate 
LFWD tests respectively), the consistency of the returned results remained well below the 
15% variation associated with the LFWD test and equipment. Accordingly, all data was 
considered valid for further assessment. 
 
Using the insitu modulus value associated with the 100% gravel material as the initial 
‘baseline’ value, the variation in ELFWD values across the various tested soils was calculated. 
Table 7.3 details the magnitude (in MPa) and percentage of the difference in the insitu 
Young’s Modulus measured for each test arrangement compared to its corresponding 
‘baseline’ value. 
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Table 7.3.  Magnitude and percentage difference in insitu modulus (ELFWD) for all 
material types (varying gravel content and volumes) tested. 
Qty. 
(kg) Soil Name 
300mm Diameter Plate 100mm Diameter Plate 
Magnitude (MPa) Pct. (%) Magnitude (MPa) Pct. (%)
100 kg 
100% Gravel ELFWD = 12.0 MPa (Baseline Value) N/A 
ELFWD = 23.2 MPa 
(Baseline Value) N/A 
90% Gravel +0.7 5.6% -2.3 -9.7% 
80% Gravel 0.0 0.1% -2.9 -12.5% 
70% Gravel +1.7 14.2% -0.7 -2.9% 
60% Gravel +0.7 5.8% +11.1 47.8% 
50% Gravel 0.0 0.0% +10.3 44.5% 
200 kg 
100% Gravel ELFWD = 13.8 MPa (Baseline Value) N/A 
ELFWD = 24.3 MPa 
(Baseline Value) N/A 
90% Gravel -0.8 -5.8% -0.3 -1.4% 
80% Gravel +0.6 4.6% +2.0 8.2% 
70% Gravel +0.6 4.4% +0.7 2.8% 
60% Gravel +2.5 18.2% +6.5 26.7% 
50% Gravel +1.9 13.7% +11.0 45.2% 
300 kg 
100% Gravel ELFWD = 12.1 MPa (Baseline Value) N/A 
ELFWD = 24.0 MPa 
(Baseline Value) N/A 
90% Gravel +0.4 3.2% -1.1 -4.6% 
80% Gravel -0.8 -6.3% -1.0 -4.4% 
70% Gravel +0.8 6.7% -2.4 -10.2% 
60% Gravel +1.4 11.3% +7.0 29.3% 
50% Gravel +4.1 33.9% +3.8 15.9% 
 
The corresponding results applicable to each soil quantity and LFWD test arrangement were 
then plotted to show the difference in the measured insitu modulus due solely to the gravel 
content variation. These graphs are shown in Figure 7.10 (for LFWD tests using the 300mm 
diameter plate) and Figure 7.11 (For LFWD tests using the 100mm diameter plate). 
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(a) 
 
 
(b) 
 
 
(c) 
Figure 7.10. Standardised insitu modulus values for LFWD using 300mm diameter plate 
(ELFWD-100kPa) plotted across the range of gravel content of soil. Grey interval represents 
±7.5% variation (total 15% range) about average ELFWD-100kPa value for region of gravel 
contents where no deviation identified (70% to 100% gravel content). Results for LFWD 
tests completed upon (a) 100kg of mixed ‘soil’; (b) 200kg of mixed ‘soil’; and (c) 300kg of 
mixed ‘soil’. 
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(a) 
 
  
(b) 
 
 
(c) 
Figure 7.11. Standardised insitu modulus values for LFWD using 100mm diameter plate 
(ELFWD-500kPa) plotted across the range of gravel content of soil. Grey interval represents 
±7.5% variation (total 15% range) about average ELFWD-500kPa value for region of gravel 
contents where no deviation identified (70% to 100% gravel content). Results for LFWD 
tests completed upon (a) 100kg of mixed ‘soil’; (b) 200kg of mixed ‘soil’; and (c) 300kg of 
mixed ‘soil’. 
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From the plotted data and annotations included within Figure 7.10 and Figure 7.11, it was 
observed that a constant modulus value was effectively measured when gravel contents 
were varied between 70% and 100% (i.e. 0% to 30% fines). Within this range, the magnitude 
of observed deviations remained within the expected range of repeatability error (i.e. LFWD 
equipment, measurement and operator error; inherent material variability) of 15% (±7.5%) 
about the average value calculated from the measured ELFWD values within this range. 
 
Beyond the 30% fines threshold (gravel content < 70%), a variation in ELFWD values above 
the ±7.5% error range was consistently found to occur. Once the 40% fines content was 
reached, the insitu modulus values were noted to increase above those observed for the 
70% through 100% gravel content soils. ELFWD results increased over the 70% gravel value 
were also observed in the 50% fines content, although both increases and decreases in the 
ELFWD modulus parameter was observed when compared to the 40% fines content values.  
 
The exception to this trend, and the only tested sample arrangement in which no significant 
(±7.5%) ELFWD value variation was observed, was the test that incorporated the smallest 
quantity of soil sample (100kg) and 300mm diameter plate. This is expected to have been 
due to the limited amount of soil tested, resulting in the LFWD test’s ‘zone of influence’ 
exceeding the base of the rigid test container and extending into the comparatively softer 
natural materials that underlaid the test container. 
 
An averaged ELFWD plot for the 100mm plate is shown in Figure 7.12, showing the 
consistency of the results obtained from the testing of each soil, and the significant ELFWD 
parameter increase between the 30% and 40% fines content soils (60% and 70% gravel 
content respectively). Once the 30% fines content was surpassed a consistent (38% to 39%) 
increase in the ELFWD values was observed, compared to the baseline ELFWD value of 
23.1MPa.  
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Figure 7.12. Averaged (black line) standardised insitu modulus values for LFWD using 
100mm diameter plate (ELFWD-500kPa) plotted across the range of gravel content of soil. This 
graph considers all volumes of material tested, with original data points shown in grey. 
 
A similar assessment of the comparative behaviours of each quantity of material was 
completed for the insitu modulus parameters determined using a 300mm diameter plate, as 
shown in Figure 7.13 (overleaf). Assessments both including and excluding the 
uncharacteristic response of the 100kg quantity of soil has been undertaken, with the 
resulting ELFWD increase once the 30% fines threshold was surpassed observed to be 10% 
to 13% (all data) or 14% to 22% (excluding 100kg sample). 
 
Table 7.4 presents the percentage variation of the averaged ELFWD values for each soil and 
LFWD test arrangement, and shows that the only values above the expected repeatability 
range (±7.5%) were encountered once the fines content exceeded 30%. 
 
Table 7.4.  Magnitude of variation of averaged insitu modulus (ELFWD) for each tested 
material type, compared to average of 70% to 100% gravel content value 
Gravel 
Content (%) 
Fines Content 
(%) 
Variation in averaged insitu modulus values 
300mm Diameter Plate* 
(ELFWD-100kPa) 
100mm Diameter Plate 
(ELFWD-500kPa) 
100%  0%  -1% +3% 
90% 10% -2% -2% 
80% 20% -1% 0% 
70% 30% +5% -1% 
60% 40% +14% +38% 
50% 50% +22% +39% 
*Values calculated using 100kg quantity excluded due to results being influenced by test container 
and underlying soil. 
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(a) 
 
 
(b) 
Figure 7.13. Averaged (black line) standardised insitu modulus values for LFWD using 
300mm diameter plate (ELFWD-100kPa) plotted across the range of gravel content of soil. 
Figure (a) incorporates all soil quantities (individual data point shown in grey); whilst (b) 
excludes 100kg sample due to uncharacteristic response of ELFWD-100kPa. 
 
7.6.2. LFWD Plate Diameter 
 
The study included the testing of identical material by the LFWD fitted with both the 100mm 
and 300mm diameter plate. This was the first known instance in which the varying zones of 
influence of the LFWD (defined as 1.3D, as per Chapters 4 and 5) was fully compromised 
of standardised materials (i.e. not layered with varying material units), as shown in Figure 
7.14. 
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Figure 7.14. Comparative ‘zone of influence’ of LFWD test based on diameter of plate. The 
‘zone of influence’ was taken to be 1.3D and thus known to be fully contained within the 
test container, resulting in LFWD tests being completed upon comparable material. 
 
Figure 7.15 shows the direct multipliers that relate the ELFWD-100kPa to the ELFWD-500kPa  values 
(i.e. ratio of standardised ELFWD value determined from 300mm diameter plate to 100mm 
diameter plate) for the available dataset from the 200kg and 300kg sample pairs (n = 12). 
The 100kg samples were excluded from as the ‘zone of influence’ was expected to penetrate 
the plastic test container and underlying soilmass. 
 
 
Figure 7.15. Multiplier relating corresponding standardised insitu modulus values produced 
by testing identical materials with 100mm and 300mm diameter plates 
 
From the available dataset, it was calculated that the relationship between the insitu 
modulus (ELFWD) of identical materials using the 300mm and 100mm diameter plates was 
an average multiplier of 1.9, and that the two (2) values could thus be related by Equation 
7.1. 
ELFWD-500kPa = 1.9 x ELFWD-100kPa   (Equation 7.1) 
 
As displayed on Figure 7.15, the 95% confidence intervals were also calculated for the 
available dataset, which produced multiplier of 1.69 and 2.27 for the 5% and 95% percentile 
respectively.  
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It is noted that although the order of results – in that ELFWD values produced using the 100mm 
diameter plate were consistently larger than those produced using the 300mm plate – is 
consistent with previous studies concerning the LFWD (e.g. Lin et. al., 2006; and Mooney 
and Miller, 2009), the calculated multiplier of 1.9 is significantly larger than the 1.5 previously 
reported by Lin et. al. (2006) and marginally higher than the 1.85 reported by Kavussi et. al. 
(2010). However, these previous studies failed to (a) standardise their ELFWD values to a 
consistent test stress magnitude; (b) control their ‘natural’ subsurface to ensure uniformity 
through the varying ‘zone of influence’ associated with each plate diameter and, (c) in the 
context of this study’s methodology, would have only produced a single (Lin et. al.) or two 
(2) data points (Kavussi et. al.) for the calculation of such a multiplier. 
 
7.6.3. Field Density 
 
Field measurement of material unit weights was made for each of the tested materials, both 
pre- and post-LFWD testing. This measurement, as summarised in Table 7.5, was 
completed to allow an assessment of the compactive effect of the LFWD equipment. Field 
density assessments was measured as the increase in field density observed after each of 
two (2) phases of typical LFWD testing was completed, with 12 weight drops used for each 
LFWD test phase; six (6) weight drops at a comparative low test stress (̅ݔ = 360kPa) followed 
by six (6) weight drops of a relatively high test stress (̅ݔ = 865kPa). Note that this testing 
was completed only using a 100mm plate, and individual test stresses between 210kPa and 
960kPa were imparted during the LFWD testing completed. 
 
Table 7.5.  Unit weight of loosely placed gravel and improved of field density values due 
to LFWD imparted loading, categorised by gravel content of soil. 
Gravel 
Content 
(%) 
Unit Weight (kN/m3) Unit Weight Increase (%) 
Loose  
(pre-LFWD) 
Compacted 
(Initial 12 LFWD 
weight drops) 
Additional Compaction 
(Additional 12 LFWD weight 
drops) 
100%  15.36 7.3% 9.6% 
90% 15.01 8.2% 11.0% 
80% 13.68 14.8% 18.2% 
70% 14.22 14.6% 16.8% 
60% 13.75 17.3% 22.8% 
50% 13.18 19.2% 26.3% 
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Figure 7.16 plots the field densities observed during the completed study. From the data 
collected, a general decrease in field density was initially associated with the increase in 
‘fines’ content. For the range of soils tested, a decrease in unit weight of approximately 
0.4kN/m3 was found to be associated with each 10% increase in ‘fines’ content (R2 = 0.99) 
for the loosely placed material. As annotated in Figure 7.16, the only aberration to this trend 
was related to the ‘80% gravel’ material, in which a comparatively low field density was 
observed. Comparatively low values were continually observed in the unit weights 
determined for the ‘80% gravel’ material; both in the initial assessment (loosely placed gavel) 
and in measurements taken once the sample was subjected to LFWD tested (compacted).  
 
  
Figure 7.16. Field Density variation based on gravel content and compaction effort applied 
to each soil. 
 
Fitting linear trends to the observed field densities, it becomes apparent that the compactive 
effort imparted by the LFWD tests increased the density of the soil materials. The magnitude 
of the density increase was demonstrated to be directly related with the ‘fines’ content of 
material, as shown in Figure 7.16. The higher the ‘fines’ content, the greater the density 
increase. After fitting linear relationships to the dataset associated with each stage of testing 
– (a) loosely placed material; (b) after first LFWD test; and (c) after second LFWD test - it 
was observed that the stresses imparted by the LFWD test results in the production of an 
effectively constant field density for all soil materials, with an approximately constant field 
density of 16.7 kN/m3 measured after completion of the second LFWD test. This constant 
field represents an increase of between 10% and 27% above that calculated for the loosely 
placed gravel, with the larger increases associated with higher ‘fines’ content of the soil. It 
was also observed that the majority of the increase in the field density parameter occurred 
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during the initial loading of the loosely placed material, with an average of 77% of the total 
observed field density increase occurring between the initial measurement and that taken 
after the completion of the initial LFWD test. 
 
The results of the standardised Young’s Modulus calculated for the 100mm LFWD testing 
(ELFWD-500kPa) of the sub-samples of each soil material used to determine the field density 
was also determined based on the two (2) weight drop heights completed. These 
standardised insitu modulus values are summarised in Table 7.6 and presented in Figure 
7.17.  
 
Table 7.6.  Insitu modulus (ELFWD) values for materials samples submitted for 
determination of field density. 
Gravel 
Content 
(%) 
Standardised insitu Modulus (ELFWD-500kPa) Values (MPa) Difference 
(%) 1st LFWD Test (Initial 12 weight drops) 
2nd LFWD Test 
 (Additional 12 weight drops) 
100%  25.0 23.9 4.3 
90% 25.5 23.6 7.7 
80% 29.7 23.2 22.0 
70% 27.6 25.8 6.4 
60% 28.3 27.3 3.4 
50% 28.4 25.6 9.7 
 
 
Figure 7.17. Standardised insitu modulus values determined by LFWD testing of material 
samples used for field density tests. 
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As per the field density assessments, the results for the ‘80% gravel’ material breaks the 
trend observed both within the dataset and previous results, in which significant modulus 
increases were only observed once a fines content in excess of approximately 30% was 
present within the mixed soil. However, notwithstanding the erroneous result of the ‘80% 
gravel’ material, the remaining results of the LFWD testing of the sub-set of each material 
do replicate the results presented previously. 
 
Excluding the erroneous result of the ‘80% gravel’ material, the difference between the two 
(2) ELFWD-500kPa values for each material were within the expected margin of variation (15% 
total range), again demonstrating the repeatability of the LFWD test. 
 
7.7. Discussion 
 
For each material and quantity tested, it has been demonstrated that the standardised insitu 
modulus parameter was increased once the fines content of the soil surpassed 
approximately 30% (i.e. gravel content decreased below 70%).  
 
This result was considered in accordance to the initial hypothesis of the experiment, in which 
it was expected that the introduction of fines would increase the insitu modulus parameter 
by reducing the deformation magnitude under the applied loading. From the observed result 
it has been inferred that once a threshold of 30% (by weight) of the ‘fines’ was surpassed, 
the void space between the gravel materials was filled sufficiently that any further movement 
of individual gravel particles under subsequent loading was limited. By effectively ‘locking 
up’ the gravels, the overall movement / deformation of the soil mass under the LFWD applied 
stress was decreased and the measured ELFWD parameter was accordingly increased. 
 
The threshold of this study – 30% of material that would pass a 5mm sieve – can be 
considered consistent to the finding of previous studies (detailed in Sections 7.3 and 7.4), 
which suggested that once a threshold of 30% fines is surpassed then mixed soil materials 
demonstrated the properties of the ‘finer’ component of the material. Although this study 
considered all materials to be inert (i.e. did not assess reactivity of composite material based 
on properties of clay mineralogy), the conclusion that at least 30% of ‘fines’ had to be mixed 
with gravel material to produce an observable variation within the insitu modulus parameter 
can be considered to confirm the findings of previous work dealing with the variation of other 
material parameter or insitu test result due to fines-to-granular composition ratios. 
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In this study, effectively no difference in the measured insitu modulus parameter was 
observed prior to the material’s ‘fines’ component crossing the 30% (by weight) threshold. 
This suggests that a transition phase does not exist for the insitu modulus parameter, and 
that it likely takes at least 30% fines for the stone component to become fully supported by 
the comparatively finer component. This is in contrast to material classification standards 
(e.g. AS1726-1993) that suggest non-cohesive soil behavior (and classification) occurs only 
when 50% of the material is granular. From the results of this study, and in accordance with 
previously published research, this value should be reduced to approximately 30%.  
 
Using the insitu modulus parameter (ELFWD) variation over the various quantities of material 
tested – presented in Figure 7.12 and Figure 7.13 – the maximum observed improvement 
of the standardised ELFWD-100kPa value due to the increase of fines above 30% content (by 
weight) was 22% (average = 18%), and ELFWD-500kPa parameter was 39% (average = 39%). 
Such a result suggests that in regards to the insitu modulus parameter, the introduction of a 
significant proportions of (≥ 30%) a comparatively smaller particle sized material to a poorly 
graded granular material to fill the void space of the material could be an appropriate method 
to increase a material’s modulus parameter. 
 
However, this study did not consider the modulus parameter variation based on moisture 
content or compaction state. It is acknowledged that the addition of such a volume (≥ 30%) 
of ‘fines’ could result in adverse effects to other material parameters (e.g. decreased 
permeability, reduced effective friction angle or liquefaction potential), or affect the suitability 
of the mixed soil for the desired long term application. For example, if the proposed mixed 
soil was subjected to climactic or moisture content variations the introduction of 30% or more 
of ‘fines’ to a granular material may result in shrink-swell issues in the long term behaviour 
of the placed mixed soil.  
 
The magnitude of increase in the measured ELFWD parameter due to the presence of a 
significantly component of ‘fines’ material is noted to be approximately equivalent to the 
parameter increase associated with the inclusion of a layer of geo-reinforcement within the 
same gravel materials. Although not directly forming part of this thesis, the author has also 
completed a parallel study in which the standardised insitu modulus parameter was 
determined for 100% gravel soils that had been reinforced with a layer of geotextile, geo-
grid or geo-cell. By interpolation of the results of this additional study – as reported in Lacey, 
Look and Williams (2015), and reproduced in Appendix D of this thesis – the presence of a 
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layer of geo-grid, either Tensar SS-30® or TriAx®, installed at 75mm below the gravel surface 
would be expected to result in an increase of ELFWD-75kPa of 16% and 26% respectively. This 
order of ELFWD parameter improvement is similar to the values found by this study, where 
ELFWD-100kPa values increased, on average, by 18% (maximum = 22%) under similar testing 
conditions (i.e. use of a 300mm diameter plate for LFWD testing). Similarly, the installation 
of a single layer of Bidim A49® non-woven geotextile at a depth of approximately 200mm 
from the loose gravel surface would also be expected to reproduce the insitu modulus 
improvement observed by the current study. This suggests that ‘confinement effect’ 
produced by the presence of at least 30% ‘fines’ within a mixed soil is approximately 
equivalent to either the lateral restraint of gravels provided by a geo-grid or the tensioned 
membrane effect demonstrated by a layer of geotextile (depending on installation depth and 
material quality of the geo-reinforcement materials), the concepts of which are shown in 
Figure 7.18. Further details of this study are provided in Appendix D. 
 
 
(a)        (b) 
Figure 7.18. Boundary conditions through which geo-reinforcement materials provide 
restraining forces to the surrounding materials; (a) Geotextile tensioned membrane effect; 
and (b) geo-grid confinement via horizontal constraint 
 
7.7.1. Influence of material volume 
 
Figure 7.19 depicts the percentage increase of the ELFWD parameter for 40% and 50% ‘fines’ 
content above the average ELFWD value produced by the mixed soils with 0% to 30% ‘fines’ 
content. From this figure it can be seen that the only dataset that appears to have a 
relationship between the volume / thickness of soil tested and the increase in ELFWD was 
associated with the 50% ‘fines’ content and 100mm diameter LFWD tests.  
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Figure 7.19. Increase in ELFWD parameter for soils with ‘fines’ content in excess of 30%; 
individual results categorised by percentage of ‘fines’, LFWD test plate diameter and 
quantity of soil. 
 
This dataset indicates that the percentage increase in ELFWD-500kPa decreases as the 
thickness of material increases. For all other data, either no discernible trend was identified 
or the dataset size was limited due to the exclusion of the 100kg material data point (i.e. for 
300mm diameter LFWD testing, in which the ‘zone of influence’ of the LFWD test extended 
below the boundary of the test container). The limited amount of data precludes a 
comprehensive assessment of the effect of material thickness has on the composite insitu 
modulus value, other than to identify that no consistent trend can be identified across all the 
data produced by this study. 
 
Similar average percentage improvements in ELFWD values for each quantity of material 
tested was observed after further categorisation of the data, and a more discernible trend 
was identified, as shown in Table 7.7 and Figure 7.20. The magnitude of insitu modulus 
increased with material thickness (i.e. volume of material) when the 300mm diameter plate 
was used for LFWD testing, whilst this trend was reversed for LFWD tests completed using 
the 100mm diameter plate. 
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Table 7.7.  Average increase in insitu modulus parameter (ELFWD) for materials with 
‘fines’ content in excess of 30%, categorised by volume of material tested. 
Material 
Quantity 
(kg) 
Average increase in ELFWD parameter for soils > 30% fines  (%) 
300mm Diameter Plate  
(ELFWD-100kPa) 
100mm Diameter Plate  
(ELFWD-500kPa) 
100kg N/A  (Zone of influence extended beyond test material) 56% 
200kg 15% 33% 
300kg 22% 29% 
 
 
Figure 7.20. Averaged increase in ELFWD parameter for soils with ‘fines’ content in excess 
of 30%; results categorised by LFWD test plate diameter and quantity of soil. 
 
7.7.2. Influence of field density 
 
Although it was shown that the load associated with the completion of the LFWD test 
resulted in an overall increase in the field density of the tested material, this does not appear 
to have any effect on the insitu modulus values observed.  
 
The densification of the loosely placed material by the repeated weight drop associated with 
the LFWD can be considered similar to the result of onsite earthworks compaction via 
repetitive passing of plant (e.g. compaction rollers). In this study, the LFWD densified all soil 
mixed soil variations to produce an (effectively) constant field density value (field 
~16.7kN/m3). As shown in Figure 7.21, the proportionate increase in the field value due to 
the LFWD compactive effort was obviously related to ‘fines’ content, with the highest ‘fines’ 
content exhibiting the greatest densification. However, no comparative relationship was 
observed that related the gravel / ‘fines’ content of the mixed soil to the magnitude of 
increase in the ELFWD parameter due to additional compactive effort (ELFWD as detailed in 
Table 7.6). 
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Figure 7.21. Increase in field density (densification) due to the completion of two (2) LFWD 
tests, compared to the associated ELFWD parameter variation. 
 
7.7.3. LFWD induced Bearing Capacity Failure  
 
Characteristic differences in the depth and shape of the depression created in the tested 
soil during the LFWD test were observed throughout the study. The depression depth arising 
from 100mm plate was consistently conical in shape, and up to approximately 80mm to 
100mm deep (or 0.8D to 1.0D). In contrast, the depression produced by the LFWD testing 
completed with the 300mm diameter plate was consistent across the footprint of the plate 
and of approximately 30mm depth (or 0.1D). These results are conceptually presented in 
Figure 7.22, and have been interpreted to suggest that the higher stresses imparted by the 
100mm diameter (LFWD > 300kPa) has induced a bearing capacity failure in the tested 
material. 
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(a)        (b) 
Figure 7.22. Characteristics of depressions created by LFWD testing using (a) 300mm 
diameter plate; and (b) 100mm diameter plate 
 
Terzaghi and Peck (1967) identified that soil materials could be classified into four (4) 
general material groups, each of which would display a uniquely shaped load-settlement 
curve from initial loading to beyond the ultimate bearing capacity (qult) threshold. The four 
(4) material types were defined as being ‘cohesive’, ‘partially-cohesive’, ‘loose’ and ‘dense’ 
cohesionless materials. As summarised by Akbas and Kulhawy (2009) a typical bearing 
capacity load-settlement curve for a granular material (such as those investigated by this 
study) would include the material exhibiting an ‘initial linear’ (elastic) stress-settlement 
response, followed by a phase of non-linear (plastic) response prior to a ‘final linear’ region 
corresponding to the failed material (where applied load (Q) > qult). Typical figures of both 
Terzaghi and Peck (1967) and Akbas and Kulhawy (2009) that demonstrate the expected 
load-settlement curve from initial loading to beyond the qult threshold are included in Figure 
7.23. 
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(a)        (b) 
Figure 7.23. Typical load-settlement curves of (a) each of the four (4) defined materials 
with unique curves (from Terzaghi and Peck, 1967); and (b) granular (cohesionless) 
materials (from Akbas and Kulhawy, 2009) 
 
The bearing capacity failure exhibited by the results of LFWD testing of the gravel dominated 
materials examined by this study can be fitted to this expected behaviour, based on the 
stress-settlement data provided by the comparable 300mm and 100mm diameter plates. As 
shown in Figure 7.24, when the observed peak deflections observed during 100mm plate 
LFWD testing are converted to equivalent 300mm plate values (scaled as per the equations 
published by Terzaghi and Peck, 1967), two (2) distinct linear relationships are produced for 
each LFWD test. Consistent with the observed characteristic differences in the depressions 
created by the LFWD testing completed using the 300mm and 100mm diameter plates, the 
different linear relationships are interpreted to show that for the gravel dominated materials 
tested: 
i. The 300mm diameter plate LFWD date represents the behaviour of the soil within 
the ‘initial linear’ region (i.e. Test Load (Q) < Allowable bearing capacity (qallow)); 
and  
ii. The 100mm diameter plate LFWD data relates to the ‘Final Linear Region’ (i.e. 
Test Load (Q) > Ultimate bearing capacity (qult)). 
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Figure 7.24. Typical load-settlement curves exhibited by gravel dominated materials 
examined by this study. Load-settlement curves for 100mm diameter plate tests (red) are 
corrected for plate size (blue) to produce a continuous load-settlement curve. 
 
In comparison, the LFWD derived modulus value (ELFWD) – determined using Equation 3.1 
– incorporates both the plate size (radius) and measured settlement magnitude (deflection) 
within the calculation of the insitu modulus value. The resultant ELFWD values produced by 
each plate diameter have therefore been normalised for the plate size and should be 
considered are directly comparable. Thus, the ‘stress-dependent’ modulus behaviour 
observed within the results of equivalent 300mm and 100mm diameter plate tests – as 
previously explained in Section 3.5 – can also be considered to detail material behaviour 
within the ‘elastic’ (initial linear) and ‘failed’ (final linear) regions of the load-settlement curve 
respectively, as presented in Figure 7.25.  
 
As this study investigated consistent materials across the full ‘zone of influence’ of the LFWD 
tests, the change in gradient of the ‘stress-modulus’ linear relationships fitted to the 
equivalent 300mm and 100mm diameter plate test results - denoted m1 and m2 in Figure 
7.25 – can be directly attributed to the differing soil behaviour that occurs pre- and post-
bearing capacity failure.  
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 Figure 7.25. Comparative ‘stress-dependent’ behaviour (Stress-Insitu Modulus 
relationship) and gradients (m) exhibited by LFWD testing of gravel dominated tests using 
300mm diameter plate (black) and 100mm diameter plate (blue) 
 
Table 7.8 details the gradients associated with each LFWD dataset compiled by this study, 
and shows that for 89% (16 out of 18 materials), the gradient associated with the bearing 
failure inducing 100mm diameter plate LFWD tests (m2) is lower than that calculated for the 
300mm diameter plate LFWD test results (m1). On average, the gradient component of the 
fitted linear relationship was 1.86 times higher for the 300mm diameter plate LFWD data 
than for the corresponding 100mm diameter plate LFWD data (n = 17; standard deviation = 
0.57). 
 
Table 7.8.  Gradient (m) of fitted linear relationship of each LFWD test and insitu 
modulus values for 500kPa test load (ELFWD-500kPa) 
Qty. 
(kg) Soil Name 
300mm Diameter Plate 100mm Diameter Plate 
Gradient 
(m1) 
ELFWD-500kPa 
(Extrapolated) 
Gradient 
(m2) ELFWD-500kPa 
100 kg 
100% Gravel 0.12 59.3 0.06 23.2 
90% Gravel 0.13 64.1 0.07 21.0 
80% Gravel 0.11 57.6 0.06 20.3 
70% Gravel 0.14 70.1 0.07 22.6 
60% Gravel 0.12 59.5 0.10 34.3 
50% Gravel 0.13 64.6 0.10 33.6 
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Qty. 
(kg) Soil Name 
300mm Diameter Plate 100mm Diameter Plate 
Gradient 
(m1) 
ELFWD-500kPa 
(Extrapolated) 
Gradient 
(m2) ELFWD-500kPa 
200 kg 
100% Gravel 0.16 76.2 0.06 24.3 
90% Gravel 0.13 63.8 0.06 23.9 
80% Gravel 0.17 83.5 0.07 26.3 
70% Gravel 0.17 80.5 0.06 24.9 
60% Gravel 0.20 97.5 0.12 30.8 
50% Gravel 0.18 89.2 0.11 35.3 
300 kg 
100% Gravel 0.06 35.8 0.06 24.0 
90% Gravel 0.02 20.3 0.07 22.9 
80% Gravel 0.06 37.3 0.06 22.9 
70% Gravel 0.13 66.5 0.07 21.5 
60% Gravel 0.15 73.9 0.10 31.0 
50% Gravel 0.21 98.3 0.10 27.8 
 
To quantify the magnitude of variation in the standardised insitu modulus parameter that 
would be observed if testing was undertaken within either the ‘elastic’ (initial linear) or ‘failed’ 
(final linear) phase of the stress-settlement relationship only, the linear stress-modulus 
relationships determined for each phase of ELFWD testing have both been extrapolated to a 
single test stress of 500kPa (ELFWD-500kPa). The equivalent ELFWD-500kPa values are included 
in Table 7.8, with the procedure conceptually presented in in Figure 7.26. Note that the 
adoption of the 500kPa stress level is arbitrary, and a similar comparison could have been 
undertaken with the conversion of the ELFWD to the 100kPa stress level. 
 
 Figure 7.26. Comparative insitu modulus standardised to 500kPa (ELFWD-500kPa) based on 
plate diameter variation. 
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With only a single exception (90% Gravel, 300kg sample), the ELFWD-500kPa parameter 
produced using the stress-dependent relationship observed within the 300mm diameter 
plate LFWD tests exceeded the corresponding value produced by the stress-dependency 
behavior exhibited by the 100mm diameter plate LFWD. On average, the ELFWD-500kPa value 
was 2.61 times higher when the 300mm diameter plate data was for used in comparison to 
the 100mm diameter plate (n = 16; standard deviation = 0.61). The full range of multipliers 
produced by the current study is shown in Figure 7.27. 
 
 
Figure 7.27. Multiplier relating insitu moduli standardised to a 500kPa LFWD test stress 
(ELFWD-500kPa), produced by LFWD testing of materials with 100mm and 300mm diameter 
plates 
 
7.7.4. Changes in strain path 
 
A material failure such as the bearing capacity failures observed in this study (instigated by 
LFWD testing with 100mm diameter plate) represents a high strain scenario ( ~ 1.0). In 
comparison the lower stress LFWD tests (300mm diameter plate) completed within the 
‘initial linear’ (elastic) region are considered to represent a small strain scenario (as 
previously described in Section 3.4,  ~ 10-3 to 10-2). 
 
As the tested material was known to be consistent throughout the test’s ‘zone of influence’, 
it is thus apparent that the two (2) plate sizes used for LFWD testing produce results that 
represent the stress-dependent behaviour (i.e. insitu modulus-stress relationships) of the 
tested soil at fundamentally different strain levels. As detailed in Section 3.4, a ‘modulus 
degradation curve’ describes the reduction in the modulus value that a material would exhibit 
when tested at different strain conditions. Applying the difference in strain conditions that 
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the 100mm and 300mm diameter plate LFWD tests have imparted upon the gravel soils in 
this study, Figure 7.28 plots the approximate location of the modulus-stress relationships 
produced by each LFWD plate diameter on a typical modulus reduction curve. 
 
 
Figure 7.28. Comparative magnitude and location of LFWD induced strain levels based on 
testing that did not induce material failure (300mm diameter plate, small strain) and did 
cause bearing capacity failure (100mm diameter plate, large strain) 
 
The relationship between the insitu modulus (ELFWD) produced by an equivalent test stress 
level at the two (2) identified strain locations can be calculated based on the difference of 
gradients of the modulus-stress relationships. From the comparative results presented in 
Section 7.7.3 the multiplier to relate m1 (300mm diameter plate, small stain condition) to m2 
(100mm diameter plate, high strain condition) was found to be, on average, 0.53. This value 
can also be conceptually applied to the modulus reduction curve, as shown in the 
annotations of Figure 7.28, and are consistent with the strain level findings of Ryden and 
Mooney (2009). 
 
7.7.5. ‘Residual Modulus’ concept 
 
The behaviour observed in the study is considered analogous to the identification of both 
‘initial’ (pre-failure) and ‘residual’ (post-failure) material properties.  
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RocScience (2006) have previously introduced the term ‘residual Young’s modulus’ in the 
material properties available in their 2-D FEM modelling program, Phase 2®, whereby the 
‘residual Young’s modulus’ parameter is considered to occur once a defined peak strength 
envelope has been exceeded and the material considered to have yielded (failed). The 
concept suggested by RocScience (2006) is shown diagrammatically in Figure 7.35. 
 
 
Figure 7.29. Definition of ‘residual Young’s Modulus’ in relation to stress-strain curve 
across phases of material yielding. Note that the vertical change between peak and 
residual strengths is a software function and a gradational change to the critical state 
(residual) parameter is actually expected (from RocScience, 2006). 
 
In the current study, the change in the stress-modulus relationship identified for both the 
‘initial’ (pre-failure) and ‘residual’ (post-failure) phase can be similarly presented, as shown 
in Figure 7.30, arranged such that the comparative modulus value in each phase (pre- and 
post-bearing capacity failure) can be related. 
 
 
Figure 7.30. Concept of ‘residual Young’s modulus’ as applied to the various insitu 
modulus parameters (ELFWD) presented within this chapter and the various typical results 
of LFWD testing (after RocScience, 2006). 
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The detail and discussion contained within this chapter has demonstrated suitable 
equipment, and documented the procedure, that can be used to determine both the ‘initial’ 
and ‘residual’ insitu moduli of granular material, and has quantified the magnitude of 
difference between respective moduli for gravel dominated materials. 
 
An implication of the formal definition of this concept would, by the estimation of both the 
‘initial’ and ‘residual’ Young’s Modulus stress-modulus paths, allow the estimation and 
modelling of material behaviour once the capacity of a specific material is exceeded. For 
example, the incorporation of the ‘residual Young’s Modulus’ parameter would become 
useful for modelling the performance of pavement once they exceed their design life, or 
natural subsurface profiles after they become over-loaded during subsequent development 
(e.g. placement of fill or embankments). Similarly, in cases where large deformations are 
expected (e.g. landslip events), if a ‘residual Young’s modulus’ (post-failure) parameter had 
been determined, it could also potentially be used to predict, model and design suitable 
controls for such events to occur in expected or to a ‘fail-safe’ condition. 
 
7.8. Conclusions 
 
This chapter detailed a study that used the LFWD to measure the insitu modulus parameter 
(ELFWD) variation over the stepped transition of a poorly graded gravel towards a ‘well-
graded’ gravel material. The various mixed soils were constructed with the addition of up to 
50% ‘fines’ (particles < 5mm diameter) to a 20mm diameter, uniform gravel. The LFWD was 
demonstrated to be suitable technique for the characterisation of such composite materials, 
and sensitive enough to identify variation in the insitu modulus parameter over the range of 
gravel contents assessed. 
 
The observed variation in the ELFWD parameter suggested that once more than 30% ‘fines’ 
existed within an otherwise uniform gravel material an increase in the parameter can be 
expected. The magnitude of the ELFWD parameter improvement observed ranged between 
14% and 39%, and increased as the fines content was enlarged. Modulus variation for both 
LFWD testing completed using both the 300mm and 100mm diameter plates was less than 
5% when materials with a ‘fines’ contents of less than 30% was assessed. Maximum ELFWD 
increases of 22% and 39% were observed with a material containing 50% ‘fines’ content for 
LFWD testing completed using the 300mm and 100mm plate respectively. 
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Australian Standards currently separates ‘fine’ and ‘granular’ materials based on which 
component composes, by weight, more than 50% of the material. However, the results of 
this study suggest that once a threshold of 30% fines is exceeded (and thus < 70% granular), 
the engineering performance of the material will be altered. Similarly, the findings of this 
study suggests true ‘rock’ properties will be exhibited once 70% ‘rock fragments’ is 
encountered, which McNally (1998) suggests is typical of XW to HW weathered material in 
Australia. 
 
The magnitude of insitu modulus increase was approximately equal to that achieved 
observed as a result of the installation of a single layer of geo-reinforcement (geo-grid or 
geo-textile), and suggests the composite stiffness of a granular material could be achieved 
by the simple addition and admixture of a significant proportion of ‘fine’ material. 
 
Three (3) different quantities of each mixed soil type was subjected to LFWD testing, and it 
was found that the quantity (thickness) of soil may influence the magnitude of ELFWD 
improvement due to fines content. The averaged insitu modulus improvement appeared to 
increase with fine’s content increase when lower test stresses were used (LFWD ≤ 100kPa), 
whilst decreasing when the material was subjected to significantly higher stresses (200kPa 
≤ LFWD ≤ 800kPa).  
 
The repeated LFWD testing of identical materials with both a 100mm and 300mm diameter 
plate by this study allowed the comparison of standardised insitu modulus values. Using 
100kPa and 500kPa standardised stresses for the LFWD completed with the 300mm and 
100mm diameter plates respectively, an average linear multiplier of 1.9 was identified to 
best relate the two ELFWD values. 
 
This study quantified the densification of a loosely placed soil material due to the repeated 
weight drops associated with LFWD testing, and noted that the magnitude of densification 
observed increased with the percentage of ‘fines’ present within the mixed soil. However, 
once LFWD testing had been completed all ‘compacted’ soils reported approximately the 
same field density. 
 
The gradients associated with the production of standardised insitu modulus values (ELFWD) 
were further examined in this study, and it was demonstrated that for a particular stress 
level, the ELFWD value produced by extrapolation of the ELFWD data collected using 300mm 
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diameter plate results would always be greater than that obtained from using the 100mm 
plate. In conjunction with the varying depressions left by the LFWD test – in which bearing 
capacity / shear failure was observed in all 100mm diameter based tests whilst absent in 
300mm diameter based tests – this relationship was conceptually related to ‘critical state’ 
soil mechanics, in which the plate-diameter gradient variations could be considered to be 
related to either ‘peak’ or ‘residual’ Young’s Modulus parameters.  
 
It is the author’s understanding that this is the first study that attempts to detail such a 
concept and quantify the variation between the ‘peak’ and ‘residual’ gradient values. From 
the data collected and analysed by this study the approximate relationship between the 
‘peak’ and ‘residual’ Young’s Modulus gradients was found to be a linear multiplier of 1.86.
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8. CHAPTER 8.  Material parameter variation across the residual soil and 
rock interface, as measured in South East Queensland site investigations 
8.1. Introduction 
 
The preceding chapters of this thesis were largely concerned with the determination of the 
insitu composite modulus via use of the LFWD and the correlation of this modulus value with 
other common testing methods employed during site investigations. Chapter 7 extended 
such studies, but focused on the influence that the gravel and fines content has on soil 
behaviour, and described how this was relevant to the expected material state change 
across the soil to rock transformation associated with residual soil profiles in SEQ. This 
chapter builds on this focus, and assesses various site investigation techniques available to 
geotechnical engineers to characterise material parameters across the soil to rock interface. 
 
This chapter departs from the previous focus on insitu modulus values, and rather assesses 
the change within material properties, and associated variation within various insitu test 
results, that may be typical of the gradational change that occurs as residual soil transitions 
to rock material within South East QLD.  
 
Specifically, this chapter attempts to provide guidance on the magnitude of material 
parameter change as measured by various common site investigation techniques over the 
gradational change between ‘soil’ and ‘rock’ materials, a section of a sub-surface profile 
where there currently appears to be disconnect in geotechnical knowledge.  
 
8.2. Background 
 
Geotechnical investigations commonly categorise recovered materials and the subsurface 
profile as either being ‘soil’ or ‘rock.’ However if similar material parameters are calculated 
using accepted relationships based on approaches derived specifically for ‘soil’ or ‘rock’ 
materials, a large discrepancy between the output can result for materials that fall within the 
gradational change between ‘soil’ and ‘rock’ materials. 
 
For example, Kulhawy and Phoon (1993) discussed the effect of material type upon 
achieved pile adhesion, and identified for a given material strength the average multiplier 
applied to the adhesion factor of a pile in a mudstone, shale, sandstone or limestone rock 
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was four (4) times greater than that in a clay (refer Figure 8.1). This difference was attributed 
to smooth rock sockets being produced in soil (clay) materials and implied that rock sockets 
have increased roughness. 
 
 
Figure 8.1. Adhesion factors for normalised shear strength (from Kulhawy and Phoon, 
1993). 
 
Accordingly, the somewhat arbitrary selection of the onsite engineer to identify a material 
either as an extremely weathered ‘rock’ or as a residual ‘soil’ material (e.g. ‘hard clay with 
rock fabric present’) can have significant (factor of 4) implications on the characteristic 
parameters subsequently adopted for design, although both descriptions are arguably 
applicable to the same material.  
 
The question of the soil rock interface was raised by Kulhawy et. al. (1991), and Gannon et. 
al. (1999) further assessed weak rocks – whom defined as materials with a Uniaxial 
Compressive Strength (UCS) of less than 0.6 MPa – and equated them to soil with an upper 
bound soil strength (Su) of 300 kPa.  However, despite the significant effect that the 
difference between a material considered as either ‘soil’ or ‘rock’ may have on the foundation 
design, only limited studies have attempted to account for the soil and rock material variation 
across the transformation zone in relation to design parameters, such as applied pile shaft 
adhesion (e.g. Seidel and Haberfield, 1995).  
 
The soil / rock interface continues to be poorly defined on bore logs, especially within 
residual soils. This may be due to the limitation of many site investigation techniques in that 
they are most suited to either rock or soil materials and, as such, do not adequately 
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characterise their intended material property across the soil / rock interface. For example, 
site investigations techniques that produce continuous data or material recovery through soil 
profiles, such as Cone Penetrometer Test (CPTs) or vibrocore equipment, will refuse prior 
to significant penetration into rock materials. The force required to penetrate into rock is 
generally too great for smaller (4WD) drilling rigs, and specialised equipment is required for 
intact rock material extraction from boreholes. Similarly, the application of rock coring 
techniques to ‘softer’ soil materials will generally produce poor rates of material recovery, 
especially if they are non-cohesive in nature. 
 
Other limitations to testing across the soil to rock transformation zone is due to common 
down-borehole insitu tests, such as the Standard Penetration Test (SPT), being generally 
conducted at isolated depth intervals, the completion of which cannot fully characterise the 
soil to rock interface. Furthermore, the Australian Standard applicable to the Standard 
Penetration Test (SPT), AS1289.6.3.1–2004, limits its application to ‘soil’ materials and sets 
an upper limit to the number of hammer blows applied prior to the termination of the test; 
refusal is defined as N = 30 blows for less than 150mm of rod penetration, or no observed 
penetration advancement over five (5) consecutive hammer blows. Although such a ‘refusal’ 
level was determined largely to protect the equipment, the industry default has become to 
identify the top of ‘rock’ material as the location where the SPT first produces ‘refusal’.  As 
implied by the Australian Standard, such a distinction – whereby the designation of ‘rock’ as 
being encountered simply by exceeding a SPT ‘N’ value threshold (e.g. SPT N > 50) – also 
leads to the belief that ‘rock’ materials simply ‘appear’ at a measurable depth, rather than 
their gradational transformation between soil and rock. 
 
In comparison, non-Australian standards that govern the SPT test (e.g. BS:1377-Part 9, 
1990; and ASTM D-1586, 2011) allow for a greater maximum number of hammer blows (N 
> 100) prior to test termination. This distinction implies that the SPT is considered 
appropriate to use to investigate both ‘soil’ and ‘weak’ rock materials in non-Australian 
regions, and the data resulting after the completion of a higher number of hammer blows 
would require less extrapolation (i.e. allow greater detail regarding rock strength). 
Additionally, as the Australian Standard for completion of the SPT (AS1289.6.3.1–2004) 
only states that an SPT should be terminated if more than 30 hammer blows are imparted 
for a rod penetration of less than 100mm penetration. As a result, it is common that the 
maximum reported value near the soil / rock interface is 30 blows for a measured portion of 
the expected 150mm penetration interval (e.g. 30/130mm). The lack of any ‘seating’ 
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component in such a result means that it becomes impossible to tell if the number of blows 
recorded were produced by a consistent penetration of the drilling rods, or if all of the 
reported penetration occurred in the initial few blows. 
 
Note that Australian Standards also do not mandate an energy correction to SPT results, 
and thus for the SPT results presented herein, no energy correction has been applied. By 
contrast, both the ASTM and British Standards do require such processing to correct the 
SPT results prior to use of the reporting of the result.  
 
As identified by Look (2004), there also appears to be a common industry trend to identify a 
distinct change in logged material state based on the type of drilling technique employed, 
as if the drilling technique was able to identify a specific material interface that in reality very 
rarely exists within residual materials. For example, the depth at which the drilling techniques 
change between borehole advancement based on ‘soil’ investigation (i.e. non-rock coring 
techniques, usually associated with insitu penetration testing at regular depth intervals) and 
rock-core recovery techniques is commonly associated with a change in the logging record 
from ‘soil’ descriptors to ‘rock’ descriptors, and this coincides exactly at the location of an 
apparent abrupt change within the logged weathering state rock materials. This common 
discrepancy suggests that borehole records often contain information that is driller / 
equipment driven rather than derived from appropriate material assessment.  
 
Moreover, it is also common to see a gap in the expected weathering profile at this location, 
whereby materials logged as extremely weathered or extremely low strength rock material 
at the base of non-core drilling operations suddenly increase to be instantaneously assessed 
as moderately weathered or medium strength once the initial rock core run is undertaken. 
In reality it is considered likely that a normal weathering or strength profile exists insitu, but 
such equipment driven logging behaviour tends to lead to the assumption that there is a 
near instantaneous difference that can be observed in the encountered subsurface profile – 
and which can be reflected in material parameters adopted for design. The implication of 
such logs disregards the existence of a significant depth interval over which there exists a 
gradational change between ‘soil’ and ‘rock’ parameters.  
 
Look (2004) compared the results of Point Load Index (PLI) tests completed near the soil / 
rock interface with SPT ‘N’ values completed immediately prior to the change in drilling 
technique, and found that for a number of test pairs (n = 89) spread over six (6) South-East 
Chapter 8                                        Material parameter variation across soil / rock interface 
  
– 254 – 
QLD rock units there was no overall relationship between ‘N’ value and rock strength. 
Specific localised material relationships were found to exist, but the correlation between 
extrapolated SPT ‘N’ values (denoted N*) and the PLI rock strength index value (Is(50)) only 
occurred once N* reached 120 or greater.   
 
Clayton (1993) identified the limitation of simply trying to use SPT values to determine rock 
strength, and suggested that the significant quantity of data that indicated ‘N’ values of 
between 50 and 100 was largely due to the discontinuation of the SPT test, as per the 
relevant testing standard, and use of such data to correlate with rock strength could not be 
expected to produce highly accurate rock strength estimations. In contrast to Look (2004), 
Clayton (1995) concluded ‘weak’ rocks could be generally identified by the extrapolated SPT 
‘N’ value (where it is noted that the N and N60 values for weak rocks will be ±15% and will 
not be significant for most weak rocks, as per CIRIA, 1999) as shown in Table 8.1. Stroud 
(1989) has also suggested that for a similar range of SPT results (N60 < 200) the relationship 
of UCS = 10 x N60 could be used for weak rock (UCS < 4 MPa). 
 
Schnaid (2009) extended Clayton’s (1995) classification, and for residual soils proposed 
ranges of N60 values for ‘completely’ weathered through ‘moderately’ weathered (saprolitic) 
materials. This extension of Clayton’s (1995) classification are also included in Table 8.1. 
 
Table 8.1. Extrapolated standardised SPT results correlated to rock strength descriptors 
and indicative UCS rock strengths (Clayton, 1995; Schnaid, 2009) 
SPT ‘N’ 
Range Strength Descriptor 
Compressive (insitu) 
Strength value (MPa) 
N60 < 5 Completely Weathered Residual Soil 
 < 0.20 
5 < N60 < 10 Very Weathered (lateritic) Residual Soil 
10 < N60 < 15 Weathered Residual Soil 
N60 > 15 Moderately Weathered (saprolitic) Residual Soil 
0 < N60 < 80 Very Weak Rock  < 1.25 
80 < N60 < 200 Weak Rock 1.25 <  < 5.00 
N60 > 200 Moderately Weak Rock and stronger  > 5.00 
 
Thus, the question remains that if the most commonly completed insitu test, the SPT, cannot 
be reliably used to describe the strength and insitu parameters of the material near the soil 
/ rock transition, is any other routinely collected data suitable for the estimation of these 
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properties? This chapter collates a number of studies undertaken by the author that 
collected and analysed data relating to the material property variation across the soil to rock 
transformation within residual soil profiles. In these studies the soil to rock transition zone 
considered is defined as the interval of a normal weathering profile between stiff or dense 
residual soils to the top of moderately weathered or medium strength rock material. 
 
The investigation techniques adopted to collect discrete datasets for individual studies 
varied and are assessed individually in the following chapters of this thesis. The magnitude 
of variation in each considered material property, and suitability of test method to 
characterise such parameters across the full residual profile investigated is also discussed. 
Although the results of each study may be site (South-East Queensland) specific, the 
observations regarding the material property change due to the gradational transformation 
from soil to rock material are considered to be generic and applicable to all residual profiles. 
 
8.3. Geophysical Survey Data 
8.3.1. General 
 
The first method considered from which a continuous data profile through the soil / rock 
interface can be obtained is via the use of geophysical methods, whereby surface (non-
invasive) or down-hole (invasive) measurements are taken of a particular physical property 
of the subsurface.  
 
One such geophysical technique is the use of shear wave velocities (Vs), collected via 
seismic refraction methods, to identify soil and rock materials. The American Society of Civil 
Engineers (ASCE) has recommended general material descriptions (soil or rock) and 
comparative strength, relative density or consistency descriptors based on observed Vs 
values (ASCE-7, 2010). This classification is shown in Table 8.2, and also shows the typical 
correlation with SPT results. 
 
Table 8.2. Site Classification via Shear Wave (Vs) velocity (ASCE, 2010) 
Interpreted Material Vs (m/s) Equivalent ‘N’ Value 
Hard Rock > 1525 N/A 
Rock 760 – 1525 N/A 
Very Dense Soil and Soft Rock 365 – 760 > 50 
Stiff Soil 180 - 365 15 – 50 
Soft Clay Soil < 180 < 15 
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Other standards exist where categories of shear wave velocities are correlated with rock 
and soil strengths (e.g. AS1170.4-2007). However, as these values are generally reported 
as the average Vs value over a 30m depth (Vs30), and as the ASCE (2010) reference profiles 
the greatest differentiation of rock materials, only the ASCE (2010) classification has been 
used for the interpretation of the analyses detailed herein.  
 
The author has completed two (2) separate of site investigations in which both geophysical 
data and traditional boreholes were completed. Geophysics was undertaken using Multi-
channel Analysis of Surface Waves (MASW) techniques, and the shear wave velocity 
profiles of the sub-surface were produced. Full details relating to this site investigation 
technique can be found elsewhere, and is based on the technique first outlined by Park, 
Miller and Xia (1999). 
 
Two dimensional (2D) profiles of the collected Vs parameter have been subsequently 
compared to the logged material profile observed during the completion borehole drilling at 
immediately adjacent locations (≤ 5m offset), and the shear wave velocities observed across 
the logged residual soil to rock transition compared to the completed insitu and laboratory 
tests of the various material units.  
 
It is acknowledged that for each of the case studies presented herein, the 1D inversion of 
MASW survey data was completed by others using commercially available software. The 
author assisted in collection of site data, and then was also solely responsible for the 
transformation of the processed data into 2D profiles and the subsequent correlation of Vs 
data with logged material properties. 
 
8.3.2. Site 1 – Sunshine Coast (Landsborough – Maleny Road) 
  
As part of a road rehabilitation project, a borehole investigation and single line of MASW 
survey was completed for a 250m length of the Landsborough-Maleny Road, located in the 
Sunshine Coast hinterland region of South East Queensland, Australia. The approximate 
location of the site in comparison to the city of Brisbane is displayed in Figure 8.2. 
 
The site location was covered by the Department of Mines and Energy Queensland’s  
1:100,000 ‘Nambour Special’ Geology map sheet (1999), which indicated the site was likely 
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fully underlain by Tertiary aged Basalt materials. An extract from this map has been 
reproduced in Figure 8.3, and indicates the geological formations likely present in the region. 
  
 
Figure 8.2. Location of Site 1, shown in comparison to Brisbane 
 
 
Figure 8.3. Extract and selected legend of published geology map that shows site location 
and regional geology. Site is fully contained within area of map indicated as being 
comprised of Tertiary aged Basalt. (Source: State of Queensland (Department of Mines & 
Energy), 1999). 
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The site investigation completed at this site involved the drilling of nine (9) boreholes on the 
west-bound carriageway of the road. Five (5) boreholes were drilled via rotary drilling and 
diamond rock coring techniques, whilst the remaining four (4) boreholes were completed via 
auger drilling only, and extended to refusal of the Tungsten Carbide (TC) drilling bit. In all 
boreholes, Standard Penetration Tests (SPTs) were performed at depth intervals of 1.0m 
whilst the borehole was advanced through soil materials.  
 
From the completed boreholes, the subsurface profile across the site was observed to be 
consistently comprised of fill and colluvial material overlying residual sandy silt material. This 
residual soil material transitioned into the parent basalt rock material, with the rock profile 
displaying a normal weathering profile (i.e. increased strength and decreased weathering 
state with depth). Table 8.3 details the material profile logged for each of the nine (9) 
completed boreholes at this site. 
 
Table 8.3. Subsurface profile summary of each completed Site 1 borehole (m) 
BH ID. FILL / COLLUVIAL RESIDUAL 
BASALT 
XW HW MW / HW MW / SW 
BH-01 0.02 – 1.50 1.50 – 3.20 3.20 – 5.00 
5.00 – 
6.25 
6.25 – 
9.60TD NE* 
BH-02 0.02 – 1.50 1.50 – 2.50 2.50 – 4.70 
4.70 – 
6.30 
6.30 – 
9.00 
9.00 – 
14.00TD 
BH-03 0.02 – 0.60 NE 0.60 – 2.50 
2.50 – 
4.00 
4.00 – 
8.60 
8.60 – 
10.20TD 
BH-04 0.02 – 1.00 1.00 – 2.45 2.45 – 6.50 
6.50 – 
9.40 
9.40 – 
12.95 
12.95 – 
14.70TD 
BH-05 NE 0.02 – 1.40 1.40 – 3.20 
3.20 – 
6.00 
6.00 – 
7.20 
7.20 – 
11.10TD 
BH-06 0.02 – 1.35 1.35 – 2.00 2.00 – 4.80 
4.80 – 
7.50TD NE NE 
BH-07 0.02 – 1.00 1.00 – 2.00 2.00 – 4.30TD NE NE NE 
BH-08 0.02 – 1.50 1.50 – 2.00 2.00 – 4.20TD NE NE NE 
BH-09 0.02 – 1.50 1.50 – 2.50 2.50 – 4.70 
4.70 – 
7.00TD NE NE 
*NE – Not Encountered; TD – Termination Depth 
 
Chapter 8                                        Material parameter variation across soil / rock interface 
  
– 259 – 
The MASW geophysical survey was completed along a 240m length of the site, the 
alignment of which passed immediately adjacent (1 to 3m offset) to each drilled borehole. 
The borehole location, logged material and relevant SPT and strength test results was 
overlaid upon the 2D profile of the Vs data collected, as shown in Figure 8.4.  
 
Based on the logged material properties, the range of Vs attributable to each material type 
was isolated within the MASW test station that corresponded to each borehole (~1m offset). 
These ranges are summarised in Table 8.4, along with a site-specific average shear wave 
velocity threshold that could be applied for the description of each material unit.  
 
Table 8.4. Summary of Shear Wave (Vs) Velocities observed within the logged material unit 
within each drilled borehole – Site 1 
BH ID. 
Shear Wave Velocity (Vs) of each defined material unit (m/s) 
FILL /  
COLLUVIAL RESIDUAL 
XW  
BASALT 
HW  
BASALT 
MW / HW  
BASALT 
BH-01 < 180 180 - 243 243 - 439 439 - 636 > 636 
BH-02 < 192 192 - 249 249 - 494 494 - 686 > 686 
BH-03 < 133 NE* 133 – 221 221 - 412 > 412 
BH-04 < 171 171 - 252 252 - 694 694 - 853 > 853 
BH-05 < 131 131 - 166 166 - 301 301 - 778 > 778 
BH-06 < 166 166 - 199 199 - 390 > 390 NE 
BH-07 < 157 157 - 200 > 200 NE NE 
BH-08 < 184 184 - 210 > 210 NE NE 
BH-09 < 180 180 - 249 249 - 484 > 484 NE 
Average < 170 170 - 220 220 - 465 465 - 765 > 765 
*NE – Not Encountered 
 
The inconsistency of definitions, or the adoption of simple thresholds to define ‘rock’ 
materials, included in standards relating to SPT (e.g. AS1289.6.3.1-1993) or shear wave 
velocity (e.g. ASCE, 2010; AS1170.4) is highlighted in Figure 8.4.  Overlaid upon this figure 
is the inferred rock surface if a simple threshold of SPT N = 50 were adopted. The irregular 
nature of this line, and the incongruence of the line with both the logged material units (i.e. 
cuts through all materials between soil and HW rock) and results of the geophysics 
investigation show the inappropriateness of using the SPT value as the definition of the 
threshold of the soil / rock interface.  
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Figure 8.4. Long Section displaying logged material units and subsurface observed within boreholes overlaid upon shear wave velocity 
(Vs) data collected during MASW survey. Note that Vs data has been classified as per ASCE-7 (2010) categories. SPT Thresholds of N = 
50 (red) and N* = 80 (blue) have been overlaid   
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The adoption of SPT N* = 80, as per Clayton (1995), to define the boundary between ‘very 
weak’ and ‘weak’ rock is also superimposed on Figure 8.4. Although still undulating across 
the section, use of N* = 80 results in a ‘rockhead’ that was consistently recorded as HW 
basalt on borehole logs, and corresponds to the geophysical units of ‘stiff soil’ to ‘soft rock’. 
 
By comparison of the ASCE classification (shown in Table 8.2) and the site specific material 
unit Vs categories detailed in Table 8.4, it is observed that for this site the ASCE classification 
appears to correlate well with the logged profiles. The ASCE classification suggested 
descriptor of ‘very dense soil and soft rock’ (365m/s ≤ Vs ≤ 760m/s) corresponds to the 
material logged as extremely weathered (XW) to highly weathered (HW) basalt rock 
materials (220m/s ≤ Vs ≤ 465m/s and 465m/s ≤ Vs ≤ 765m/s for XW and HW respectively). 
The range of shear wave velocities associated with the material logged as residual ‘soil’ 
material (170m/s ≤ Vs ≤ 220m/s) would correspond to ‘stiff soil’ in the ASCE classification 
(180m/s ≤ Vs ≤ 365m/s). 
 
Uncorrected SPT data collected during the borehole drilling has been correlated with the Vs 
observed at the corresponding location and depths. The full resultant dataset is presented 
graphically in Figure 8.5. Although no relationship could be easily identified between the 
complete shear wave velocity and SPT dataset, categorising the pairs by the weathering 
associated with each logged material unit (residual soil and rock weathering state) produces 
a distinct Vs range for each unit, as shown in Figure 8.6. Based on this approach the 
common industry adopted N > 50 threshold clearly does not represent the soil-rock interface 
for this site. 
 
Figure 8.5. Uncorrected SPT results plotted against averaged measured shear wave velocity 
(Vs) of corresponding location and depth interval 
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Figure 8.6. Uncorrected SPT results and averaged measured shear wave velocity (Vs), 
categorised by logged material unit. Range of SPT and Vs for each material unit also 
overlaid. 
 
Table 8.5. Summary statistics of SPT (uncorrected) and shear wave velocity (Vs) dataset, 
categorised by material unit – Site 1. 
Test Characteristic Value 
Logged Material Unit 
RESIDUAL 
(n = 8) 
XW BASALT 
(n = 18) 
HW BASALT 
(n = 12) 
SP
T (
N 
or
 N
*) 
5% Percentile 8 8 19 
Lower Quartile 11 10 49 
Median 16 25 78 
Average 21 28 85 
Upper Quartile 33 32 117 
95% Percentile 37 53 164 
Sh
ea
r W
av
e 
Ve
loc
ity
 (V
s, m
/s)
 5% Percentile 163 199 242 
Lower Quartile 175 242 393 
Median 212 346 561 
Average 205 357 523 
Upper Quartile 233 358 660 
95% Percentile 241 470 762 
 
 
Sh
ea
r W
av
e V
elo
cit
y (
Vs
, m
/s)
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As presented in Table 8.5, the characteristic values applicable to each subset of data 
approximately replicate the Vs ranges previously identified in Table 8.4, with the exception 
of the lower bound Vs values (5th percentile and lower quartile) associated with the HW 
Basalt material unit (5th percentile and lower quartile  values derived from data pair (SPT, 
Vs) dataset of 242m/s and 393m/s respectively, compared with the 465m/s derived from full 
borehole logs). 
 
Using the characteristic values derived for the SPT results and the site Vs classifications for 
logged material units, a general increase in both SPT and shear wave velocity can be 
observed throughout the weathering profile that exists at Site 1. Across the residual soil and 
weathered rock interface – between the logged top of residual soil and bottom of the highly 
weathered rock material - the average Vs parameters increased by a multiple of 4.5 (Vs 
increased from 175m/s to 765m/s). Across the same depth interval, characteristic SPT ‘N’ 
values were also observed to increase approximately by the same magnitude, with average 
and median ‘N’ values attributed to each unit increasing by a multiple of 4.1 and 5.0 
respectively. 
 
Using the average SPT value and the range of Vs values associated with each material unit, 
a general increase of Vs and SPT ‘N’ occurs as the material weathering state decreases 
(and depth increase). This result was directly compared to previous SPT to Vs correlation 
studies, as summarised by Wair, DeJong and Shantz (2012). Comparing the result of Site 
1 with both generic SPT:Vs relationships (refer Figure 8.7) and those specifically derived for 
cohesive soils (refer Figure 8.8) – as the residual soil at Site 1 was generally logged –  it 
appears that any generalised SPT to Vs relationship observed at Site 1 would be 
concentrated around the upper bound of the various generic SPT to Vs relationships 
reported by previous studies, and significantly higher than clay specific relationships. This 
is interpreted to be due to the previous studies being largely completed upon datasets 
comprised of alluvial or fill materials (for studies where material origin and age were 
reported). In contrast, the materials being considered are residual in nature and thus the 
relict rock structure and bonding that is expected to be present in such insitu materials 
provides additional resistance to penetration tests such as the SPT. 
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Figure 8.7. Uncorrected SPT to shear wave velocity (Vs) relationship for Site 1. Historical 
clay soils relationships taken from summary tables provided by Wair, DeJong and Shantz 
(2012). 
 
 
Figure 8.8. Uncorrected SPT to shear wave velocity (Vs) relationship for Site 1. Historical 
clay soils relationships taken from summary tables provided by Wair, DeJong and Shantz 
(2012). 
 
A similar data analysis was completed to compare the results of Point Load Index (PLI) rock 
strength estimates (Is(50)) and shear wave velocities, as shown in Figure 8.9. Although no 
consistent correlation directly relating the PLI and Vs parameters could be observed for the 
Site 1 dataset (n = 23), a distinct linear upper bound to the data was identified. Use of this 
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boundary relationship, as defined in Equation 8.1, would produce a minimum Is(50) value 
based upon the observed Vs parameter. 
 
   Is(50) ≤ (0.006 x Vs) – 1.54   (Equation 8.1) 
 
 
Figure 8.9. Measured shear wave velocity (Vs) plotted against Point Load Index (PLI) results 
(Is(50)) for Site 1 dataset (n = 25). Boundary line showing approximate upper bound 
relationship is also overlaid. 
 
Additional rock parameters were determined by laboratory testing of representative sections 
of recovered intact rock core, however these additional results did not appear to correlate 
with the corresponding insitu shear wave velocity measurement taken from the location of 
the rock material sample. Figure 8.10 presents the UCS determined for six (6) samples of 
rock core, and indicates for near identical Vs values (725m/s < Vs <900m/s), the UCS 
parameter ranged from 2.9MPa to 28.1MPa. Similarly, the secant modulus (ESecant) results 
determined for corresponding rock samples varied from 1.5MPa to 22.7MPa. Although the 
Vs parameter displayed a general trend of increasing with depth, no corresponding increase 
in the UCS or ESecant parameters were observed, as would generally be expected in a normal 
weathering profile. 
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Figure 8.10. Measured shear wave velocity (Vs) plotted against test results of laboratory 
determination of rock strength (UCS) of intact rock core.  
 
The four (4) boreholes completed using only ‘TC bit’ auger drilling techniques had the Vs 
parameter corresponding to the depth if refusal determined, as shown in Figure 8.11. The 
range of Vs at which TC bit refusal occurred at this site (350m/s < Vs < 775m/s) covers 
multiple material units, and suggests no specific weathering state, rock strength or Vs value 
was observed to consistently correlate with the depth of the observed bit refusal. Instead, 
by comparison of the range of Vs observed at refusal depth to the ASCE material descriptors, 
TC bit refusal at Site 1 occurred anywhere within materials that would classify to the ‘very 
dense soil and soft rock’ category (i.e. the full residual profile).  Within Site 1, such Vs values 
corresponded to anywhere in the interval of extremely weathered (XW) to the base of the 
highly weathered (HW) basalt rock, which was logged to range in thicknesses of between 
1.80m and 6.95m. 
  
 
Figure 8.11. Measured shear wave velocity (Vs) at depth of drilling change to rock core 
techniques (BH-01 to BH-05) or TC bit refusal (BH-06 to BH-09), plotted upon the site 
specific Vs ranges associated with each material unit 
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As shown in Figure 8.11, approximately the same range of shear wave velocities (325m/s < 
Vs < 830m/s) were observed at the depth that drilling techniques were changed between 
wash boring and rock coring in BH-01 to BH-05. Within these boreholes, rock coring was 
known to have commenced once a single SPT test reached refusal as per the definition in 
AS1289.6.3.2 (i.e. N > 50). From the analysis completed upon the SPT data for this site, this 
suggests that the drilling change should have occurred within the HW Basalt material. 
However, the rock material observed immediately below the rock core interface was 
consistently logged as being Moderately Weathered (MW) basalt, suggesting the wash-
boring techniques employed at this site resulted in full penetration through the overlying XW 
and HW rock materials. 
 
8.3.3. Site 2 – Slacks Creek (closed landfill development site) 
 
A second site that contained a residual subsurface profile was investigated by a MASW 
geophysical survey and had accompanying CPT and borehole data. The site was located at 
Slacks Creek, immediately south west of Brisbane, as shown in Figure 8.12. The aim of the 
site investigation was to identify the base and three dimensional (3D) shape of a closed 
landfill, such that the site could be redeveloped. 
 
 
Figure 8.12. Location of Site 2, shown in comparison to Brisbane 
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As per Site 1 the results of the MASW survey, in the form of 2D shear wave velocity profiles 
were produced, as shown in Figure 8.13. Based on the results of the MASW survey, 
boreholes and CPTs completed at the site, the shape of the landfill cell was able to be 
identified. The material parameters of the landfill materials were inferred as per the 
methodology detailed in Lacey and Griffiths (2012), whereby the likely settlement associated 
with the landfill cell could be estimated.  
 
 
Figure 8.13. Typical 2D shear wave velocity section constructed for Site 2, used for 
identification of base of landfill material (Vs ≤ 210m/s). 
 
Below the base of the landfill a residual soil to rock transition zone was also profiled, 
composed of very dense sand and very stiff clay materials overlying a sedimentary 
sequence of sandstone and mudstones belonging to the Tertiary aged Oxley Group 
geological unit. Four (4) boreholes and two (2) CPT tests were completed immediately 
adjacent (within 5m) of the completed geophysical survey lines, and thus the subsurface 
profiles observed in these boreholes were used for direct comparison with the corresponding 
recorded Vs profiles, as per the methodology presented for Site 1. Table 8.6 details the 
subsurface profile and associated Vs record of each material unit observed within the 
residual profile present at this site.  
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Table 8.6. Summary of subsurface profile and associated shear wave velocities (Vs) 
observed within the logged material unit within each drilled borehole, Site 2 
BH ID. 
Subsurface profile (m) and Shear Wave Velocity (Vs, m/s) of defined 
material units 
Residual Soil XW Rock HW Rock MW – FR Rock 
BH-03 2.0 – 3.5m 224 ≤ Vs < 258 
3.5 – 10.7m 
258 ≤ Vs < 454 
10.7 – 13.5mTD 
454 ≤ Vs < 695 NE 
BH-04 NE* 4.2 – 10.8m 324 ≤ Vs < 645 
10.8 – 13.3m 
645 ≤ Vs < 749 
13.3 – 17.7mTD 
Vs ≥ 749 
BH-06 5.5 – 7.2m 232 ≤ Vs < 327 
7.2 – 10.2m 
327 ≤ Vs < 450 
10.2 – 15.2m 
450 ≤ Vs < 588 
15.2 – 16.6mTD 
Vs ≥ 588 
BH-10 3.2 – 8.8m 215 ≤ Vs < 262 
8.8 – 11.5m 
262 ≤ Vs < 433 
11.5 – 15.7m 
433 ≤ Vs < 744 
15.7 – 16.7mTD 
Vs ≥ 744 
Site Vs 
Classes 220 - 260 260 - 450 450 - 695 > 695 
*NE – Not Encountered; TD – Termination Depth 
  
The identification of each material unit for Site 2 approximately corresponds to the site 
classification adopted for Site 1, in that residual soil overlies rock materials encountered in 
a normal weathering profile. The determined Vs range applicable to each of the units 
encountered at Site 2 also corresponds well with Site 1, with each of the Vs thresholds 
identified for Site 2 being within 20% of the corresponding threshold identified for Site 1. 
 
The limited Vs range (40m/s) associated with the residual soil unit (220m/s < Vs < 260m/s) 
is noted to be smaller than the range associated with the corresponding residual soil unit 
identified for Site 1 (60m/s). This was considered to be due to the preparation of the site for 
use as a landfill, in which the upper soil profile would have likely been removed to provide a 
landfill cell with a base of exposed very stiff soil and rock materials. Accordingly, the profile 
intersected by the analysed site investigations would only represent only the lower portion 
of the soil material that would naturally have developed onsite. This interpretation is further 
evidenced by BH-04 having landfill material logged as having been placed directly upon XW 
rock materials, suggesting all soil at this location was removed prior to the commissioning 
of the landfill. 
 
Table 8.7 and Figure 8.14 present the results of the SPT testing correlated to the associated 
Vs parameters. As per Site 1, although there is a wide spread of SPT values within each 
individual material unit, a trend of increasing SPT values across the soil to rock transition 
zone and an associated increase with Vs magnitude can be identified. 
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Table 8.7. Summary statistics of SPT (uncorrected) and corresponding shear wave velocity 
(Vs) dataset, categorised by material unit – Site 2. 
Test Characteristic Value 
Logged Material Unit 
RESIDUAL 
(n = 7) 
XW BASALT 
(n = 13) 
HW BASALT 
(n = 3) 
SP
T (
N 
or
 N
*) 
5% Percentile 20 26 121 
Lower Quartile 24 41 125 
Median 29 64 129 
Average 36 78 183 
Upper Quartile 48 100 215 
95% Percentile 56 162 283 
Sh
ea
r W
av
e 
Ve
loc
ity
 (V
s, m
/s)
 5% Percentile 211 269 592 
Lower Quartile 218 278 630 
Median 254 378 678 
Average 252 393 650 
Upper Quartile 266 440 683 
95% Percentile 315 587 687 
 
 
Figure 8.14. Uncorrected SPT results and corresponding averaged measured shear wave 
velocity (Vs), categorised by logged material unit for Site 2. Range of SPT and Vs for each 
material unit also overlaid. 
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Although the Vs parameters associated with each material unit identified for each of the two 
(2) considered sites were within 20% of each other, the typical SPT values were more 
disparate. Characteristic SPT results (median, quartiles and average values) associated 
with Site 2 were, for corresponding material units, between 1.5 and 4.2 times greater than 
those defined for Site 1. The greatest increase being observed for the XW Rock unit, which 
reported an average increase of 220% over the corresponding parameters from Site 1. The 
residual soil unit parameters were 80% greater, whilst the HW rock unit observed a 110% 
increase. Figure 8.15 displays the variation in average and median SPT and Vs parameters 
associated with corresponding material units across the two (2) sites considered by this 
study. This disparity in results highlights both the likely site specific nature of a precise Vs to 
SPT relationship, and the variability associated with the interpolation of results associated 
with ‘terminated’ SPT tests, whereby the extrapolated SPT ‘N*’ value can vary greatly 
depending exactly how the results are measured and reported (i.e. with or without seating 
component, number of hammer blows completed prior to refusal). 
 
     
   (a)              (b) 
Figure 8.15. Comparison of characteristic (median and average) (a) SPT ‘N’ and (b) Vs 
parameter for each material unit located at both Site 1 and Site 2. 
 
Figure 8.16 plots the results of the 15 Point Load Index tests and measured Vs values 
completed for Site 2, whilst Figure 8.17 presents the same test results upon the plot 
constructed for Site 1. As can be observed, the typical Is(50) associated with the rock 
materials encountered at Site 2 (sandstone / mudstone rock materials) are generally weaker 
than those observed at Site 1 (basalt rock). This would be expected as Site 2 was a 
sedimentary rock derived profile whilst the residual profile investigated Site 1 was derived 
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from basalt, a stronger, igneous parent rock material. However, the results complement 
each other extremely well, with the previously defined upper boundary relationship (refer 
Equation 8.1) also applying to the combined dataset. The results of Site 2 provide an 
extension of the range of the boundary to lower Is(50) and Vs values. Using this boundary 
relationship, the shear wave velocity corresponding to Is(50) = 0MPa is 250m/s (i.e. x-
intercept in Figure 8.17), which also correlates to within 20m/s (8%) of the average Vs 
threshold that defines the residual soil and XW rock material units (230m/s). 
 
 
Figure 8.16. Measured shear wave velocity (Vs) plotted against Point Load Index (PLI) 
results (Is(50)) for Site 2 dataset (n = 15), categorised by material weathering state. 
 
 
Figure 8.17. Measured shear wave velocity (Vs) plotted against Point Load Index (PLI) 
results (Is(50)) for combined dataset (n = 40). Boundary line showing approximate upper 
bound relationship is also overlaid. 
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Figure 8.18 presents the Vs parameter at which each of the boreholes noted TC bit refusal 
(BH-03 and BH-06), or the Vs value at the depth which the drilling technique was changed 
from TC bit to rock core drilling (BH-04, BH-06 and BH-10). Figure 8.18 also presents the 
Vs parameter at the termination depth of the two (2) CPTs that were completed immediately 
adjacent to the MASW survey. Both of these CPTs were discontinued due to high cone tip 
pressure (qc) and sleeve friction (fs), and thus can be considered CPT ‘refusal’ (i.e. the limit 
of the equipment’s capabilities) within the residual profile. 
 
 
Figure 8.18. Measured shear wave velocity (Vs) at depth of CPT refusal, drilling change to 
rock core techniques or noted TC bit refusal, plotted upon the site specific Vs ranges 
associated with each material unit. 
 
From the data available for Site 2, it appears that the CPTs were discontinued within residual 
soils. This confirms the unsuitability of the CPT for use to characterise material properties 
across the full soil to rock interface, but does suggest that if a CPT can penetrate a particular 
material, that it should be considered to be ‘soil’ in preference to ‘rock’.  
 
Where TC bit drilling was continued to bit ‘refusal’ (BH-03 and BH-06), the depth of refusal 
appears to be immediately on the HW / MW rock interface (Vs = ~695m/s for Site 2). This 
corresponds well to the maximum depth of TC bit penetration observed at Site 1, and 
suggests that this weathering boundary and approximate Vs range (Vs = 700 to 750m/s) 
could be considered the upper limit of TC bit penetration. 
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8.4. Discussion 
 
The results of this study indicate that the shear wave velocity (Vs) parameter, as measured 
by a surface based geophysical survey and MASW signal processing, is suitable for 
characterising the gradational material property change across the soil / rock interface 
associated with residual profiles.  By analysis of two (2) South-East Queensland sites 
investigated by this technique, this study has validated the ASCE (2010) general descriptors 
of materials based on categorisation of the Vs parameter. 
 
Table 8.8 presents variations to the ASCE produced (2010) reference table based on the 
results of the residual profiles investigated by this study. These revisions further categorise 
a residual profile into ‘soil’ and ‘rock’ materials, and categorises the ‘rock’ based on 
weathering state. Specifically, three (3) material units associated with the soil / rock interface 
– residual soil, XW Rock and HW rock – have been fitted within two (2) categories included 
in the classification system proposed by ASCE (2010). Maximum PLI values associated with 
each ‘rock’ category are also presented, based on the upper bound relationship defined 
herein. 
 
Table 8.8. Revisions to site classification via shear wave (Vs) velocity (after ASCE, 2010), 
based on South-East Queensland site specific observations  
ASCE (2010) Current Study (SEQ residual soil and weak rocks) 
Interpreted 
Material 
Vs 
(m/s) 
Material 
Unit Vs (m/s) 
Weathering 
State 
Max. Point 
Load Index 
(Is(50)) 
Hard Rock > 1525 Not specifically investigated by this study 
Rock 760 – 1525 
MW 
Rock > 760 
Moderately 
Weathered (MW 
or less) 
> 3.2 MPa 
Very Dense 
Soil and Soft 
Rock 
365 – 
760 
HW Rock 460 – 760 (Ave. = 585) 
Highly 
Weathered (HW) 
1.3 – 3.2 MPa 
(Ave = 2.1) 
XW Rock 240 – 460 (Ave. = 340) 
Extremely 
Weathered (XW) 
0.0 – 1.3 MPa 
(Ave. = 0.6) 
Stiff Soil 180 - 365 Residual Soil 
170 – 240 
(Ave. = 225) N/A 
Soft Clay Soil < 180 Not specifically investigated by this study 
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From the data relating to the two (2) sites detailed within this chapter, it is recommended 
that the use of the Vs parameter to estimate characteristic SPT results, or using SPT values 
to directly infer rock strength or weathering state is not appropriate. However, although 
specific SPT values should not be used, this study did observe a consistent increase of 
characteristic (average or median) SPT values of at least 300% across the full soil to rock 
transition. 
 
A similar multiplier was observed for the more consistent Vs parameter. Using either the 
average of median Vs value determined for each material unit, a consistent increase within 
the range of 50% to 90% was observed between immediately adjoining material units (i.e. 
residual soil to XW rock, or XW rock to HW rock), and a total increase of between 140% to 
190% between characteristic Vs parameters over the full residual soil to HW rock material 
change was observed at both sites investigated. 
 
The consistent Vs increase across the transition zone supports the notion of a gradational 
change in material properties across the soil to rock transition. As shown in Figure 8.14, the 
gradient of Vs improvement remains essentially consistent across the material units 
investigated, suggesting that sudden changes in material strength or modulus parameters 
did not occur at either site investigated. This highlights the limitation of the SPT, and the 
error that can result from datasets that include large N* values extrapolated from a very 
limited number of hammer blows being completed prior to test termination.  
 
To account for this test limitation and based on the data collected by this study, it is 
suggested that the characteristic SPT values extrapolated for the HW rock material unit be 
limited to an increase of approximately 60% of the results observed in the XW rock material. 
This approach would preserve the gradational change in material properties (and thus any 
subsequently derived design parameters) expected over the transition zone. These limiting 
values (160% of the XW rock average SPT N value) correlate well with the lower quartile 
values calculated from the extrapolated N* values applicable to the HW rock materials. Such 
a concept is demonstrated in Figure 8.19, and shows the applicability of such a procedure 
to provide a consistent gradient of SPT increase across the full residual profile under 
consideration. 
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Figure 8.19. Concept showing proposed limit of N* value adopted for HW Rock material, 
based on 60% increase of the XW Rock characteristic value. 
 
Resolving the total observed increase in Vs across the entire encountered profiles – from 
the top of residual soil to base of HW rock material units – the comparative small change in 
Vs values within the residual soil unit compared to the overall Vs improvement can be 
observed. As detailed in Table 8.9 and shown in Figure 8.20, the residual soil units observed 
only a 20% to 30% increase in the Vs parameter, compared to the 70% to 110% and 55% 
to 65% ranges observed for the XW rock and HW rock units respectively.  
 
Table 8.9. Shear wave velocity (Vs) ranges and improvement over full residual profile of 
each investigated site. 
Site 
Residual XW Rock HW Rock 
Vs 
Range 
(m/s) 
Change Vs 
Range 
(m/s) 
Change Vs 
Range 
(m/s) 
Change 
Vs 
(m/s) % 
Vs 
(m/s) % 
Vs 
(m/s) % 
Site 1 170 – 220 50 +29% 
220 – 
465 245 +111% 
465 – 
765 300 +65% 
Site 2 220 – 260 40 +18% 
260 – 
450 190 +73% 
450 – 
695 245 +54% 
Ave. 225 – +24% 340 – +92% 585 – +60% 
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Figure 8.20. Shear wave velocity (Vs) range associated with each investigated site across 
full residual profile (top of residual soil to base of HW rock material units). 
 
Although it is noted that Site 2’s residual profile was likely curtailed due to the site 
preparation for landfill commissioning, the observed ranges are not consistent across each 
material unit.  
 
The total Vs improvement across the residual profile was 205% (+595m/s) for Site 1 and 
145% (+475m/s) for Site 2. For both sites, consistent proportions of the overall Vs 
improvement was observed to correlate with the defined material units, with the XW Rock 
and HW Rock units each accounting for 40% to 50% of this total improvement, whilst the 
residual soil unit only provided 8%.  
 
This study also suggests that both the depth of TC drill bit ‘refusal’ and the location that SPT 
‘refusal’ (N > 50) was first observed consistently correspond to a level significantly below 
the residual soil to XW rock interface; the interface that it is commonly logged to represent.  
 
TC bit ‘refusal’ was logged as occurring within XW rock, or as deep as the HW to MW 
interface. It is expected that the variation of the achieved penetration into the rock materials 
would likely be due to discrepancies in encountered rock strength and the local insitu 
condition of the rockmass (e.g. fracture spacing of rockmass). The nature of materials at the 
point of various drilling bit refusal is further investigated in Chapter 9 of this thesis.  By 
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contrast, the few CPTs available for correlation with Vs values indicate that they refused 
within the residual soil material unit, and were unable to even penetrate the comparatively 
soft XW rock. From the available data, it is recommended that maximum Vs values that 
would represent maximum TC bit and CPT penetration would be 760m/s and 260m/s 
respectively.   
 
8.5. Conclusions 
 
This chapter has demonstrated that the use of traditional soil or rock testing procedures are, 
due to their development and bias for use in either soil or rock materials, inadequate for fully 
characterising the gradational change between soil and rock materials typical of residual 
profiles. Due to the need for extrapolation, the limitation of the SPT to provide realistic results 
(in its currently applied format) was demonstrated to commence within XW rock materials, 
whilst the Point Load Index (PLI) was obviously not an applicable method to anything other 
than rock materials. 
 
The identification of the actual soil / XW rock interface was also compared to the depth at 
which SPT and drill bit refusal was observed. Both indicators were found to be inadequate 
tools to identify this boundary. The use of a simple SPT threshold (N = 50) was found to be 
unreliable, as such a value could be exhibited by a large range of materials; anywhere 
between ‘soft’ soil materials and MW rock. 
 
The use of a higher threshold (N = 80) was found to provide more consistency in the 
identification of a specific material unit interface across a site. For the SEQ sites considered, 
a N = 80 threshold identified material logged as XW or HW rock, which was well below the 
targeted soil / XW rock interface. Similarly, drill bit refusal was found to generally occur below 
the soil / XW interface, more commonly between the XW / HW and HW / MW rock 
boundaries.   
 
Geophysical methods, in the form of MASW surveys, were assessed for suitability for use 
across the soil to rock transition. Based on the case studies presented by this chapter, such 
a method was found to characterise the subsurface of the SEQ sites well. Site classification, 
into terms of weathering classification and the maximum associated PLI value, was derived 
for SEQ residual profiles (refer Table 8.8). This classification specifically details the three (3) 
material units associated with the soil / rock transition – residual soil, XW rock and HW rock.
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9. CHAPTER 9.  Use of drill bit refusal depth as indicator of material 
parameters  
9.1. Introduction 
 
Chapter 8 discussed the use of geophysical techniques to provide detail of the gradational 
change soil and rock dominated materials. By correlating strata units logged in immediately 
adjacent boreholes, the shear wave velocity (Vs) profiles derived by MASW testing could be 
classified to represent both the residual soil and weak rock material units defined for South-
East Queensland sites. Chapter 9 also presented the variation in the penetration depth of 
non-coring drilling techniques, and identified that the depth of TC auger drill bit ‘refusal’ could 
be expected to occur at any location within an extremely weathered (XW) to highly 
weathered (HW) rock material. This represented a significant difference from the identifiable 
interfaces of either residual soil to XW rock or XW to HW weathered rock that such a change 
in drilling technique, or drill bit ‘refusal,’ is frequently assumed to represent. 
 
Chapter 9 extends the findings of Chapter 8, by construction of a dataset of information 
routinely collected during the completion of SEQ onsite works – (a) drilling bit refusal depths 
achieved during site investigation; and (b) auger drilling advancement rates observed during 
piling works. This data was analysed to correlate the insitu material parameters of residual 
and weak rock materials present at the depth of ‘refusal’ of various types of drilling bit, and 
assess the material condition that influence the rate of drilling progress.  
 
As identified previously, the use of traditional insitu tests associated with soil drilling (e.g. 
SPTs) or rock coring (e.g. Point Load Index (PLI) tests) cannot be continuously applied 
across the soil / rock interface. Thus the results of this study can be used to provide 
additional data that characterises the full subsurface present at a site and provide 
information regarding parameter change across the gradational transition between residual 
soil and weak rock material. 
 
9.2. Rationale for study 
 
Once rock coring has commenced, the strength of the intact rock and details of the rock 
structure (e.g. defects, bedding, Rock Quality Designation (RQD)) are routinely logged by 
geotechnical engineers during site investigations. This information is used as the basis of 
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the derivation of suitable design parameters to characterise the rock materials present at a 
site. The state of rock weathering is also commonly used to classify the material – as 
demonstrated for Vs profile correlation in Chapter 9 – and used as an indicator of the likely 
field strength. 
 
However, an alternative source of penetration and comparative strength information is often 
collected during onsite borehole investigations for ‘administrative’ purposes, but not 
frequently considered to provide information relevant to the characterisation of the 
subsurface profile or design parameters. This information includes the comparative rate of 
drilling progression and the drilling technique used to advance a borehole through each 
subsurface unit. Although recorded on field logs this information is often considered only 
relevant to the drill operator. However, as drill bit ‘refusal’ level is based on the driller’s 
assessment of when wear and tear on the drill bit exceeds the productive rate of borehole 
advancement, such information is representative of subsurface conditions and should be 
quantified for engineering purposes. 
 
The cost to advance a borehole using rock coring is, on a per metre basis, over four (4) 
times the cost using solid augers (e.g. auger drilling in Brisbane, Australia ~$60, whilst rock 
coring is ~$250). This rate excludes the cost of testing and sampling; e.g. completion of 
Standard Penetration Tests (SPTs) or obtaining an undisturbed sample. Typically, when an 
SPT exhibits ‘refusal’ (> 50 blows) this is interpreted as indicating the material is of sufficient 
strength to be recovered via the more expensive process of core drilling (i.e. low likelihood 
of core loss). Such a result also indicates that the continuation of drilling with solid augers 
would, in terms of penetration rate and wear and tear on drill bits, be less cost-effective for 
the driller and that profit (for the driller) could be optimised by the adoption of rock coring 
techniques. After the commencement of rock coring, SPTs are also generally not completed, 
additionally saving the driller time (for test set-up) and equipment wear. 
 
These commercial assessments, made onsite, often determine the type and extent of insitu 
testing / soil sampling that occurs. However, the depth at which a change in drilling technique 
occurs is not necessarily a direct identifier for a significant change in geological interpretation 
of, for example, the weathering grade or rock strength at the depth. It was suggested by 
Look (2004) that the depth at which non-core and coring drilling techniques occurs should 
not be automatically considered an interface between extremely weathered (XW) and 
distinctly weathered (DW) rock. Accordingly, cored material should not be automatically 
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considered to be a different weathering class (or rock strength) to the non-cored material 
that exists immediately above. As the soil to rock transition is a gradual change in residual 
profiles, whereby the rock content would be expected to continually increase with depth, any 
logged interface is a subjective assessment, and is different from the clearly identifiable soil 
/ rock interface present when transported soils overly bedrock.  
 
Similarly, the adoption of either ‘soil’ or ‘rock’ material properties based solely on the 
penetration of a single drilling technique should be avoided. The refusal depth of a specific 
drill bit should not be defined as the soil / rock interface without additional confirmatory 
information. As an example of such incorrect practice, a Sunshine Coast site (located in 
South East Queensland) was initially investigated by the completion of three (3) boreholes, 
in which NMLC rock coring was commenced from within two (2) metres of the surface. The 
recovered core was logged based on ‘rock’ classification techniques, and a suitable design 
completed based on this information. One (1) year later, additional probe holes were 
completed (with no insitu testing) to assess potential variability of the subsurface profile 
across the site. These probe holes were extended to TC bit ‘refusal’ and, on the assumption 
that TC drilling could not penetrate ‘rock’ materials, the full borehole profile was re-classified 
as ‘soil’ and logged using USC classifications (i.e. rock was not logged as being present 
from within 2m of surface, even though rock coring techniques had been successfully 
completed during the initial site investigation and intact rock materials recovered).  
 
Figure 9.1 presents the ‘soil’ samples obtained from the probe holes completed using the 
TC bit to rock core obtained from the same depth at an immediately adjacent borehole. The 
‘soil’ samples obtained were comprised of low to medium strength basalt rock fragments 
which, as the rock core exhibited a natural fracture spacing of approximately 100mm, had 
resulted from the TC bit crushing the insitu rockmass. Thus, based on the material conditions 
present, ‘rock’ materials were able to be easily penetrated by the large (heavy) sized rig 
fitted with a TC bit. This example illustrates how weak rock materials can be incorrectly 
classified if the capabilities of each drilling technique are not understood by the supervising 
engineer. 
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(a) 
 
(b) 
Figure 9.1. Moderately Weathered (MW) Basalt rock material recovered via (a) TC Bit 
auger drilling and (b) NMLC rock core drilling techniques from comparable depths within 
immediately adjacent boreholes at a SEQ site. 
 
This chapter constructs a dataset of drill bit ‘refusal’ depths obtained from site investigations 
completed at a number of South East Queensland sites, and compares the recorded ‘refusal’ 
depth with the corresponding results of quantifiable rock properties - such as rock defect 
spacing, rock quality designation (RQD), point load index strength indices (Is(50)) - and the 
results of SPTs completed immediately above the ‘refusal’ depth.  
 
9.3. Site Investigation Study - Borehole Drill Bit ‘refusal’ depth compared to material 
parameters 
 
In order to compare material properties that can be inferred from the level of drill bit ‘refusal’ 
several hundred site investigation reports were data mined for appropriate results. Note that 
this was data gathering process was commenced by others, as part of a final-year 
undergraduate thesis (Priddle, 2012), under the co-supervision of the author (previously 
detailed in Chapter 2). The source of the available site investigation reports was data 
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available from site investigations undertaken for the Queensland Department of Transport 
and Main Roads (QTMR). 
 
The constructed database analysed by this study included details of investigations related 
to 33 sites, in which details of the depth at which various drill bits were recorded to ‘refuse’ 
within residual soil profiles. In order for a record to be included in the database, the borehole 
was required to have been continued beyond the depth of noted ‘refusal,’ such that details 
of the recovered rockmass (e.g. strength, defect spacing, RQD and weathering state) were 
also reported. If any debate about the origin of profile present at the site (i.e. residual or non-
residual), or if no note of observed drill bit refusal was included, the record was excluded in 
an attempt to maintain the integrity of the database. 
 
For each record of drill bit refusal, the following details were included, where available, within 
the compiled database: 
 Location (Project Name) 
 Borehole ID 
 Drilling Rig Type 
 Drill Bit Type 
 Material 
 Weathering State 
 SPT N Value 
 Point Load Index (Is(50)) 
 Rock Quality Designation (RQD) 
 Defect Spacing 
 
Note that the details of insitu or rock strength tests (SPT or Is(50)) were included only if the 
test was completed within 0.5m of the noted drill bit ‘refusal’, such that the result would 
reflect the condition of the material at the logged interface or ‘refusal’ depth. 
 
The dataset was also filtered by drill rig size and the results presented herein relate solely 
to large drilling rigs (i.e. rigs greater than 10 tonnes), as drill rigs of such size are currently 
typically utilised by the geotechnical industry in QLD to complete boreholes that extend into 
rock materials. Smaller drilling rigs (e.g. 4WD mounted drill rigs), although common, are 
generally limited to shallow soil investigations associated with residential site classification 
or near-surface work that does not penetrate to a great depth into the residual soil / weak 
rock profile. 4WD drill rigs have a limited reach of approximately 6m, and would not typically 
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possess rock coring capabilities. Thus, only limited data relating to rock strength or 
weathering profile underlying the ‘V’ or ‘TC’ drill bit refusal would be returned for sites 
investigated by 4WD mounted drill bits. 
 
For the 33 sites that were included in the dataset, a total of 370 records were included. Table 
9.1 summarises the number of records associated with each insitu test, and identifies the 
material properties assessed by this study. 
 
Table 9.1. Details of size of constructed dataset, by parameter 
Parameter Total Records 
Drill Bit Type 370 
Material Type 370 
Weathering State 327 
SPT ‘N’ Value 294 
Point Load Index (Is(50)) 155 
Rock Quality Designation (RQD) 190 
Defect Spacing 170 
 
9.4. Drilling techniques considered 
 
Several different drill bits are used throughout the completion of a single borehole.  These 
may include auger drilling with ‘V’ or Tungsten Carbide (TC) bits, or wash boring via use of 
a rotary blade, drag or rotary tricone / rock roller bits. The selection of the drill bit utilised 
during drilling is generally left to the discretion of the drilling operator such that the optimum 
rate of penetration rate may be achieved, and is based on the driller’s assessment of the 
strength and types of soil or rock being penetrated. As a driller aims to avoid wear and tear 
on equipment, they generally select and change drilling bits based on what they perceive as 
drilling resistance, which is inferred by the thrust of the equipment.  
 
The study completed considered the refusal depth associated with four (4) drilling bits – (i) 
Auger ‘V’ bit; (ii) auger ‘TC’ bit; (iii) wash boring rotary / blade bits; and (iv) ‘Rock Roller’ 
(Tricone) bits – that fall into three (3) categories of drill bit typically used within Queensland, 
Australia – (i) Auger; (ii) Rotary; and (iii) Tricone Drill bits. A picture of each drill bit 
considered by this study is included in Figure 9.2.  
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(a) Steel ‘V’ Auger Drill Bit   (b) Tungsten Carbide ‘TC’ Auger Drill Bit 
 
                                     
(c) Drag Drill Bit     (d) ‘Rock Roller’ / Tricone Drill Bit 
(http://www.oilfieldequipments.com)  (from http://www.moabbit.com/) 
 
Figure 9.2. Examples of each drilling bit considered by study. (a) and (b) provided by SEQ 
based drilling contractor; (c) Drag Bit image (from); and (d) Tricone bit image  
 
Table 9.2 defines the number records in the constructed dataset associated with each of the 
four (4) types of drill bit. 
 
Table 9.2. Details of size of constructed dataset, by drill bit 
Drill Bit Type Total Records 
‘V’ Auger Bit 59 
‘TC’ Auger Bit 116 
Drag (Blade) Bit 171 
Rock Roller / Tricone Bit 24 
Total Record 370 
 
The comparatively low quantity of ‘V’ bit refusal records in the constructed dataset can be 
explained due to (a) the ‘V’ bit being typically used with small drilling rigs, many of which do 
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not have rock coring capability; and (b) SEQ drillers often prefer to simply commence drilling 
with the ‘TC’ bit in order to minimise the time associated with repeated drilling bit changes. 
  
Table 9.3 compares the hardness of the materials used to construct the drill bits with that of 
various soil and rock materials. The comparative hardness values of the drilling bit and 
natural soil materials detailed in this table confirms the findings of Chapter 9, in which it 
would be expected that the drill bits would typically penetrate through soil materials and 
display ‘refusal’ within extremely (XW) to highly weathered (HW) rocks. Thus, although it 
would be expected there would be a relationship between the depth of drill bit ‘refusal’ and 
rock strength, observation of drill bit ‘refusal’ would be not enough to provide a sound basis 
for rock strength or weathering assessment when used in isolation. However, when 
combined with other key rock indices, this data may provide an improved basis for the 
assessment of subtle strength change that may occur across the soil / rock interface. 
 
Table 9.3. Comparison of hardness of drill bits with material types  
Material Moh’s Hardness 
‘V’ Auger Bit – Steel Bits (‘V’ Auger) 7 
Tungsten Carbide Bits (TC, Drag and 
Tricone bits) 
9 
Clays (Smectite, Kaolinite, Illite) 2.5 
Basalt With 50% Feldspar 6 
With 50% Mafic 5.5 
Sandstone – With 80% Quartz 7 
 
Beyond the ‘refusal’ depth of these drill bits, rock coring would generally be undertaken. 
Some site investigations aim to commence rock coring as early as possible without 
extending the auger or wash boring bits to refusal. Although rock coring results in the 
recovery of continuous samples, it typically costs four (4) to five (5) times the cost of non-
core techniques (per metre of borehole advancement). There would also generally be 
significant core loss and low RQDs associated with rock coring of soil or highly weathered 
rock material. During rock coring, the selected core cutting bit may include: (a) saw-tooth 
(for soil or very soft rock); (b) carbide (for soft to medium strength rock); or (c) diamond (for 
soft to extremely hard rock). 
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9.5. Drilling ‘refusal’ database 
 
Table 9.4 further details the constructed dataset in terms of the size of the subsets 
associated with each drilling bit ‘refusal’ depth and the available information associated with 
the immediately surrounding rockmass. Specific observations relating to the ‘refusal’ depth 
of each of the considered drill bits and the condition of the surrounding material unit are 
discussed in the following sub-sections of this chapter. 
 
Table 9.4. Details of size of constructed dataset, by drill bit and material parameter 
Drill Bit Type Logged Weathering 
Total 
Records 
SPT PLI 
(Is(50)) 
RQD Defect 
Spacing
‘V’ Auger Bit 
(n = 59) 
Residual Soil 4 4 – – – 
XW Rock 22 21 0 0 0 
HW Rock 32 31 3 3 2 
MW Rock 1 1 0 0 0 
SW Rock 0 0 0 0 0 
‘TC’ Auger Bit 
(n = 116) 
Residual Soil 40 40 – – – 
XW Rock 55 54 3 5 5 
HW Rock 10 9 4 8 6 
MW Rock 7 5 4 7 5 
SW Rock 4 2 4 4 4 
Drag (Blade) Bit 
(n = 171) 
Residual Soil 7 7 – – – 
XW Rock 37 29 17 21 17 
HW Rock 69 40 54 65 57 
MW Rock 50 25 45 50 49 
SW Rock 8 5 7 8 7 
Rock Roller / 
Tricone Bit 
(n = 24) 
Residual Soil 0 0 – – – 
XW Rock 7 7 3 3 3 
HW Rock 7 6 2 5 5 
MW Rock 6 5 4 6 6 
SW Rock 4 3 4 4 4 
 
By frequency, as presented in Figure 9.3, it can be observed that the auger bits recorded a 
higher frequency of ‘refusal’ within either residual soil or XW rock than the harder bits used 
for rotary (wash boring) drilling techniques (i.e. drag / blade or rock roller / tricone bits). This 
is as expected, based on the comparative strength and abrasiveness associated with the 
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variety of bits considered in this study, as identified in Table 9.3. Similarly, the heavier cutting 
mechanisms associated with the rock roller bit, in comparison to the other drilling bits used 
for rotary drilling (i.e. drag / blade bit), increased the frequency at which Moderately 
Weathered (MW), Slightly Weathered (SW) or Fresh (FR) rock materials were penetrated 
before drill bit ‘refusal’ was observed. 
 
 
Figure 9.3. Comparison of frequency of state of material (soil or rock weathering state) at 
which drill bit refused, based on reviewed borehole logs 
 
9.6. ‘V’ Auger Bit Refusal 
 
Figure 9.4 displays a histogram of the dataset (n = 57) of observed ‘V’ bit ‘refusal’ compared 
to the categorised results of SPTs conducted immediately adjacent to the observed refusal. 
The data includes observations made across all residual soil and rock material units.  
 
 
Figure 9.4. Histogram of results of SPTs completed immediately adjacent to recorded 
depth of ‘V’ Bit ‘refusal’. All soil and rock materials shown (n = 57).  
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By application of statistical ‘goodness of fit’ tests (i.e. Kolmogorov-Smirnov, Anderson-
Darling and Chi-squared tests), a log-logistic probability distribution function (PDF) was 
determined to best fit this data. However the more familiar Log Normal function was also 
determined to provide a reasonable fit. Figure 9.5 presents both the Cumulative Distribution 
Function for the Log Normal and normal functions fitted to the SPT dataset, and indicates 
errors that may occur if the normal distribution is used (e.g. a negative SPT result of N = -
62 would be produced for the 10th percentile value if a normal function is – incorrectly – 
adopted to describe the dataset).  
 
 
Figure 9.5. Histogram of results of SPTs overlain with fitted Cumulative Distribution 
Functions (CDFs) for ‘V’ Bit ‘refusal’. All soil and rock materials shown (n = 57).  
 
The mean and median SPT ‘N’ value corresponding to bit refusal of the ‘V’ bit dataset was 
N = 127 and N = 80, respectively. Based on a statistical analysis that adopted a Log Normal 
distribution function, the range of 24 ≤ N ≤ 274 was found to cover 80% of the dataset (i.e. 
10% lowest and 10% highest values omitted). This range equated to a linear multiplier of 
approximately 11, however a large proportion of this range was due to the extrapolation of 
‘N’ values from discontinued SPTs – defined either as (a) >30 blows for <150mm penetration 
as per AS1289.6.3.1–2004; or (b) hammer bounce (in which a value of N = 500 was 
assumed). A concentration of data between the 10th percentile (N = 24) and the median (N 
= 152) was also observable in Figure 9.5 (n = 44, or 77% of total dataset). This was 
interpreted to suggest that ‘V’ bit refusal could be expected to generally occur within this 
isolated range of SPT ‘N’ values, which would also limit the multiplier that covers the SPT 
‘N’ range observed at the depth of ‘V’ bit refusal to 6. 
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The only other significant dataset – defined for this study as n ≥ 10 – that could be isolated 
that related to the location of ‘V’ bit refusal was SPT data correlated to rock weathering 
classes. As shown in Table 9.5, general statistics relating to materials classified as XW or 
HW could also be determined, again defined using a Log Normal distribution (which 
demonstrated a superior fit to the use of a normal distribution). These values indicated a 
general increase (approximate doubling) in both the characteristic SPT value as the 
weathering state decreases, and a widening of the range associated with the reported N 
values. This result was as expected, as a residual profile exhibits a general strength increase 
with depth, and was in line with magnitude of change in the Vs results for SEQ sites 
previously reported in Chapter 8. The widened range was considered to be due to the lack 
of ‘seating’ and ‘drive’ data reported with SPTs terminated prior to full penetration, such that 
the extrapolated N* values increase the overall range of results, as previously identified in 
Chapter 8. 
 
Table 9.5. Percentiles of SPT N data based on fitted PDFs – ‘V’ Auger Drill Bit 
  Material Unit No. of Records (n) 
SPT ‘N’ Value Percentile (Log Normal PDF) 
10th 25th 50th 75th 90th Mean 
All Soil / Rock 57 24 42 80 152 274 127 
XW Rock 21 20 33 58 102 171 82 
HW Rock 31 50 76 118 186 278 148 
 
9.7. Tungsten Carbide (TC) Bit Refusal 
 
As per the same methodology adopted for the ‘V’ Bit dataset, Table 9.6 presents a summary 
of the key statistics relating to this dataset when the data is categorised into various soil and 
rock materials. The dataset comparing TC Bit refusal to inferred SPT ‘N’ values (n = 110) 
and fitted CDFs (Log Normal and normal functions) are displayed in Figure 9.6. 
 
Table 9.6. Percentiles of SPT N data based on fitted PDFs – TC Auger Drill Bit 
Material Unit No. of Records (n) 
SPT ‘N’ Value Percentile (Log Normal PDF) 
10th 25th 50th 75th 90th Mean 
All Soil / Rock 110 19 34 65 125 223 103 
Residual Soil 40 12 18 28 43 64 35 
XW Rock 54 40 57 84 123 173 98 
All Rock 70 41 64 105 176 276 140 
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Figure 9.6. Histogram of results of SPTs overlain with fitted Log Normal and normal 
Cumulative Distribution Functions (CDFs) for depth of TC Drill Bit ‘refusal’ observations. All 
soil and rock materials shown (n = 110).  
 
The comparatively low ‘N’ values associated with the ‘residual soils’ material category may 
be due to premature exchange of the TC bit (i.e. prior to bit refusal) with a rotary blade or 
drag bit. Such a change may have been completed such that wash boring drilling techniques 
could be commenced in preference to auger drilling. Thus the ‘N’ values correlated with TC 
bit ‘refusal’ was, for this case, considered to be associated with a drill bit change associated 
with maximising the drilling penetration rate rather than true TC drill bit ‘refusal’. 
 
Of the 70 data records for which the TC bit  ‘refused’ within rock material, 77% occurred 
within extremely weathered (XW) material, 13% within highly weathered (HW) material and 
7% within a moderately weathered (MW) rock mass. The remaining 3% recorded refusal in 
slightly weathered (SW) to fresh (FR) rock. The fitted Log Normal and normal CDFs for the 
‘rock’ material dataset are shown in Figure 9.7, with the relevant percentile SPT results for 
this composite material unit also included in Table 9.6 (‘All Rock’). 
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Figure 9.7. Histogram of results of SPTs overlain with fitted Log Normal and normal 
Cumulative Distribution Functions (CDFs) - TC Drill Bit ‘refusal’ observations in rock 
materials only (n = 70).  
 
The dataset of TC bit refusal within rock materials (n = 70) could also be further divided 
based on material origin. As shown in Table 9.7, there appeared to no significant difference 
in the characteristic ‘N’ values obtained based on rock material type. This was interpreted 
to indicate that all rock material data could be considered as a single dataset – regardless 
of parent rock type – and that for the SEQ sites considered the origin of the parent rock did 
not produce any significant difference in rock strength for the interval able to be penetrated 
by the TC bit. From this data it has been interpreted that the ‘TC’ bit can be typically expected 
to ‘refuse’ (or provide less efficient penetration) once rock materials exhibiting N ~ 100 are 
encountered (using a large drilling rig). 
 
Table 9.7. Percentiles calculated for SPT N data based on material origin 
Material Origin No. of Records (n) 
SPT ‘N’ Value Percentile (Log Normal PDF) 
10th 25th 50th 75th 90th Mean 
Sedimentary / 
Metamorphic 49 40 63 105 173 272 138 
Igneous 21 41 65 109 183 290 148 
 
The SPT data presented in Table 9.7 also highlights the deficiency when SPTs are 
terminated at N = 50. This threshold may be meaningful in ‘soil’ material (e.g. very dense 
sands) but in residual soils tending to rock the interquartile range, and thus strength value, 
increases by over three (3) times between the 25th and 75th percentile, and all such SPT 
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values exceed the N = 50 threshold. Thus, the use of N = 50 would add to the disconnect 
between the strength continuum of ‘soil’ and ‘rock’ materials, by producing weaker strength 
parameters (SPT:su or SPT:UCS multipliers) that that actually encountered insitu. Such a 
large change in the SPT N across the interquartile range also suggests that for many cases 
the material strength parameter has been under- or over-predicted when a single SPT:UCS 
multiplier is adopted, and that a single SPT N value cannot be considered representative of 
the heterogeneous insitu material conditions present across SEQ sites. 
 
In the isolated cases (n = 4) where rock coring was completed immediately below the TC bit 
‘refusal’ within XW rock material, RQD values of between 24% and 95% were recorded 
(average = 61%). Such RQDs existing immediately below the level of bit ‘refusal’ suggest 
that use of an XW classification for such material was largely incorrect, as XW rock should 
be weathered to such an extent that it displays ‘soil’ materials, as per the definition included 
in Table A9 of AS1726-1993. This incorrect assessment of weathering state has been 
previously described by Look (2004), and may be responsible for the incompatible design 
parameters associated with highly weathered rock presented by geotechnical engineers. 
This incorrect field assessment also highlights the difficulty of standardising or assessing 
the magnitude of the change within material properties across the soil / rock transition zone. 
 
For all other recorded parameters within recovered rock core, small datasets (15 ≤ n ≤ 24) 
could be created once an ‘all rock’ material unit was established (i.e. regardless of logged 
weathering state). For limited cases (n = 15), a Point Load Index (PLI) test was completed 
immediately below the depth of TC bit refusal.  The distribution of standardised PLI results 
(i.e. Is(50)) for this dataset is plotted in Figure 9.8. Using the fitted PDF (Log Normal function), 
the mean and median for the dataset was calculated to be 2.7 MPa and 0.35 MPa 
respectively. Table 9.8 describes the characteristic Is(50) values for various percentiles using 
the fitted (Log Normal) PDF. Table 9.8 also includes the corresponding percentile values 
that would be calculated in a normal distribution had been adopted.  
 
Table 9.8. Percentiles calculated for Point Load Strength Index test results (Is(50)) based on 
PDFs fitted to dataset – TC Auger Drill Bit 
 Material 
Unit 
Fitted Distribution 
Type 
Is(50) (MPa) Value Percentile 
10th 25th 50th 75th 90th Mean 
All Rock 
(n = 15) 
Log Normal 0.03 0.09 0.35 1.4 4.6 2.7 
Normal -1.2 0.15 1.6 3.1 4.4 1.6 
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Figure 9.8. Histogram of results of Point Load Index (PLI) testing (Is(50)) and fitted CDF 
(Log Normal and normal distribution functions) of dataset completed upon rock core 
recovered immediately below TC bit ‘refusal’ (n = 15). 
 
For the median N value at which ‘TC’ bit refusal within rock materials was observed was N 
~ 100. Adopting an approximate correlation of UCS = 10 x Is(50), a characteristic UCS of 
3.5MPa would be obtained from the median SPT result. Accordingly, a direct N to UCS 
multiplier of approximately 35N would be appropriate to relate the median values of the 
compiled SPT and Is(50) datasets. This is significantly above the lower bound relationship 
reported by Clayton (1995), whom suggested UCS of greater than 10N for weak rocks. The 
conservatism of the Clayton (1995) relationship was highlighted by Look (2004), who instead 
suggested an N to UCS multiplier of 30 to 40 – for medium to high strength rocks respectively 
– as observed at the coring interface. Such a multiplier would appear to be confirmed by the 
current datasets, if median to median values are being compared. It is also noted that for 
the Log Normal distribution the median Is(50) value (0.35MPa) represents a medium strength 
rock. 
 
However, if other characteristic SPT and PLI values are compared (e.g. 25th or 75th 
percentiles), or the normal distribution function adopted used to characterise the PLI dataset 
instead of a skewed PDF (in this case a fitted Log Normal distribution), the SPT N to UCS 
multiplier could vary dramatically, from approximately 7 to in excess of 190. This variability 
was again considered to highlight the limitations of the existing Australian Standard relating 
to the completion of the SPT to acquire the N values within weak rock materials. 
 
The distribution of RQD values, reported as a percentage, for data in which RQD values 
were recorded immediately below the depth of TC bit ‘refusal’ is presented in Figure 9.9(a) 
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(n = 24). From both visual inspection and PDF fitting of a ‘uniform’ function, it was observed 
that the frequency of data is spread consistently across all RQD values, and thus no obvious 
relationship was interpreted to exist between RQD and depth of the TC bit ‘refusal’. The 
logged defect spacing of rock materials was similarly examined (n = 20) for the depth of TC 
bit ‘refusal’. A Weibull PDF was fitted to this dataset, and the mean and median defect 
spacing was assessed to be 200mm and 120mm respectively. The categorised frequency 
distribution of the defect spacing data and fitted CDF are presented in Figure 9.9(b). 
 
 
(a)          (b) 
Figure 9.9. Histogram and CDF of (a) RQD values (n = 24); and (b) Defect Spacing (n = 
20) of rock core recovered immediately below TC bit ‘refusal’.  
 
9.8. Wash Boring (Rotary Blade or Drag) Bit Refusal 
 
The wash boring dataset, composed of rotary and drag drilling bits, was the largest 
constructed for this study (n = 171). As per the methodology adopted previously, the SPT 
result associated with the depth of drilling bit refusal was determined, with the results 
presented by material weathering state in Table 9.9. This data, as per previous drill bits and 
as expected for a residual profile, displayed a general increase in SPT result as the degree 
of rock weathering decreased. Log Normal PDFs were again found to best describe the 
collated datasets. 
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Table 9.9. Percentiles calculated for SPT N data based on PDFs fitted to dataset – Rotary 
Drilling Bits 
Material Unit No. of Records (n) 
SPT ‘N’ Value Percentile (Log Normal PDF) 
10th 25th 50th 75th 90th Mean 
All Soil / Rock 106 40 61 99 161 248 128 
XW Rock 29 31 50 87 151 247 121 
HW Rock 40 47 70 109 172 257 136 
MW Rock 25 64 88 124 175 239 141 
All Rock 99 44 66 105 165 239 131 
 
The weathering classification of rock material at which the drill bit refused varied 
predominantly between XW and MW rock, however the median SPT N value varied over 
this interval only between N = 87 and N = 124 (i.e. ±17.5% about N = 106). This variation is 
within the range typical of SPTs, as defined by Phoon and Kulhawy (1999), and suggests 
the rock strength – as inferred by the SPT results – could be the primary parameter that 
could be used to define the depth of penetration of wash boring drill bits. Reversing this 
logic, if refusal of such a drill bit is observed, then a median SPT value of N = 105 could be 
assumed.  
 
Statistics similar to those produced for the SPT results were determined for the subset of 
RQD, PLI (Is(50)) and defect spacing data associated with the wash boring drill bit dataset, 
as presented in Table 9.10 through Table 9.12 respectively. 
 
RQD data shows no uniform relationship associated with the depth of drill refusal or logged 
weathering class, other than a distinct increase in relative statistics associated with the MW 
rock weathering state. When the full dataset (n =144) is plotted, as shown in Figure 9.10, 
there is a distinct two-tailed effect, in which the highest frequency logged values are distinctly 
RQD = 0% or 100%. Other than these two (2) extreme values, the frequency of data was 
observed to be spread approximately evenly across the other RQD intervals analysed (5% 
increments). This was interpreted to suggest that the RQD of the rockmass did not have a 
significant influence on the penetration depth of the rotary drilling bits. 
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Table 9.10. Percentiles calculated for RQD data based on PDFs fitted to dataset – Rotary 
Drilling Bits 
Material Unit 
(Fitted PDF) 
No. of 
Records (n) 
RQD (%) Value Percentile (varying PDF) 
10th 25th 50th 75th 90th Mean 
XW Rock 
(Uniform Dist.) 21 -23 0 39 77 100 39 
HW Rock 
(Normal Dist.) 65 -14 8 33 58 81 33 
MW Rock 
(Johnson SB) 50 2 11 53 93 100 52 
All Rock 
(Johnson SB) 144 0 3 30 85 99 42 
 
 
Figure 9.10. Histogram and PDF of recorded RQD values of rock core recovered 
immediately below rotary bit (Blade or Drag bit) ‘refusal’ (n = 144). 
 
Table 9.11 details the statistics of rock strengths, as determined by PLI testing, calculated 
for each rock weathering class and as a composite ‘all rock’ material unit (i.e. all weathering 
classes combined). Using the median values from the fitted distributions, it appears that the 
XW rock corresponds to very low strength rock, whilst highly weathered and moderately 
weathered rock materials were typically low and medium strength respectively. This is 
considered to be consistent with the strength increase generally accepted to occur through 
a normal weathering profile. 
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Table 9.11. Percentiles calculated for Point Load Strength Index test results (Is(50)) based 
on PDFs fitted to dataset – Rotary Drilling Bits 
Material Unit No. of Records (n) 
Is(50) (MPa) Value Percentile (Log Normal PDF) 
10th 25th 50th 75th 90th Mean 
XW Rock* 17 0.01 0.02 0.05 0.09 0.13 0.06 
HW Rock 54 0.04 0.08 0.17 0.36 0.69 0.31 
MW Rock 45 0.04 0.12 0.34 1.02 2.67 1.23 
All Rock 123 0.03 0.08 0.20 0.54 1.29 0.57 
*XW Rock was fitted with a Weibull PDF, in preference to a Log Normal distribution 
 
Table 9.12 details the statistical values based on the recorded defect spacing for rock 
materials recovered immediately beneath the ‘refusal’ depth of rotary drilling bits. Figure 
9.11 displays the CDF fitted to the composite ‘all rock’ unit (n = 130), along with the maximum 
and minimum bounds defined by the fitted CDFs for individual weathering units. 
 
Table 9.12. Percentiles calculated for logged defect spacing based on PDFs fitted to 
dataset – Rotary Drilling Bits 
Material 
Unit 
No. of 
Records (n) 
Defect Spacing (mm) Percentile (Log Normal PDF) 
10th 25th 50th 75th 90th Mean 
XW Rock 17 10 30 95 315 920 455 
HW Rock 57 20 40 80 160 295 135 
MW Rock 49 45 75 140 250 430 205 
All Rock 130 25 50 105 230 460 205 
 
 
Figure 9.11. Range of fitted Cumulative Distribution Functions (CDFs) for defect spacing 
below rotary bit (Blade or Drag bit) ‘refusal’ (n = 130). 
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Defects are often logged into intervals of ‘defect spacing,’ such as: 
 ≤ 20mm = ‘Extra closely spaced’ defects 
 20 – 60mm = ‘Very closely spaced’ defects 
 60 – 200mm = ‘Closely spaced’ defects 
 200 – 600mm = ‘Widely spaced’ defects 
 600mm = ‘Very widely spaced’ defects 
 
Thus, based on the statistical distribution of the defect spacing records, the ‘refusal’ depth 
of the rotary drill bit predominantly occurs if the rockmass has ‘closely spaced’ defects or 
worse (i.e. logged spacing of ≤ 200mm). 
 
As previously identified, the results of SPT penetration tests are commonly used to estimate 
material strength for non-rock cored materials. Similarly, the Point Load Index is completed 
on rock samples and typically correlated with intact rock strength (UCS). Accordingly, where 
pairs of SPT and Is(50) data existed in close proximity, measures of a materials strength both 
immediately above and below the depth of ‘refusal’ of the drill bit were available. For the 
dataset compiled for rotary drilling methods, 62 records were available where both SPT and 
Is(50) results existed. Figure 9.12 plots these data pairs, and shows no obvious correlation 
between the results obtained by these two (2) tests. However, although no identifiable 
relationship between the two (2) tests was observed to exist, a distinct grouping of SPT 
values across the range of 50 ≤ N ≤ 150 and PLI results within 0.0 MPa ≤ Is(50) ≤ 0.3 MPa 
was identified. Data pairs that fell into such ranges represented 68% of the total dataset, 
and are shown in Figure 9.12(b). 
 
 
Figure 9.12. Data pairs of results of SPT and Point Load Index tests completed either side 
of rotary drill bit refusal depth (n = 62). 
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From Figure 9.12, it was again identified that incongruence exists between results of tests 
commonly used to infer strength parameters. This observation would suggest that either or 
both; (a) the SPT, as completed as per AS2819.6.3.1 methodology, is not sensitive enough 
to allow the extrapolation of N values into the range required for characterisation of weak 
rock materials; or (b) the PLI test is not suitable to be used on weak rock materials, as 
previously suggested by Bieniawski (1974). Alternatively, the observation of the lack of an 
identifiable SPT:Is(50)  relationship for this data may also identify that each of these tests are 
significantly different – the SPT being an insitu penetration test whilst the PLI is a 
compression test completed on intact rock material samples only. 
 
Look and Seidel (2015) compared digital measurement of the SPT penetration against 
manual chalk marking and visual counting of the test. It was reported that for high SPT N 
values (i.e. towards N = 50, or discontinued SPTs) a 20% error in the reported SPT result 
can be expected. Additionally, Australian Standards do not mandate any subsequent energy 
correction or normalisation of SPT results, which is a direct contrast to many equivalent 
international standards. 
 
Figure 9.13 and Figure 9.14 display the data pairs of the rotary drilling dataset comparing 
the logged RQD values with SPT and Is(50) test results respectively. As per the Is(50) and SPT 
comparison, no association between the results of either test could be observed within these 
figures, indicating that each parameter should be considered in isolation when assessing 
the material condition at which the rotary drilling bit refused.  
 
 
Figure 9.13. Data pairs of results of SPT and RQD of rock core completed either side of 
rotary drill bit refusal depth (n = 79). 
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Figure 9.14. Data pairs of results of standardised PLI testing and RQD of rock core 
completed either side of rotary drill bit refusal depth (n = 121). 
 
9.9. Rock Roller (RR) / Tricone Bit Refusal 
 
The dataset included 24 records of boreholes that were extended through residual soil and 
soft rock until effective Rock Roller (RR) ‘refusal’ was observed. Unlike the other drilling bits 
considered, no record of ‘refusal’ within ‘soil’ materials was observed (when the RR bit was 
employed until an effective ‘refusal’ depth was noted). This suggests that comparatively, 
with all other material conditions being equal, the RR bit would be expected to penetrate 
through the strongest rock material. Assuming a general material strength increase with 
depth, the use of the RR bit would also produce the deepest borehole prior to ‘refusal’. 
 
As per the previous types of drilling bits discussed, a distribution function has been fitted to 
the relevant results of the SPTs, PLIs, and the recorded RQD and defect spacing values. 
As the data attributable to each individual weathering class was limited (n < 10), only a 
composite ‘all rock’ class was considered for the RR dataset. Table 9.13 details the statistical 
percentiles calculated using the fitted distributions.     
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Table 9.13. Percentiles calculated for various material parameters based on PDFs fitted to 
dataset – Tricone Drill Bits 
Parameter / 
Test  
(Fitted PDF) 
No. of 
Records 
(n) 
Defect Spacing (mm) Percentile (Log Normal PDF) 
10th 25th 50th 75th 90th Mean 
SPT (N) 
(Log Normal) 21 72 84 118 200 372 198 
Is(50) (MPa) 
(Log Normal) 13 0.09 0.13 0.30 1.04 3.67 2.41 
RQD (%) 
(Uniform) 18 -14 4 35 66 85 35 
Defect Spacing 
(mm) 
(Log Normal) 
18 34 50 92 204 448 211 
 
9.10. Comparison of Material Parameters at Drilling Bit ‘Refusal’ 
 
Based on the dataset and fitted distribution functions derived for each drilling bit category, 
the descriptive statistics calculated for each material parameter were subsequently 
compared to assess and quantify material parameters, and variation thereof, that may be 
expected to be observed at the depth of ‘refusal’ of each drilling bit. Each material parameter 
is considered individually in the following sub-sections of this chapter. 
 
9.10.1. Standard Penetration Test (SPT) 
 
Of the four (4) categories of drilling bits considered and for all the calculated statistical 
methods, the Rock Roller (Tricone) drilling bit demonstrated ‘refusal’ at the highest SPT N 
value. When the full dataset associated with each drill bit category was considered, as 
shown in Figure 9.15, the ranking of drilling bit ‘refusal’ was consistently shown, in order of 
lowest to highest SPT value at depth of ‘refusal’: 
 
 V Bit – Auger Drilling 
 Tungsten Carbide (TC) Bit – Auger Drilling 
 Blade or Drag Bit – Wash Boring / Rotary Drilling  
 Rock Roller Bit – Wash Boring / Rotary Drilling 
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Figure 9.15. Comparison of percentiles of SPT N values calculated for the depth of refusal 
of each drill bit category (based on fitted distribution functions). 
 
Considering the various percentile thresholds determined using CDFs fitted to each dataset, 
the comparative penetration achieved by each bit type could also be calculated. These 
values, reported as a percentage normalised to the maximum SPT value (i.e. Rock Roller 
bit), are shown in Table 9.14 and shown conceptually in Figure 9.16. 
 
Table 9.14. Comparative range and average of SPT N at refusal depth (standardised to 
values provided by Tricone drill bit) 
Drilling Bit Range  (% of Tricone) 
Average  
(% of Tricone) 
Equivalent median 
SPT ‘N’ at refusal 
depth* 
V Bit – Auger 33 – 76% 60% 72 
TC Bit – Auger 57 – 89% 77% 92 
Blade / Drag Bit – 
Rotary Drilling 56 – 84% 72% 86 
Rock Roller (Tricone) – 
Rotary Drilling 100% 100% 120 
*Value is calculated using comparative average values and median SPT ‘N’ at depth of Rock Roller 
bit refusal 
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Figure 9.16. Comparative median SPT N observed at depth of bit refusal for each drill bit 
category considered (based on fitted distribution functions).  
 
It has been shown by Adams et. al. (2010) that likely pile refusal of octagonal pre-stressed 
concrete (PSC) piles in SEQ (450mm to 550mm diameter,  driven to a set of less than 5mm 
per blow) occurs at the depth where the extrapolated SPT N value is approximately 100 and 
150 for sandstones and shales, respectively. From the data considered in this study, such 
N values corresponds approximately to the median and average values of SPT completed 
immediately prior either the TC drilling bit ‘refusal’ depth (n = 70, ݔ෤ = 105, ̅ݔ = 140) or wash 
boring drilling bit refusal (n = 106, ݔ෤ = 99, ̅ݔ = 128). Thus, as an initial estimate, driven PSC 
pile refusal could be inferred to correspond to the depth at which TC auger or rotary drilling 
bits were observed to ‘refuse’ during fieldwork. By comparison, the depth at which tricone 
bits were observed to ‘refuse’ may overestimate the depth achievable during pile driving 
operations (n = 21, ݔ෤ = 118, ̅ݔ = 198). 
 
9.10.2. Point Load Strength Index Testing (Is(50)) 
 
The comparative results of the Point Load Index (PLI) testing completed upon intact rock 
core recovered immediately below the depth of drill bit refusal are presented in Table 9.15 
(as values normalised to the RR drilling bit data) and graphically in Figure 9.17. Although 
augers fitted with V auger bit did penetrate into material logged as XW and HW rock, only a 
very limited Is(50) dataset was available (n = 3). Thus this drill bit type was not considered in 
the comparison of drill bit penetration based on rock strength. Similarly, it was noted that 
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size of the wash boring dataset (n = 123) was an order of magnitude larger than that 
available for either the TC auger or Tricone drilling bit categories. 
  
Table 9.15. Comparative range and average of Point Load Strength Index (Is(50)) tests 
completed immediately below refusal depth (standardised to values provided by Tricone 
drill bit) 
Drilling Bit 
No. of 
Records 
(n) 
Range  
(% of Tricone) 
Average  
(% of Tricone)
Equivalent 
median Is(50) at 
refusal depth* 
TC Bit – Auger 15 33 – 135% 96% 0.29 
Blade / Drag Bit – 
Rotary Drilling 
123 33 – 67% 50% 0.15 
Rock Roller 
(Tricone) – Rotary 
Drilling 
13 
100% 100% 0.30 
*Value is calculated using comparative average values and median Is(50) at depth of Rock Roller / 
Tricone bit refusal 
 
 
Figure 9.17. Comparison of percentiles of standardised results of Point Load Strength 
Index (Is(50)) of rock encountered immediately below the depth of refusal of each drill bit 
category (based on fitted distribution functions). 
 
The results indicate that the rock strength able to be penetrated by both the TC auger bit 
and rock roller bit are approximately equal, with both bits indicating that a median Is(50) value 
at the depth of refusal corresponding to a ‘medium strength’ rock (approximately 0.3 MPa to 
1.0MPa), and an mean value within the range expected for ‘high strength’ rock (1.0 MPa < 
Is(50) ≤ 3.0 MPa. The blade and drag bits associated with rotary drilling indicated a slightly 
lower median value (0.20 MPa), which corresponds to a ‘low strength’ rock, and the higher 
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statistical levels (i.e. mean, upper quartile and 90th percentiles) associated with wash boring 
remained comparatively lower than those demonstrated by the TC and RR bits.  
 
The RR bit dataset also did not indicate the same ‘extremely low’ and ‘very low’ strength 
values as shown by the 10th percentile and lower quartile values calculated for the TC auger 
and wash boring drilling bits. This finding suggests that the RR drill bit was able to more 
easily penetrate such weaker rock materials more consistently than either of the other drilling 
bits considered. 
 
The comparative penetration of each drill bit based on rock strength is shown conceptually 
in Figure 9.18.  
 
Figure 9.18. Comparative median Point Load Strength Index (Is(50)) of rock encountered 
immediately below bit refusal for each drill bit category considered (based on fitted 
distribution functions).  
 
As evidenced in Figure 9.15 and Figure 9.16, the ‘refusal’ depth of the Blade / Drag Bits 
category was found to be significantly shallower in comparison to the TC and tricone drilling 
bit categories for the median statistical levels and above (i.e. ≥ 50th percentile). This may be 
due to the common use of drilling fluids associated with Blade / Drag drill bits, such that 
when an SPT is completed at the base of the borehole there remains water or drilling muds. 
The presence of such materials may lessen the rate of the SPT sampler penetration, and 
provide higher SPT ‘N’ values than for SPT tests completed with non-fluid filled hole (such 
as for the TC drilling bit and, potentially, the tricone drill bits). Accordingly, if drill bit ‘refusal’ 
was being simply defined as the depth at which N ≥ 50 (or similar) was observed, then such 
a threshold may be crossed at a shallower depth for the Blade / Drag drill bits than when 
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other drill bits were employed. Following this finding, the initial strength observed within the 
subsequent rock core recovered after the conclusion of Blade / Drag bit drilling would be 
comparatively lower that that observed at the commencement of rock coring following the 
‘refusal’ of TC or RR bit drilling. 
 
9.10.3. Rock Quality Designation (RQD)  
 
Figure 9.19 details the comparable RQD statistics calculated for the TC auger, wash boring 
and tricone drill bit categories. For the constructed datasets, the TC auger drill bit appeared 
to be able to penetrate rock materials with comparatively higher RQD values than either the 
rotary or tricone drilling bits.  
 
Figure 9.19. Comparison of percentiles of logged Rock Quality Designation (RQD) of rock 
materials recovered immediately below the depth of refusal of each drill bit category 
(based on fitted distribution functions). 
 
Using the TC drill bit data to normalise the fitted distributions, both of the other drill bit 
categories were only able to penetrate, on average, rock materials with a 40% to 50% lower 
RQD than the TC drilling bit. The difference between these RQD values are shown in Table 
9.16 and Figure 9.20. As previously discussed, this was interpreted to potentially be 
associated with the use of drilling fluids in non-TC bit boreholes, such that rock coring was 
commenced higher within the residual profile (i.e. coring of weaker and more fractured rock 
material). 
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Table 9.16. Comparative range and average of Rock Quality Designation (RQD) values 
from rock core recovered immediately below refusal depth (standardised to values 
provided by TC auger drill bit) 
Drilling Bit 
No. of 
Records 
(n) 
Range  
(% of TC) 
Average 
(% of TC) 
Equivalent median 
RQD at refusal depth* 
TC Bit – Auger 24 100% 100% 50% 
Blade / Drag Bit – 
Rotary Drilling 
144 0 – 110% 58% 29% 
Rock Roller (Tricone) – 
Rotary Drilling 
18 0 – 91% 53% 26% 
*Value is calculated using comparative average values and median RQD at depth of TC bit refusal 
 
Figure 9.20. Comparative median Rock Quality Designation (RQD) of rock materials 
recovered immediately below bit refusal for each drill bit category considered (based on 
fitted distribution functions). 
 
However, as uniform distributions were used to describe the available data – implying an 
approximately equal distribution of values across the full extents of the RQD range – the 
influence that the RQD of the rock material has upon the ability to cause drill bit refusal 
would be considered to be limited, and of secondary importance to the strength of the 
rockmass.   
 
Regardless of the expectation that the RQD or defect spacing of a rockmass would have 
limited influence on the depth of drill bit refusal, and as previously identified in Section 9.8, 
no discernable relationship between the RQD and rock strength (as measured by SPT or 
IS(50) values) could be determined. Thus, there could be no assessment of comparative bit 
penetration or the rock condition at bit ‘refusal’ depth categorised by a multi-variate 
Auger Drilling Bits
Tungsten
Carbide (TC)
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relationship that included both rock strength and rockmass quality (i.e. rocks of 
comparatively higher strength could continue to be penetrated if defect spacing or RQD 
values were sufficiently low). 
 
9.10.4. Average Defect Spacing 
 
From the comparative data presented for defect spacing, as summarised in Figure 9.21, no 
significant difference was found relating to the defect spacing at the depth that each drilling 
bit type refused. 
 
Figure 9.21. Comparison of percentiles of logged defect spacing of rock materials 
recovered immediately below the depth of refusal of each drill bit category (based on fitted 
distribution functions). 
 
Consistent median and average defect spacing of approximately 100mm and 200mm were 
observed across all drill bit types. Completing an analysis of the various percentiles 
calculated for each drill bit – as completed for both the comparable SPT and IS(50) datasets 
– the defect spacing produced for both the TC and rotary drilling bit refusal depth would, on 
average, only vary from the Rock Roller drill bit by 1%. 
 
Based on this data, it was interpreted that there was no difference between the defect 
spacing observed immediately below the ‘refusal’ depth of each drilling bit type. However, 
all drilling bits were effectively limited to approximately 250mm average defect spacing 
within rock materials prior to becoming unable to penetrate the rockmass. 
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9.10.5. Composite Table of Material Parameters 
 
From the completed analysis, a comparative reference of basic statistical values of the four 
(4) material parameters observed at the depth of bit ‘refusal’ for the various drilling bit types 
considered was constructed, as shown in Table 9.17. Note that as the ‘V’ bit was not 
associated with drilling through rock materials, and only has SPT values attributed.  
 
Table 9.17. Summary table of statistical variation (percentiles of fitted PDFs) for various 
material parameters as observed at the depth of drill bit refusal 
Material 
Parameter Drill Bit Type 
Statistical distribution at bit ‘refusal’ depth 
10th 25th 50th 75th 90th Mean 
SPT N 
V Bit – Auger 25 40 80 150 275 125 
TC Bit – Auger  40 65 105 175 275 140 
Blade / Drag Bit – 
Rotary Drilling 40 60 100 160 250 130 
Rock Roller (Tricone) – 
Rotary Drilling 70 85 120 200 375 200 
Point Load 
Index (Is(50), 
MPa) 
TC Bit – Auger  0.03 0.09 0.35 1.4 4.6 2.7 
Blade / Drag Bit – 
Rotary Drilling 
0.03 0.08 0.20 0.5 1.3 0.6 
Rock Roller (Tricone) – 
Rotary Drilling 
0.09 0.13 0.30 1.0 3.7 2.4 
RQD (%) 
TC Bit – Auger  < 10 25 50 75 95 50 
Blade / Drag Bit – 
Rotary Drilling 0 < 10 30 85 100 40 
Rock Roller (Tricone) – 
Rotary Drilling 0 < 10 35 65 85 35 
Average 
Defect 
Spacing 
(mm) 
TC Bit – Auger  15 45 125 270 490 200 
Blade / Drag Bit – 
Rotary Drilling 25 50 100 230 460 205 
Rock Roller (Tricone) – 
Rotary Drilling 35 50 95 200 450 210 
 
9.11. Extension of concept into construction phase  
 
The concept of using such field assessment data has also been extended to the construction 
phase of a project. Where deep (piled) foundations are required, the pile capacity of driven 
piles can be judged during construction; either by the depth to pile refusal or rate of pile 
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penetration. As per Section 10.10.1, an estimate of the driven pile refusal level can be made 
from the results of the insitu (SPT) test data.  
 
Comparatively, for bored piles the type of drilling bit used, the rate of drill penetration and 
the type and size of drilling rig required to complete the excavation could also be used as 
indicators of the strength of subsurface materials. These parameters could potentially be 
used to as QA/QC data to provide confirmation that onsite characteristics are similar to those 
assumed for foundation design. Such drilling rig parameters have not traditionally been used 
to infer subsurface characteristics, as until recently (a) piling rigs have not been routinely 
instrumented, (b) measured information has not been recorded, or (c) the number of project-
specific variables associated with piling operations (e.g. weight of rigs, available torque etc., 
which may vary considerably) clouded the interpretation of the recorded data. 
 
In a separate study completed by the author, drilling rig recorded information (e.g. torque, 
pressure, RPM of auger) and the penetration rate for bored piles within a residual / XW rock 
profile was analysed and used to demonstrate how the properties associated with drilling 
operations could be used to determine site- and equipment-specific correlations with rock 
strength and rock types during the completion of bored piles in weak rock. This study, 
included in Appendix E of this thesis, is considered the construction phase equivalent of the 
drilling bit ‘refusal’ depth versus typical material parameter study. 
 
9.12. Conclusions 
 
Although the interface between soil and weathered rock has not historically been well 
defined, especially within residual soil profiles, there is often a recorded disconnect in 
material properties across the soil-rock interface. This disconnect is commonly exhibited as 
in an instantaneous jump in strength or weathering properties at the depth of a change in 
drilling technique. As identified herein, such jumps are likely attributable to drilling technique 
rather than a dramatic change in insitu condition. The data presented shows that significant 
intervals of ‘rock’ material is commonly drilled before rock coring is commenced or before 
‘refusal’ of drilling bits or SPTs is observed. 
 
This chapter has constructed a dataset of the depth, material type and strength at which 
different types of drilling bits have been observed to ‘refuse’ during site investigations in 
South East Queensland (SEQ). Typical material parameters corresponding to subsurface 
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conditions at drill bit ‘refusal’ level has been identified, and correlation between refusal and 
strength (SPT N and Is(50)) or defect spacing have been presented. It was also observed that 
some (PSC) pile driving refusal depths approximately correlate to TC bit refusal. 
 
As the depth of drilling bit refusal provides useful information for interpreting insitu material 
properties and likely pile toe levels, it is thus recommended that: (a) the drilling supervisor 
should ensure different drill bits are used until bit ‘refusal’ is observed; and (b) bore logs 
should include this information, as well as details regarding the weight and size of drilling 
rig. From this information and the data presented within the Chapter, assessment of likely 
material properties at the depth of drill bit refusal can be estimated for SEQ materials. An 
initial assessment of the SPT N, Is(50), RQD and defect spacing present at the ‘refusal’ depth 
is presented in Table 9.17 for the four (4) types of drilling bits considered by this study. 
 
The use of the data contained within Chapters 8 and 9 of this thesis should be used by a 
geotechnical engineer to assist both in design – for guidance in the determination of suitable 
design parameters across the weak / weathered rock profile common throughout SEQ – and 
in the scope of geotechnical site investigations. Both the suitability of, and typical material 
condition at penetration ‘refusal’, of various investigation techniques have been presented, 
and this information should be used to select appropriate methods that will provide  suitable, 
project-specific, site characterisation.  
 
For example, the proposed foundation type (shallow, driven or bored piles) or project type 
(road cutting, embankment, building foundation) will likely dictate the ‘focus’ of the 
geotechnical assessment (e.g. driven pile refusal, rock socket rockmass characteristics, 
excavatability assessment), and this ‘focus’ should be used in conjunction with the 
information contained within Chapters 8 and 9 of this thesis to select an appropriate 
investigation technique that would provide suitable penetration.  
 
Additionally, this study has confirmed the scope to enhance the usefulness of the SPT ‘N’ 
value by the alteration of the Australian Standard in line with other international standards 
(e.g. British / European or ASTM standards). Recommended changes would include (a) 
allowing a higher number of hammer blows prior to test ‘termination’ such that rock 
properties could be inferred with greater certainty; and (b) the mandating of energy 
corrections be applied to the SPT results prior to their reporting, such that standardised 
results were reported. 
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10. CHAPTER 10.  Characteristic strength and anisotropic properties of rock 
units in SEQ 
10.1. Introduction 
 
Previous chapters of this thesis have considered ways of investigating and determining 
material parameters across the various phases contained within SEQ residual and weak 
rock weathering profiles. Chapters 3 to 7 considered the near-surface residual soil materials, 
whilst the preceding two (2) chapters presented aspects of site investigation techniques, 
and inferred material properties,  that could be employed across the transition zone of a 
residual profile, over which soil materials gradationally become dominated by weak rock. 
 
As presented in Chapter 9, soil drilling methods – regardless of the type of drill bit used – 
will generally refuse within ‘low’ to ‘medium’ strength rocks. Below the depth of drilling bit 
refusal, geotechnical investigations are largely limited to the recovery of rock material via 
rock core drilling techniques. Accordingly, for the weathering profiles common within SEQ, 
a length of rock core is typically obtained once ‘refusal’ of the rotary drilling technique or 
tricone drilling bit has been observed onsite.  As with a typical weathering profile, the 
recovered rock core generally displays a decrease weathering effects with depth, and an 
associated increase in intact rock strength. 
 
This chapter provides guidance on the comparable strength of SEQ rock units, and the 
variation of material strength over the extent of the weathering profiles encountered during 
rock core drilling. Based on the availability of data, the comparable measure used for 
assessing rock strength were the results of Point Load Index (PLI) strength testing 
completed on intact rock core samples. 
 
As identified in Leroueil and Vaughan (1990), the presence of an anisotropic property could 
be expected to exist within some portion of residual profiles, either inherent to the parent 
rockmass or caused by weathering processes. An assessment detailing the magnitude and 
extent of such an anisotropic property across the weathering profile and rock materials of 
SEQ was the secondary outcome of this study.  
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10.2. Study Objectives 
  
The two (2) primary objectives of this study were to: 
(a) Ascertain typical, and comparable, PLI values of various rock types throughout SEQ; 
and 
(b) Identify the presence and magnitude of typical anisotropic properties within the same 
rock units.  
 
The SEQ site investigations used to provide data for this study generally involved the 
penetration of the full weathering profile of the rock material. Accordingly, both of the two (2) 
primary objectives could be further extended and applied to various intervals of the 
weathering profile, such that additional objectives to be met by this study: 
(c) Relate rock strength to weathering classification, and determine typical PLI values for 
various weathering classes of each rock type; and 
(d) Quantify the anisotropic property present within each weathering class, and identify 
any trend of the variation of this property over the extent of the weathering profile 
assessed. 
 
10.3. The Point Load Index (PLI) Test 
 
Rock strength testing completed for this study was comprised solely of PLI testing. All PLI 
testing was undertaken in general accordance with the relevant Australian Standard – 
AS4133.4.1-1993 – and utilised a commercially available Point Load Tester (Model 6500, 
manufactured by Geotechnical Systems Australia) as shown in Figure 10.1. 
 
                                 
Figure 10.1. Pictures of Point Load Index (PLI) test equipment – Geotechnical Systems 
Australia Model 6500 – as used for all PLI testing undertaken by the author. 
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Point Load Index (PLI) testing is one of the main methods used for characterising rock 
strength in geotechnical investigations, due in part to the speed and simplicity of the testing, 
the low cost of the test equipment, and the ease of the associated calculations. PLI testing 
has been increasingly used since Broch and Franklin (1972) and Bieniawski (1975) first 
formally detailed the test apparatus, methodology and presented initial correlations between 
PLI and UCS values for various rock types. 
 
However, many variables associated with the specimen and the testing technique adopted 
may influence the result of the PLI. Such known variables include: 
 
 Relationship between UCS and PLI – The most common use for the result of a PLI test 
is to provide a comparable rock strength in terms of its Uniaxial Compressive Strength 
(UCS). However, the exact multiplier that defines the relationship between the PLI and 
UCS is at least both rock type and strength range specific (if not also site-specific). The 
application of a generic multiplier (e.g. a 1:24 ratio, as presented by Broch and Franklin, 
1972) to all results can be misleading and unreliable, as this multiplier was defined for 
hard rocks only (UCS ≥ 25 MPa). Subsequent studies (e.g. Bieniawski, 1974) warned that 
the PLI test should be used very cautiously upon weaker rocks, and strength 
determination via the UCS alone is recommended. However, due to economical benefits 
the PLI is often still used and the generic correlation adopted (i.e. 24 x PLI = UCS). 
 Water content of a tested specimen – Wet and dry samples of the same rock will produce 
significantly different results, as described by Hawkins (1998). 
 Size and shape of the specimen tested – Broch & Franklin (1972), Hassami et al. (1980) 
and Foster (1983) quantified this effect on the determined PLI result. This variable is 
somewhat minimised by the industry standard application of a normalisation factor to 
produce the equivalent PLI for a 50 mm diameter sample (Is(50) value). 
 Anisotropy of the rock sample – PLI results vary depending on the orientation at which 
the test is conducted (axial or diametral) relative to the specimen’s defect orientation or 
angle of foliation (Norbury, 1986). 
 
Within SEQ, the use of the PLI remains popular due to the comparative speed of the test 
and low cost of the test equipment. Accordingly, a larger dataset of PLI test results is 
commonly available for analysis than for any other form of intact rock testing (e.g. UCS 
tests). For this reason, PLI data has been used for assessment of SEQ rock units for this 
study. The assessment of PLI data rather than UCS values also negates the need to 
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incorporate the variable (site- or material-specific) PLI:UCS relationship of the investigated 
rock materials. 
 
Unlike the majority of other historical case studies concerned with PLI testing this study was 
not aimed at directly identifying a PLI to UCS correlation. Instead, this study aimed to 
continue the examination of the residual profile into the underlying weathered, weak rock 
materials. Specifically, of the known variables associated with PLI testing, this study aimed 
at assessing the least frequently quantified or controlled variable of PLI testing – the inherent 
anisotropic property of the rock material. 
 
10.4. Literature Review 
10.4.1. Strength anisotropy of a rockmass 
 
Strength anisotropy refers to the variation in the quantifiable strength of either intact rock or 
rockmasses based on the interaction of the orientation of the strength test and the structure 
or texture characteristics of the rock unit being tested. Strength anisotropy of any degree 
can be present within any type of rockmass, and is not necessarily visible upon initial 
inspection of rock materials.  
 
Both Broch (1983) and Tsidzi (1990) suggest that sedimentary and metamorphic rocks are 
likely to display well defined anisotropic properties. Sedimentary rocks can be either 
isotropic or anisotropic based upon the presence of dispositional features, such as bedding 
structures, or the variation of mineralogical composition of layers throughout a rockmass. 
Metamorphic rocks are likely to be anisotropic due to either: (a) the high pressure and 
temperature effects associated within the metamorphosing event causing rock flow and 
recrystallisation; or (b) any anisotropy property of the original protolith being inherited by the 
metamorphosed rockmass. Ramamurthy et. al. (1993) identify that igneous rocks are 
generally the most isotropic rock type, however Broch (1983) cautions that testing of igneous 
rocks may reveal that material properties can vary based on the test orientation. 
 
A strength anisotropy property can be considered either ‘inherent’ or ‘induced’ into the 
rockmass, and this will reflect upon the extent of the anisotropic behaviour being 
demonstrated across the strength and weathering continuum of the rockmass. Within 
residual profiles, and for the purposes of this study, the definition of each of these terms 
was: 
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 Inherent – an anisotropic property acquired by a rockmass during it’s formation (e.g. 
due to presence of bedding planes, foliation, gneissosity or schistosity). The ‘inherent’ 
anisotropy will likely be present throughout the texture or structure of the rock unit, 
and result in a consistent anisotropic property being measured across the full 
weathering and strength continuum. 
 Induced – an anisotropic property resultant from a subsequent event imparted upon 
a rock unit, or a localised area of a rockmass. Examples of ‘induced’ anisotropy would 
be a due to the development of joints, fractures, shear planes or faults in a particular 
orientation due to an applied force. As the response throughout a rockmass would 
vary based on the location of an external force or process, the extent of any ‘induced’ 
anisotropy would likely be localised to an identifiable section of the rock unit or 
weathering profile. 
 
10.4.2. Importance of Strength Anisotropy Property 
 
Broch (1983) identified that isotropic rocks were rarely encountered, and such rock units 
should be viewed as isolated exceptions to the fact that, in varying degrees, either ‘inherent’ 
or ‘induced’ anisotropy is intrinsic to rock materials. Both Tsidzi (1990) and Khanlari et. al. 
(2014) reported that although the anisotropy properties could be expected to be found at a 
variety of different scales, anisotropy tends to be significant even at the scale of laboratory 
test specimens of intact rock. 
  
Colak and Unlu (2004) observed that although most sedimentary rocks routinely exhibited 
anisotropic strength and deformation properties, they were considered transversely isotropic 
for design purposes. This is considered potentially unconservative as the presence of 
anisotropy within a rockmass could have a significant role on subsequent behaviour of rock 
once incorporated into engineering projects, and needs to be accounted for when assessing 
the stability of excavations and rock cuttings, the capacity and performance of foundations, 
and design of drilling and blasting operations (Chen et. al.,  1998). 
 
Accordingly, Broch’s (1983) and Hawkins (1998) argument that all strength testing of rock 
materials should report the results in relation to the direction of the stress compared to the 
orientation of the texture of the rock specimen being tested remains valid. Thus the failure 
to account for the presence of anisotropy present within rock materials may result in either 
an over- or under-conservative foundation design. 
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10.4.3. Rock Strength Testing 
 
Rock strength testing is currently commonly completed by laboratory testing of intact rock 
specimens. Such tests cause rock materials to fail via imparting compressive or tensile 
stresses through rock samples. The industry accepted measure of intact rock strength is the 
failure of a rock via compressive stresses, and such tests are most commonly completed by 
Uniaxial Compressive Strength (UCS) testing. 
 
Direct uniaxial tensile strength testing of rock, in which a rock specimens are ‘gripped’ at 
either end and extended to failure, has been continuously developed since the mid 20th 
century (e.g. Wuerker 1955; Hobbs 1964). However, the extensive work required to prepare 
the sample makes such tests comparatively expensive. Furthermore, the test orientation 
results are not applicable to all rocks, especially soft or laminated specimens. Accordingly, 
a number of indirect tensile strength tests – tests that involve the diametral orientated 
compression forces to crush thin rock samples - have been established for determining the 
tensile strength of rock materials, including the Brazilian, Ring, Point Load Index and Hoop 
tests. 
 
The Point Load Index (PLI) test is commonly known to be an example of an indirect tensile 
strength test. However, as identified by Roberts (1977), the crushing of the rock via the 
application of the test stress through point loads would result through a complex combination 
of both tensile and compressive failure (note the methodology of the PLI test is further 
discussed further in Section 10.5).  
 
10.4.4. Point Load Strength Index to UCS conversion Studies 
 
As the mechanisms mobilised by the PLI test will result in a failure load lower than that 
observed under the industry accepted measure provided by the UCS (Roberts, 1977), the 
results of PLI testing should always be considered an index value, and not a fundamental 
strength property.  As such, since the pivotal paper of Broch and Franklin (1972) in which 
PLI test results for high strength rocks were related to UCS values using a generic multiplier 
of 24, numerous studies have been concerned with simple correlation of PLI test results to 
equivalent UCS values. Overwhelmingly, these relationships have been in the form of a 
single linear multiplier or linear equation being developed to relate the standardised PLI 
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result (Is(50)) to the laboratory determined compressive intact rock strength. Rock and site 
specific linear multipliers between 5 and 82 have been published for Is(50) to UCS 
conversions. Both Kahraman and Gunaydin (2009) and Azimian et. al. (2014) provide 
exhaustive lists of the various PLI to UCS correlation studies completed between 1964 and 
the present, and the relationships determined by various authors. 
 
It is noted that there is varying appreciation of the use of the origin (0,0) as a required 
datapoint for the defined linear relationships between PLI and UCS results. As a 
consequence, many relationships have limited applicability for specific intervals of PLI 
results, for which negative UCS values may be obtained.  This finding implies that in addition 
to the rock and site specific nature of the PLI:UCS relationship, such relationships may also 
be specific to varying strength intervals. 
 
A limited subset of the research completed has considered variation in the PLI:UCS 
multiplier associated either with rock strength or rock origin. Examples of research that has 
related the PLI and UCS relationship based on rock strength include Sabatakakis et. al. 
(2009), whom provided multipliers of between 13 and 28 based on intervals of the magnitude 
of the PLI test result; Quane and Russell (2003), who identified different PLI and UCS 
relationships for tuff rock materials based on categorising PLI test results above and below 
5MPa. 
 
In regard to relating rock origin to the PLI to UCS relationship, examples of previous research 
included Read et al. (1980), whom suggested that a multiplier of 16 be adopted for 
sedimentary rocks, whilst the use of 20 for basalt (igneous) rocks would be more 
appropriate. Kahraman and Gunaydin (2009) similarly identified that varying multipliers 
would apply to sedimentary, igneous and metamorphic rocks, and produced high strength 
linear correlations applicable to each rock type, with multipliers varying between 8 (igneous) 
and 29 (sedimentary). 
 
10.4.5. Measurement of Strength Anisotropy Property 
 
For strength testing of intact rock samples, the determination of the strength anisotropy 
property is the ratio of the maximum and minimum test results, where the test varies the 
orientation of the test stress in comparison to any plane of weakness of the rock unit. The 
determination of strength anisotropy of rocks can be completed by both UCS and PLI testing, 
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however orientation of the test stress to provide the maximum and minimum strength results 
varies based on the test type. 
 
When the compressive loading of the UCS test is applied to a rock material, the minimum 
UCS result (c) is generally observed when the test stress is applied at an orientation () of 
(450 – /2) to the sample’s plane of weakness (Greminger, 1982). This result, or the 
identification that minimum strength values were observed when UCS testing was orientated 
at approximately 300 to the foliation or bedding of a rock sample, has been recently reported 
by Ramamurthy et. al. (1993), Nasseri et. al. (2003) and Colak and Unlu (2004). The 
maximum UCS result will be observed at either when the test stress is applied either parallel 
( = 00) or perpendicular ( = 900) to the predominant plane of weakness of the rock. Figure 
10.2(a) shows the typical variation of UCS determined rock strength results based on test 
orientation. Other investigators report the same result for various rock materials, with 
Nasseri et. al. (2003) summarising studies completed since 1965 that report similar 
behaviour. 
 
  
(a)       (b) 
Figure 10.2. Variation in rock strength test results based on orientation of test compared to 
foliation of rock specimen. (a) UCS (from Hawkins, 1998) and (b) Point Load Index test (from 
Broch, 1983, after Aagaard, 1976)  
 
In contrast, numerous studies have demonstrated that the maximum and minimum values 
associated with PLI testing will occur when the test load is applied in directions normal ( = 
900) and parallel ( = 00) to any planes of weakness respectively. This includes work by 
Aagarrd (1976), Greminger (1982), Bosch (1983), Tsidzi (1990) and Khanlari et. al. (2014), 
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and is also reflected in the in the current standards documenting the PLI test (e.g. ASTM, 
Australian Standards and ISRM test methods). Figure 10.2(b) shows the typical variation of 
PLI test results based on the test orientation, and is directly comparable to that provided for 
the UCS test.  
 
Of significant note was the findings presented by Khanlari et. al. (2014) who, based on 
repeated testing of rock materials at seven (7) orientations (i.e. every 150 between 00 and 
900), suggested the PLI result of any test orientation could be estimated from the maximum 
PLI test result ( = 900) via use of Equation 10.1: 
 
Is(50)( =i)   = [(0.71 x sin ) + 0.20] x Is(50)( =90)     (Equation 10.1) 
 
Based on the differing locations of the maximum and minimum values expected from the 
UCS and PLI testing, Greminger’s observation (1982) that “the maximum and minimum 
values observed during UCS and PLI testing is therefore poorly correlated” has been 
consistently proven by others.  
 
Other relevant observations relating to determination of anisotropic properties based on the 
maximum and minimum of intact rock strength testing include: 
 
 Test specific results scale - The ratio of the maximum and minimum results of the 
completed strength test should be viewed on different magnitude of scales. For 
example, the magnitude of the ratios calculated from UCS results should be 
interpreted differently to those determined from PLI test results (e.g. Ramamurthy et. 
al., 1993 and Tsidzi, 1990). It should also be remembered that PLI tests provide an 
index value only. 
 Trends of other strength tests – may obey either the UCS or PLI described trends 
relating to results variation based on test orientation (refer Figure 10.2). Khanlari et. 
al. (2014) identified that Brazillian Strength Tests (BTS) may follow the trend of UCS 
tests and report minimum strength values at approximately  = 300. In contrast, 
Ramamurthy et. al. (1993) suggested the minimum and maximum values reported by 
indirect tensile strength testing may be observed at  = 00 and  = 900 respectively, 
similar to that of the PLI test. Khanlari et. al. (2014) also found that strength index 
results of Cylindrical Punch Tests (CPI) report minimum and maximum values similar 
to that of the PLI test (i.e. at  = 00 and  = 900 respectively). 
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 Magnitude of anisotropy is dependent on confining pressure at time of test – Both 
Broch (1983) and Ramamurthy et. al. (1993) identified that the confining pressure at 
the time of testing will affect the results of the strength testing completed, and thus 
the magnitude of any anisotropic property of the rock unit. 
 
10.4.6. Advantages of using PLI to measure rock strength anisotropy 
 
Many researchers (e.g. Forster, 1983 and Hawkins, 1998) report that the PLI is the quickest, 
cheapest and most portable test available that provides a comparable measure of intact rock 
strength. In addition, the preparation requirements of the rock specimen undergoing testing 
are significantly relaxed compared to other rock strength tests (Tsidzi, 1990). 
 
Broch (1983) identifies that the advantage of the PLI test is that the definition of the 
maximum and minimum strength values of the sample is considerably easier than other 
compressive intact rock strength tests, as such values will always be reported when the test 
is undertaken at orientations perpendicular and parallel to the sample’s bedding, foliation or 
schistosity. Additionally, the PLI test can provide both the maximum and the minimum 
strengths of the rock via the destructive testing of a single rock specimen.  
 
10.4.7. PLI variation due to weathering 
 
The majority of previous experimental studies completed PLI testing upon fresh rock or 
considered the investigated rock type as a single material, regardless of the weathering 
state. Although only a small subset of these studies actually assessed anisotropy – with the 
majority instead focusing solely on defining PLI:UCS correlations – such studies can be 
considered to have been aimed at only investigating the ‘inherent’ anisotropy present within 
a rock unit rather than identifying both ‘inherent’ and ‘induced’ components of anisotropy. 
 
For example, Tsidzi (1990) identified that for his assessment of the inherent anisotropic 
properties present within 18 metamorphic rock types sampled from terrains of Britain and 
Ghana that only “relatively fresh” samples were selected for PLI testing. This sample 
selection was made in order to remove an influences of weathering processes upon the Ia(50) 
values determined for each rock unit, and thus the results of this study can be considered 
only identifying the ‘inherent’ anisotropy present within the investigated rockmasses. 
 
Chapter 10                                                  Strength and anisotropic properties of SEQ rock 
 
– 324 – 
Other studies that did report the variation in strength testing related to the weathering state 
of a particular rockmass included studies primarily related to assessing PLI:UCS 
correlations. 
 
Chau and Wong (1996) investigated the PLI:UCS relationship related to granite and tuff rock 
units located within the Hong Kong region. Their study identified that the relationship 
between tensile strength tests and UCS values would vary based on the weathering state 
of the granite assessed, and that the calculated multiplier would vary from 11.1 (moderately 
weathered) to 23.2 (slightly weathered) and 26.4 (fresh). This represents almost a 240% 
increase in the applicable multiplier throughout the investigated weathering regime, and 
implies that any measure of rock strength (UCS, PLI or indirect Tensile (Brazilian) strength) 
would be significantly affected by weathering class. 
 
Baczynski (2001) investigated a metamorphic rock unit within the Brisbane region, and 
demonstrated that the logged weathering class could be related to the mean PLI strength 
index value.  For metasedimentary and metabasalt rock materials, a general linear increase 
in rock strength through each weathering classification was observed, with a 385% to 560% 
increase in rock strength values found to occur between the most weathered (HW) to least 
weathered (FR) rock materials.  
 
Look and Griffiths (2004a, 2004b) also correlated mean PLI results, and variation thereof, 
with logged weathering classifications for a number of rock units within the South East 
Queensland (SEQ) region. This study showed that the multiplier used to convert PLI and 
UCS results was both rock type and weathering state specific, and that for four (4) 
metamorphic and sedimentary rock units the relative intact strength could vary by a total of 
between 200% and 800% across three (3) distinct rock weathering categories; DW, SW and 
FR.  
 
10.5. Study Methodology 
10.5.1. General Description 
 
The study undertaken by the author, as detailed within this chapter, extended work 
completed by others by similarly investigating and characterising the anisotropy inherent to 
previously investigated rock types encountered within the wider SEQ area. The study was 
been divided into two (2) sections;  
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(a) reanalysis of large PLI datasets of Brisbane rocks publically available from other 
sources (Schuh, 2007; Look and Wijeyakulasuriya, 2009); and  
(b) analysis of datasets of PLI tests completed by the author.  
 
This approach was undertaken such that both the previously published and current datasets 
were assessed via a consistent approach and that the typical strength and anisotropy 
properties determined could be directly comparable. 
 
An identical methodology was completed for all PLI testing and subsequent analysis, 
regardless of material origin. Unless noted otherwise (i.e. historical PLI datasets 
reanalysed), all sample preparation and PLI testing was physically completed by the author. 
All subsequent data analysis was completed by the author. 
 
As identified previously, this study aimed to investigate the comparative strength and 
presence of any anisotropic properties within intact rock found within SEQ. The following 
sub-sections of this chapter detail the specific methodology that was adopted for the study. 
 
10.5.2. Point Load Index (PLI) Test Methodology 
 
Apart from the reanalysis of historical data (as detailed in Appendix F), all PLI testing was 
completed by the author upon rock core extracted during site investigations that were also 
directly supervised by the author (refer Section 10.6 for more details). From each PLI test, 
a size standardised index value, denoted Is(50), was produced. Where possible, PLI testing 
was completed upon a rock sample in both the diametral and axial directions, as shown in 
Figure 10.3. 
 
                      (a)     (b)     (c) 
Figure 10.3. PLI testing concept showing orientation of (a) axial; and (b) & (c) diametral 
testing in comparison to rock core axis (from Chau and Wong, 1996). 
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PLI tests conducted in both axial and diametral orientations on specimens from near-
identical depths – where the PLI test location was within 100mm depth interval – resulted in 
the determined Is(50) values being considered a axial / diametral (A / D) ‘pair’. Such ‘A / D 
pairs’ could then be used to identify any significantly weaker orientation of the intact bedrock 
at the location of the PLI test. 
 
10.5.3. Methodology of Dataset Preparation  
 
For each rock type assessed, all PLI tests completed to sample failure (without the rock 
sample failing upon a pre-existing defect) were consolidated into a dataset of standardised 
Is(50) values that were considered for further statistical analysis. Individual datasets were 
constructed for each rock material assessed. A multi-step process of data review and 
validation was undertaken for each constructed dataset, as summarised in the flow chart 
shown in Figure 10.4. 
 
 
Figure 10.4. Flow chart detailing steps in preparation of PLI dataset to identify outliers and 
calculate mean Is(50) and Ia(50) values (as per Australian Standards) 
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As per recommendations made by Look and Wijeyakulasuriya (2009), the identification and 
removal of outliers within the Is(50) dataset was completed during the initial stages of this 
study. Calculations to determine outliers – defined as a value one and a half times the 
interquartile range below the lower quartile value or above the upper quartile value – were 
completed for each strength category analysed for both the PLI test orientation datasets. 
 
After the removal of identified outliers, and as per standards applicable to the PLI test (e.g. 
AS4133.4.1-2007 and ISRM 325-89), the mean Is(50) value of both the diametral and axial 
datasets were calculated after the removal of both the highest and lowest values in each 
dataset (for datasets where n < 10), or after the removal of the two (2) upper- and lower-
most values (for datasets where n ≥ 10). 
 
To assess the presence of anisotropic behaviour of each rock material (i.e. to assess if any 
rock unit exhibited an obvious plane of weakness), the Point Load Strength Anisotropy 
Index, Ia(50), was calculated. The Ia(50) value is the mean of the diametral dataset compared 
to the mean of the corresponding axial dataset, as defined by AS4133.4.1-2007 and ASTM 
D 5731-08. A value of Ia(50) of, or about, 1.0 indicates an isotropic rock material, while other 
Ia(50) values indicate anisotropic material. The greater the deviation from a value of 1.0, the 
greater the disparity between the mean axial and diametral Is(50) values and the higher 
degree of anisotropy. Values below 1.0 would indicate a comparably larger average strength 
index was observed in the diametral orientated PLI tests whilst values in excess of 1.0 
demonstrated the rock unit reported greater average strength in the axial direction. 
 
10.5.4. Methodology of Assessment and Interpretation 
 
The initial aim of the study was to identify the comparative strength of various rock materials, 
and the variation of strength across the available weathering profile. The strength of each 
rock unit was thus initially assessed by the calculation of the mean PLI associated with each 
logged weathering classification (for weathering classifications as per AS1726-1993). This 
was completed independently for both the full dataset of axial and diametral orientated PLI 
tests, such that for each rock material and weathering class a mean axial and diametral Is(50) 
value was determined. The general methodology is presented graphically in the flowchart 
shown in Figure 10.5. 
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Figure 10.5. Flow chart detailing concept relating to assessment of relationship between 
rock strength and weathering classification 
 
The attribution of a characteristic rock strength ‘descriptor’ was then made based on the 
mean Is(50) result of each data subset.  Strength classification was completed based on 
intervals of the observed Is(50) value, as per the recommendations of AS1726-1993 (as 
reproduced in Table 10.1). 
 
Table 10.1. Rock strength descriptors based on standardised results of Point Load Index 
test (Is(50)) (from AS1726-1993) 
Rock Strength Category Point Load Index (Is(50), MPa) 
Extremely Low Is(50) ≤ 0.03 
Very low 0.03 < Is(50) ≤ 0.10 
Low 0.10 < Is(50) ≤ 0.30 
Medium 0.30 < Is(50) ≤ 1.0 
High 1.0 < Is(50) ≤ 3.0 
Very High 3.0 < Is(50) ≤ 10.0 
Extremely High Is(50) > 10.0 
 
From this initial data categorisation based on rock weathering classification, and the 
calculation of mean Is(50) values associated with typical weathering intervals, an assessment 
of the presence of a relationship between rock strength and weathering class was made for 
each rock unit. This relationship has been generally presented across a rock weathering 
continuum, as shown in the example shown in Table 10.2. 
 
Table 10.2. Example of summary of rock unit’s intact strength and strength variation, as 
related to logged rock weathering classification 
Weathering Classification XW - DW DW DW - SW SW FR 
Intact Rock 
Strength 
Axial Medium High Very High 
Diametral Low to Medium Medium High Very High 
 
For each Rock TYPE:
Categorised by logged
WEATHERING CLASS
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The anisotropic property of the rock materials evaluated was, like the assessment of rock 
strength, completed both for full rock unit datasets, and for subsets of each material units 
dataset once categorised into weathering classes. The magnitude of the calculated 
Anisotropic Index, Ia(50), was then transformed into a anisotropic descriptor, based on the 
classification scheme proposed by Tsidzi (1990), which was a refined classification system 
based on that originally presented by ISRM (1985). Table 10.3 presents the Ia(50) 
classification scheme adopted by this study, whilst Figure 10.6 presents this in graphical 
form plotted against PLI rock strengths, Is(50). 
  
Table 10.3. Anisotropic property descriptors, based on intervals of Anisotropic Index (Ia(50)) 
values (after Tsidzi, 1990) 
Anisotropic Index (Ia(50)) Descriptive Term Nature of Rock 
Ia(50) = 1.0 Isotropic Non-foliated 
0.9 < Ia(50) < 1.1 Quasi-Isotropic Very Weakly Foliated 
0.67 < Ia(50) ≤ 0.9 or 
1.1 ≤ Ia(50) < 1.5 Fairly Anisotropic Weakly Foliated 
0.4 < Ia(50) ≤ 0.67 or 
1.5 ≤ Ia(50) < 2.5 Moderately Anisotropic Moderately Foliated 
0.25 < Ia(50) ≤ 0.4 or 
2.5 ≤ Ia(50) < 3.5 Highly Anisotropic Strongly Foliated 
0.25 ≤ Ia(50) or 
Ia(50) ≥ 3.5 Very Highly Anisotropic Very Strongly Foliated 
 
 
Figure 10.6. Template used for presentation of rock strength and anisotropic behaviour 
relationships, based on classification schemes adopted for this study. 
0 0.5 1 1.5 2 2.5 3 3.5 4 4.5 5 5.5 6
Intact Rock Strength (Is(50), MPa)
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As per the rock strength assessment, the anisotropic property observed for each rock type 
was finally presented along a rock weathering class continuum, an example of which is 
shown in Table 10.4. Thus, both the characteristic strength and anisotropic properties along 
the weathering interval assessed, and variation therein, were summarised for each rock unit 
considered. 
 
Table 10.4. Example of summary of rock unit’s anisotropic parameters, and variation across 
logged rock weathering profile 
Weathering Classification XW - HW HW MW SW FR 
Anisotropy Moderately Anisotropic Fairly Anisotropic 
 
10.5.5. Assessed historical SEQ PLI records 
 
As identified in Section 10.5.1, the study was completed in two (2) parts: (a) initially a 
reanalysis of large PLI datasets relating to Brisbane rock units previously published by other 
sources; and (b) an analysis of PLI data based on testing completed by the author. 
 
For brevity, full details relating to the existing studies and re-analysis of the PLI data 
published by others is included in Appendix F of this thesis. Re-assessment of PLI datasets 
was completed via a standardised methodology, such that the anisotropic properties present 
within the previously considered rock units could be directly compared to the results relating 
to other SEQ rock units which were tested and assessed by the author. 
 
The review of existing SEQ studies was completed upon the few studies that provided data 
and discussion regarding the anisotropic nature of the rock materials considered, rather than 
research that simply focused on detailing site specific PLI:UCS relationships. These were 
found to be: 
 
 Baczynski (2001) – reported on the Silurian aged Neranleigh-Fernvale Beds 
geological unit 
 Look and Griffiths (2001 and 2004) – studied and provided comments regarding the 
igneous (Brisbane Tuff) and metamorphic (Neranleigh-Fernvale Beds and Bunya 
Phyllite) rock materials commonly found within the Brisbane metropolitan area. 
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 Schuh (2007) – reported details of an extensive PLI test schedule completed on the 
Brisbane Tuff rock unit and conglomerate material belonging to the Aspley – Tingalpa 
formation 
 Look and Wijeyakulasuriya (2009) – considered the Triassic aged Aspley – Tingalpa 
formation of sedimentary rocks (interbedded sandstone, siltstone and mudstone).  
 
The material parameters derived from the re-analysis of this existing datasets were 
subsequently incorporated into the analysis and discussion presented in the remainder of 
this chapter. 
 
10.6. SEQ PLI Datasets 
 
A series of Point Load Index tests were conducted by the author upon intact rock core 
samples obtained during site investigations completed for a road bridge replacement project 
undertaken throughout SEQ. Point Load Index (PLI) testing was conducted upon rock 
samples recovered from 16 sites across the South Eastern corner of Queensland (refer 
Figure 10.7). 
 
 
Figure 10.7. Location of geotechnical site investigations within South East corner of 
Queensland (SEQ) from which rock samples used for Point Load Index (PLI) tests analysed 
by this study were collected. 
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As part of the standard procedure adopted for the site investigation project, PLI tests were 
completed at approximately 1m intervals across the full length of rock core extracted from 
each completed borehole. All PLI tests were completed upon NMLC (54 mm diameter) sized 
rock core, and standardised Is(50) values calculated as per the applicable Australian Standard 
(AS4133.4.1-1993). 
 
A total of 512 PLI tests were conducted upon specimens that included igneous, metamorphic 
and sedimentary rocks. Table 10.5 details the rock types, geological unit and number of PLI 
tests conducted at each of the 16 sites investigated. A full listing of the results of completed 
PLI testing has been included in Appendix G. 
 
PLI tests were conducted upon specimens that included igneous, metamorphic and 
sedimentary rocks. Of the 512 completed PLI tests, 207 ‘A / D pairs’ of Is(50) values were 
conducted. Details of the analysis of the PLI dataset that was has been compiled based on 
rock material origin – sedimentary, metamorphic and igneous – are presented in Sections 
10.6.1 through 10.6.3.  
 
Table 10.5. Summary of PLI tests (and orientation of tests) from geotechnical investigations 
conducted in the South East region of Queensland, Australia 
Ro
ck
 
Or
igi
n Geological Unit 
/ Formation Rock Type Location 
No. Tests No.  A / 
D Pairs Axial Dia. 
Se
dim
en
tar
y Burrum Coal Measures 
Sandstone/ 
Siltstone 
Cockatoo Creek 17 12 12 
Gregory River (1) 14 10 10 
Gregory River (2) 26 26 24 
Littabella Creek 20 20 18 
Mullet Creek 6 6 5 
Yandaran Creek 25 25 24 
Burrum Coal 
Measures / 
Maryborough 
Formation 
Claystone Mullet Creek 14 11 10 
Ign
eo
us
 Unnamed 
Geological 
Group 
Tuff 
Kratzmans Gully 9 9 6 
Unnamed Creek 3 2 2 
Gympie Group Volcanics Widgee Creek 18 24 14 
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Claddagah 
Granodiorite 
Formation 
Granodiorite Coppermine Creek 9 11 8 
Neara Volcanics 
Volcanic 
Conglomerate 
Crooked Creek 15 13 11 
Wide Bay Creek 25 32 23 
Rhyolite Barambah Creek 8 12 7 
Me
tam
orp
hic
 Pumpkin Hut Mudstone / 
Undifferentiated 
rock materials 
Metavolcanics Philpott Creek 13 26 12 
Biggenden Beds Metavolcanics Wagners Gully 12 14 11 
Unnamed 
Geological Unit Metasiltstone 
Woowoonga 
Creek 13 12 10 
 
10.6.1. Sedimentary Rocks 
 
Rock core material belonging to three (3) distinct sedimentary rock types and three (3) 
different geological formations was extracted from six (6) SEQ sites. The largest dataset (n 
= 208) of the study was compiled for sandstone and siltstone rock units (and composite – 
interbedded – samples of such rock materials) belonging to the Cretaceous-aged Burrum 
Coal Measures that exist immediately to the north, south and west of the SEQ city of 
Bundaberg. A total of 103 ‘A / D’ PLI test pairs for this geological unit were compiled, 
predominantly completed upon Distinctly Weathered (DW) and Slightly Weathered (SW) 
rock specimens. Table 10.6 details the compiled sedimentary rock dataset, categorised by 
rock unit and weathering classification. The mean, standard deviation and Coefficient of 
Variation (CoV) associated the data, regardless of PLI test orientation, is also summarised 
in Table 10.6. 
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Table 10.6. Basic statistics of Is(50) of full sedimentary rock PLI datasets, categorised by rock 
type and weathering classification 
Rock Type / 
Geological 
Formation 
Weathering 
Grade 
No. of PLI 
Tests (n) 
Average  
Is(50) (MPa) 
Std. Dev. 
(MPa) 
CoV 
(%) 
Sandstone 
(Burrum Coal 
Measures) 
DW - MW 22 1.77 0.82 47% 
SW 47 2.18 1.32 61% 
FR 17 3.17 1.09 34% 
All Data 86 2.31 1.34 58% 
Siltstone 
(Burrum Coal 
Measures) 
DW 12 0.62 0.40 64% 
SW 18 0.33 0.16 48% 
All Data 30 0.43 0.29 68% 
Sandstone/ 
Siltstone 
(Burrum Coal 
Measures) 
XW - DW 18 1.54 1.06 69% 
MW - SW 66 1.58 1.32 83% 
FR 8 3.24 1.02 31% 
All Data 92 1.69 1.32 78% 
Claystone 
(Burrum Coal 
Measures / 
Maryborough 
Formation) 
DW - MW 13 0.30 0.05 16% 
SW 12 0.55 0.18 33% 
All Data 25 0.57 0.37 65% 
 
For the sedimentary rocks encountered during the site investigations, all bedding planes 
were assessed to be approximately horizontal or sub-horizontal. To reflect this plane of 
weakness, it was expected that the results of the diametral orientated PLI tests would be 
consistently lower than the results of the axially orientated PLI values, especially in 
composite samples where a bedding plane was present within the test specimen (however, 
it should be noted that although all specimens included in the analysed dataset failed 
through intact rock, not through an identifiable pre-existing defect). 
 
The mean Is(50) values were derived for the PLI tests completed in both the axial and 
diametral directions; taken to be approximately perpendicular and parallel to the bedding 
orientation respectively. Table 10.7 summaries the mean Is(50) values for the sedimentary 
rock materials, and correlates the average value with the applicable strength descriptor.  
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Table 10.7. Mean Is(50) and characteristic Ia(50) values of full PLI datasets, categorised by 
sedimentary rock type, weathering classification and PLI test orientation 
Rock Type / 
Geological 
Formation 
Weath-
ering 
Grade 
Axial PLIs Diametral PLIs Anisotropy 
Index, Ia(50) No. Average Is(50) (MPa) No. 
Average Is(50) 
(MPa) 
Sandstone 
(Burrum Coal 
Measures) 
DW - MW 12 1.78 (H*) 10 1.66 (H) 1.1 
SW 25 2.48 (H) 22 1.70 (H) 1.5 
FR 9 3.75 (VH) 8 2.37 (H) 1.6 
All Data 46 2.54 (H) 40 1.94 (H) 1.3 
Siltstone 
(Burrum Coal 
Measures) 
DW 6 1.01 (H) 6 0.35 (M) 2.9 
SW 10 0.40 (M) 8 0.25 (L) 1.6 
All Data 16 0.67(M) 14 0.32 (M) 2.1 
Sandstone/ 
Siltstone 
(Burrum Coal 
Measures) 
XW - DW 10 1.82 (H) 8 0.85 (M) 2.1 
MW - SW 35 1.97 (H) 31 0.92 (M) 2.1 
FR 4 4.46 (VH) 4 2.13 (H) 2.1 
All Data 49 2.12 (H) 43 1.26 (H) 1.7 
Claystone 
(Burrum Coal 
Measures / 
Maryborough 
Formation) 
DW - MW 7 0.87 (M) 6 0.30 (L) 2.9 
SW 7 0.91 (M) 5 0.39 (M) 2.3 
All Data 14 0.91 (M) 11 0.35 (M) 2.6 
*VL – Very Low Strength; L – Low Strength; M – Medium Strength; H – High Strength; VH – Very 
High Strength.  
 
Once the PLI dataset was isolated to just the ‘A / D’ paired data, the mean Is(50) values were 
recalculated based on PLI test orientation, as summarised in Table 10.8. 
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Table 10.8. Mean Is(50) and characteristic Ia(50) values of sedimentary rock PLI dataset limited 
to ‘A / D pair’ data, categorised by rock type, weathering classification and PLI test 
orientation 
Rock Type / 
Geological 
Formation 
Weath-
ering 
Grade 
No. of 
Pairs 
(n) 
Average 
Axial Is(50) 
(MPa) 
Average 
Diametral Is(50) 
(MPa) 
Anisotropy 
Index, Ia(50) 
Sandstone 
(Burrum Coal 
Measures) 
DW - MW 9 2.27 (H) 1.74 (H) 1.3 
SW 21 2.27 (H) 1.55 (H) 1.5 
FR 7 3.63 (VH) 2.20 (H) 1.6 
All Data 37 2.60 (H) 1.84 (H) 1.4 
Siltstone 
(Burrum Coal 
Measures) 
DW 5 1.36 (H) 0.51 (M) 2.7 
SW 7 0.38 (M) 0.17 (L) 2.3 
All Data 12 0.76 (M) 0.30 (L) 2.6 
Sandstone/ 
Siltstone 
(Burrum Coal 
Measures) 
XW - DW 7 1.62 (H) 1.10 (H) 1.5 
MW - SW 31 2.04 (H) 1.06 (H) 1.9 
FR 4 4.58 (VH) 2.13 (H) 2.1 
All Data 42 2.23 (H) 1.26 (H) 1.8 
Claystone 
(Burrum Coal 
Measures / 
Maryborough 
Formation) 
DW - MW 5 0.83 (M) 0.31(M) 2.6 
SW 5 1.02 (H) 0.38 (M) 2.7 
All Data 10 0.99 (M) 0.36 (M) 2.7 
*VL – Very Low Strength; L – Low Strength; M – Medium Strength; H – High Strength; VH – Very 
High Strength.  
 
As shown in Figure 10.8, the difference between directly comparable mean Is(50) values 
calculated using both the full dataset and the isolated ‘A / D’ pairs varied between 0% and 
45%, with the ‘A / D’ pair dataset generally providing higher Is(50) values in the axial direction. 
The difference between the two average Is(50) values was most pronounced for the Distinctly 
(DW) to Moderately Weathered (MW) rock material (average of 20% over all four (4) rock 
units) and then decreased once rockmasses were classified as either Slightly Weathered 
(SW) (average = 11%) or Fresh (FR) (average = 3%). 
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Figure 10.8. Deviation in average standardised PLI values, Is(50), for axial and diametral 
orientated PLI tests, based on dataset used. Data shown is variation of ‘A / D pair’ dataset 
when compared to full PLI database, categorised by sedimentary rock types and weathering 
class. 
 
A similar comparison of the Anisotropy Index, Ia(50), was completed for each rock unit and 
weathering classification, as presented in Figure 10.9. When applying descriptors to the 
calculated Ia(50) values, the implication of adopting the ‘A / D pair’ dataset for classification 
purposes was that four (4) of the 14 categories  assessed changed descriptor, with three (3) 
of the four (4) changes increasing the magnitude of identified anisotropic behaviour.  
 
 
Figure 10.9. Deviation in anisotropy index, Ia(50), based on PLI dataset used. Data shown is 
variation of value calculated for ‘A / D pair’ dataset compared to full PLI database, 
categorised by sedimentary rock types and weathering class. 
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From the Ia(50) data presented in Table 10.8, and presented graphically in Figure 10.10, it 
was observed that the sandstone specimens were generally the sedimentary rock type that 
exhibited the closest to isotropic behaviour, with the rockmass generally classifying as ‘fairly 
anisotropic’. The siltstone and claystone specimens were the most anisotropic, with both 
rock units identified as being ‘highly anisotropic’.  
 
The ‘high anisotropic’ property identified for the siltstone and claystone specimens indicate 
they possess a definite plane of weakness in the diametral loading direction (i.e. 
perpendicular to the NMLC core axis). This orientation was considered to be approximately 
equivalent to the horizontal plane within a vertical borehole, and was consistent with the 
logged descriptions of the rocks, in which bedding/laminations were reported to exist in the 
sub-horizontal direction. 
 
Figure 10.10. Mean axial rock strength, Is(50), and anisotropy index, Ia(50), shown for each 
identified sedimentary rock material and weathering interval. Plotted values calculated using 
‘A / D pair’ dataset of each sedimentary rock unit. 
 
Although the calculated Ia(50) values are relatively constant throughout the various 
weathering grades for the siltstone and claystone materials, there was a 30% increase in 
the Ia(50) value calculated across the DW and SW weathering change for both the sandstone 
and interbedded sandstone / siltstone rock units. In both cases, this increase in Ia(50) 
changed the classification from a ‘fairly anisotropic’ rockmass to a ‘moderately anisotropic’ 
material, and indicates a considerable increase in the inherent anisotropy contained within 
the rock material (rather than being a result of the weathering processes applied insitu). This 
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increase in anisotropy as the rockmass became less weathered was accompanied by an 
observable strength increase, as demonstrated by the mean Is(50) values presented in Figure 
10.10. This identified trend in the sedimentary rock types supported that observed for the 
comparatively weaker Aspley-Tingalpa rock materials described by the historical GUP 
dataset (refer Figure F.8 in Appendix F).  
 
However, this trend was the reverse of that reported by Look and Griffiths (2004a), who 
found the correlation between PLI values from the different test orientations improved as the 
rock strength increased for rocks located within the Brisbane region (i.e. Ia(50) increasingly 
approached 1.0). However, the previous study considered meta-sedimentary and igneous 
rock types only, and not sedimentary rock materials in which inherent anisotropic properties 
associated with the sub-horizontal bedding structures would be expected.  
 
Table 10.9 summarises the rock properties encountered for each of the sedimentary rock 
units analysed by this study. 
 
Table 10.9. Summary of strength, weathering and anisotropic properties of various 
sedimentary rock types within SEQ 
Material Unit / Rock Type Sandstone / Burrum Coal Measures 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial High Very High 
Diametral High 
Anisotropy Fairly Anisotropic Moderately Anisotropic 
 
Material Unit / Rock Type Siltstone / Burrum Coal Measures 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial High Medium 
Diametral Medium Low 
Anisotropy Highly Anisotropic Moderately Anisotropic 
 
Material Unit / Rock Type Interbedded Sandstone & Siltstone / Burrum Coal Measures 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial High Very High 
Diametral Medium High 
Anisotropy Fairly Anisotropic Moderately Anisotropic 
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Material Unit / Rock Type Claystone / Burrum Coal Measures or Maryborough Formation 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial Medium High 
Diametral Medium 
Anisotropy Highly Anisotropic 
 
10.6.2. Igneous Rocks 
 
Table 10.10 details the basic statistics calculated for the igneous rock types investigated 
during this study. The mean Is(50) values generally increased as the weathering effects 
decreased for the majority of the five (5) igneous rock units investigated, and thus a link 
between the logged weathering classification and rock strength could be established for 
each rock unit. Conversely, an approximate consistent mean Is(50) was observed across the 
weathering profile interval of the granodiorite rockmass assessed. Coupled with a 
comparatively low CoV (31% to 50%), this suggests that the rock strength of the granodiorite 
was largely independent of the weathering state of the rockmass. 
 
Table 10.10. Basic statistics of Is(50) of full igneous rock PLI datasets, categorised by rock 
type and weathering classification 
Rock Type / 
Geological 
Formation 
Weathering 
Grade 
No. of PLI 
Tests (n) 
Average  
Is(50) (MPa) 
Std. Dev. 
(MPa) 
CoV 
(%) 
Rhyolite 
(Neara Volcanics) 
DW - MW 8 3.57 3.02 85% 
SW - FR 12 6.02 3.01 50% 
All Data 20 4.77 2.97 62% 
Volcanic 
Conglomerate 
(Neara Volcanics) 
DW 69 0.86 0.78 90% 
MW - SW 16 3.62 2.70 75% 
All Data 85 1.19 1.19 100% 
Granodiorite 
(Claddagah 
Granodiorite) 
DW - MW 6 2.66 0.83 31% 
SW - FR 14 2.40 1.20 50% 
All Data 20 2.65 1.24 47% 
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Rock Type / 
Geological 
Formation 
Weathering 
Grade 
No. of PLI 
Tests (n) 
Average  
Is(50) (MPa) 
Std. Dev. 
(MPa) 
CoV 
(%) 
Tuff 
(Unnamed) 
DW - MW 10 0.11 0.08 69% 
SW - FR 13 1.63 0.57 35% 
All Data 23 0.86 0.81 94% 
Basic Volcanics  
(Gympie Group) 
XW - MW 19 2.21 2.62 119% 
SW 23 3.66 1.94 53% 
All Data 42 3.15 2.56 81% 
 
Table 10.11 details the mean Is(50) values and associated rock strength descriptors 
determined when all available PLI tests were considered. In contrast, Table 10.12 provides 
the same average rock strength and rock anisotropy index, Is(50) and Ia(50) values 
respectively, for the PLI datasets when only ‘A / D pair’ data were considered.  
  
Table 10.11. Mean Is(50) and characteristic Ia(50) values of full PLI datasets, categorised by 
igneous rock type, weathering classification and PLI test orientation 
Rock Type / 
Geological 
Formation 
Weath-
ering 
Grade 
Axial PLIs Diametral PLIs Anisotropy 
Index, Ia(50) No. Average Is(50) (MPa) No. 
Average Is(50) 
(MPa) 
Rhyolite 
(Neara 
Volcanics) 
DW - MW 3 2.09 (H*) 5 2.36 (H) 0.9 
SW - FR 5 4.88 (VH) 7 6.21 (VH) 0.8 
All Data 8 3.60 (VH) 12 5.63 (VH) 0.6 
Volcanic 
Conglomerate 
(Neara 
Volcanics) 
DW 32 1.10 (H) 37 0.65 (M) 1.7 
MW - SW 8 4.17 (VH) 8 3.07 (VH) 1.4 
All Data 40 1.44 (H) 45 1.04 (H) 1.4 
Granodiorite 
(Claddagah 
Granodiorite) 
DW - MW 3 3.02 (VH) 3 2.34 (H) 1.3 
SW - FR 6 3.03 (VH) 8 1.81 (H) 1.7 
All Data 9 2.89 (H) 11 2.12 (H) 1.4 
Tuff 
(Unnamed) 
DW - MW 6 0.21 (L) 4 0.04 (VL) 5.3 
SW - FR 6 1.57 (H) 7 1.75 (H) 0.9 
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Rock Type / 
Geological 
Formation 
Weath-
ering 
Grade 
Axial PLIs Diametral PLIs Anisotropy 
Index, Ia(50) No. Average Is(50) (MPa) No. 
Average Is(50) 
(MPa) 
Tuff (Cont.) 
(Unnamed)  All Data 12 0.60 (M) 11 0.89 (M) 0.7 
Basic Volcanics  
(Gympie Group) 
XW - MW 7 1.76 (H) 12 2.06 (H) 0.9 
SW 11 3.65 (VH) 12 3.62 (VH) 1.0 
All Data 18 2.99 (H) 24 3.16 (VH) 0.9 
*VL – Very Low Strength; L – Low Strength; M – Medium Strength; H – High Strength; VH 
– Very High Strength. 
Table 10.12. Mean Is(50) and characteristic Ia(50) values of igneous rock PLI dataset limited to 
‘A / D pair’ data, categorised by rock type, weathering classification and PLI test orientation 
Rock Type / 
Geological 
Formation 
Weathering 
Grade 
No. of 
Pairs 
(n) 
Average Is(50) (MPa) Anisotropy 
Index, Ia(50) Axial Diametral 
Rhyolite 
(Neara 
Volcanics) 
DW - MW 2 3.03 (VH*) 1.87 (H) 1.6 
SW - FR 5 4.75 (VH) 5.65 (VH) 0.8 
All Data 7 3.56 (VH) 2.93 (H) 1.2 
Volcanic 
Conglomerate 
(Neara 
Volcanics) 
DW 26 0.77 (M) 0.57 (M) 1.3 
MW - SW 8 3.32 (VH) 3.10 (VH) 1.1 
All Data 34 0.93 (M) 0.83 (M) 1.1 
Granodiorite 
(Claddagah 
Granodiorite) 
DW - MW 3 2.70 (H) 3.18 (VH) 0.8 
SW - FR 5 3.62 (VH) 2.75 (H) 1.3 
All Data 8 3.07 (VH) 2.46 (H) 1.3 
Tuff 
(Unnamed) 
DW - MW 4 0.18 (L) 0.08 (VL) 2.1 
SW - FR 4 1.61 (H) 1.64 (H) 1.0 
All Data 8 0.73 (M) 0.63 (M) 1.2 
Basic Volcanics  
(Gympie Group) 
XW - MW 4 2.61 (H) 0.65 (M) 4.0 
SW 10 3.72 (VH) 3.55 (VH) 1.0 
All Data 14 3.64 (VH) 3.16 (VH) 1.2 
*VL – Very Low Strength; L – Low Strength; M – Medium Strength; H – High Strength; VH 
– Very High Strength. 
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The difference in the calculated mean Is(50) values, as presented in Table 10.11 and Table 
10.12,  is quantified in Figure 10.11. The difference between the directly comparable Is(50) 
values varied between 0% and 110%, and appeared to be material specific. The mean Is(50) 
values calculated for both of the ‘volcanic’ geological units (Neara and Gympie Group 
Volcanics) appeared to decrease when the ‘A / D pair’ data was used, whilst the 
corresponding values applicable to the Granodirorite consistently increased. As per the 
sedimentary dataset, the greatest percentage in difference between mean Is(50) values 
determined for each rock type was observed to occur within the most weathered (and 
weakest) rock materials. 
 
 
Figure 10.11. Deviation in average standardised PLI values, Is(50), for axial and diametral 
orientated PLI tests, based on dataset used. Data shown is variation of ‘A / D pair’ dataset 
compared to full PLI database, categorised by igneous rock and weathering classification. 
 
Adopting the mean Is(50) values calculated from using the ‘A / D pair’ datasets as the 
reference values (i.e. Table 10.12), the effect that the adoption of the full PLI dataset for 
strength characterisation of each rock unit and weathering class could be assessed. Of the 
30 directly comparable strength descriptors, the use of the full PLI dataset would have 
resulted in an increased attributable strength descriptor five (5) times (17%), and a 
decreased strength description four (4) times (13%). Combining the frequency of observed 
strength descriptor change, this represents a variation in the attributed strength classification 
occurring approximately one-third (30%) of the time, based solely on the way the analysis 
of the PLI data was interpreted for the igneous rock materials. 
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Similarly, the difference between the anisotropy descriptor applicable to the full and ‘A / D 
pair’ dataset varied, based on the dataset used to calculate the Ia(50) value. Of the 15 rock 
unit and weathering classifications considered, 10 classifications would vary based on the 
selected dataset. For the igneous materials, the use of only ‘A / D’ paired PLI data 
overwhelmingly reduced the noted anisotropic property, with eight (8) of the 10 descriptor 
changes resulting in the rockmass description becoming closer to isotropic (i.e. Ia(50) 
approached 1.0). 
 
All igneous rock materials were classified as being ‘fairly anisotropic’ when the full PLI 
dataset applicable to each rock type was considered. This suggests that the igneous rock 
materials are closer to isotropy than the sedimentary rock units. Four (4) of the five (5) 
igneous rock units showed a decrease in the anisotropic property associated with the 
decrease in weathering effects, and a corresponding significant increase in rock strength, 
as presented in Figure 10.12. For each rock unit as the weathering effects decreased the 
Ia(50) values approached 1.0, suggesting that the anisotropic properties observed higher in 
the weathering profile were due to the applied weathering processes, and were not inherent 
to the igneous rock units. 
 
Figure 10.12. Mean axial rock strength, Is(50), and anisotropy index, Ia(50), shown for each 
identified igneous rock material and weathering interval. Plotted values calculated using ‘A 
/ D pair’ dataset of each igneous rock unit. 
 
The exception to this trend was the granodiorite rock material, which exhibited a slight 
increase in anisotropy as the rock strength moderately increased. However, as the 
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granodiorites’ Ia(50) values varied across the point of isotropy (Ia(50) = 1.0) it was interpreted 
that, similar to its intact rock strength property identified previously, the anisotropic property 
of this rock unit was independent of weathering state. Table 10.13 summarises the rock 
properties encountered for each of the igneous rock units analysed by this study 
 
Table 10.13. Summary of strength, weathering and anisotropic properties of various igneous 
rock types within SEQ 
Material Unit / Rock Type Rhyolite / Neara Volcanics 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial High Very High 
Diametral High Very High 
Anisotropy Moderately Anisotropic Fairly Anisotropic 
 
Material Unit / Rock Type Volcanic Conglomerate / Neara Volcanics 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial Medium Very High 
Diametral Medium Very High 
Anisotropy Fairly Anisotropic Quasi-Isotropic 
 
Material Unit / Rock Type Granodiorite / Claddagah Granodiorite 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial High Very High 
Diametral Very High High 
Anisotropy Fairly Anisotropic 
 
Material Unit / Rock Type Tuff 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial Low High 
Diametral Very Low High 
Anisotropy Moderately Anisotropic Quasi-Isotropic 
 
Material Unit / Rock Type Basic Volcanics / Gympie Group 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial High Very High 
Diametral Medium Very High 
Anisotropy Very Highly Anisotropic Fairly Anisotropic 
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10.6.3. Metamorphic Rocks 
 
Three (3) metamorphic rock units were encountered during SEQ site investigations and had 
a series of PLI tests completed upon the recovered rock core. Two (2) of the encountered 
bedrock materials were metavolcanic groundmasses, whilst the third was a metasiltstone 
rock material. As per the sedimentary and igneous rock types considered, descriptive 
statistics relating to the standardised results of the PLI tests were calculated, disregarding 
the PLI test orientation. Details of the geological unit each material was inferred to belong 
to, average Is(50) values, standard deviation and Coefficient of Variation (CoV) parameters 
for each rock unit and subcategory based on grouping of logged weathering classifications 
are detailed in Table 10.14. 
 
Table 10.14. Descriptive statistics of Is(50) of full metamorphic rock PLI datasets, categorised 
by rock type and weathering classification 
Rock Type / 
Geological 
Formation 
Weathering 
Grade 
No. of PLI 
Tests (n) 
Average  
Is(50) (MPa) 
Std. Dev. 
(MPa) 
CoV 
(%) 
MetaVolcanics 
(Pumpkin Hut 
Mudstone / 
Undifferentiated rock)
XW - MW 14 0.79 0.30 37% 
SW - FR 24 4.39 2.52 57% 
All Data 38 3.10 2.61 84% 
MetaVolcanics 
(Biggenden Beds) All Data (SW) 26 4.58 1.75 38% 
MetaSiltstone 
(Unnamed Unit) 
XW - MW 11 1.48 0.79 53% 
SW - FR 14 0.79 0.70 88% 
All Data 25 1.42 1.20 85% 
 
Table 10.15 and Table 10.16 detail the mean Is(50) values and anisotropic index, Ia(50), based 
on the orientation of the PLI test. The values presented in Table 10.15 include all available 
PLI test results, whilst the comparable values detailed in Table 10.16 were calculated using 
only the ‘A / D pair’ subsets of the PLI testing datasets.  
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Table 10.15. Mean Is(50) and characteristic Ia(50) values of full PLI datasets, categorised by 
metamorphic rock unit, weathering category and PLI test orientation 
Rock Type / 
Geological 
Formation 
Weath-
ering 
Grade 
Axial PLIs Diametral PLIs Anisotropy 
Index, Ia(50) No. Average Is(50) (MPa) No. 
Average Is(50) 
(MPa) 
MetaVolcanics 
(Pumpkin Hut 
Mudstone / 
Undifferentiated 
rock) 
XW - MW 4 0.88 (M*) 10 0.69 (M*) 1.3 
SW - FR 9 5.31 (VH) 15 3.78 (VH) 1.4 
All Data 13 3.72 (VH) 25 2.32 (H) 1.6 
MetaVolcanics 
(Biggenden Beds) 
All Data 
(SW) 12 4.48 (VH) 14 4.84 (VH) 0.9 
MetaSiltstone 
(Unnamed Unit) 
XW - MW 5 1.53 (H) 6 1.43 (H) 1.1 
SW - FR 8 1.25 (H) 6 0.51 (M) 2.5 
All Data 13 1.38 (H) 12 1.20 (H) 1.2 
*M – Medium Strength; H – High Strength; VH – Very High Strength 
 
Table 10.16. Mean Is(50) and characteristic Ia(50) values of metamorphic rock PLI dataset 
limited to ‘A / D pair’ data, categorised by rock type, weathering classification and PLI test 
orientation 
Rock Type / 
Geological 
Formation 
Weath-
ering 
Grade 
No. of 
Pairs 
(n) 
Average Is(50) (MPa) Anisotropy 
Index, Ia(50) Axial Diametral 
MetaVolcanics 
(Pumpkin Hut 
Mudstone / 
Undifferentiated 
rock) 
XW - MW 3 0.99 (M*) 1.32 (H) 0.7 
SW - FR 9 5.41 (VH) 5.54 (VH) 1.0 
All Data 12 4.90 (VH) 5.96 (VH) 0.8 
MetaVolcanics 
(Biggenden Beds) 
All Data 
(SW) 11 5.43 (VH) 4.76 (VH) 1.1 
MetaSiltstone 
(Unnamed Unit) 
XW - MW 4 1.43 (H) 2.61 (H) 0.5 
SW - FR 6 0.51 (M) 0.40 (M) 1.3 
All Data 10 1.16 (H) 1.96 (H) 0.6 
*M – Medium Strength; H – High Strength; VH – Very High Strength 
 
The average difference of the comparable values presented in Table 10.15 and Table 10.16, 
was 21% for the axial values and 67% for the diametral values. Consistent with both the 
igneous and sedimentary datasets, the largest observed change in the calculated mean Is(50) 
values occurred within the extremely to moderately weathered (XW – MW) categories. The 
average percentage difference between the two (2) comparable Is(50) values for the 
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metamorphic rocks was the greatest of the three (3) rock origins considered by this study, 
suggesting the influence of the methodology adopted for characterisation of the rock 
material strength would have the greatest effect on the metamorphic materials. For the 
metamorphic rocks, the Is(50) value calculated using just the ‘A / D pair’ data was generally 
above that calculated using the full PLI database (71% of the time). 
 
As shown in Figure 10.13, two (2) of the three (3) metamorphic rock types increase with 
strength as the weathering strength decreases, with ‘very high strength’ rock reported for 
the less weathered intervals of both metavolcanic rock units. In contrast, the metasiltstone 
reported a significant decrease in rock strength (for both the axial and diametral orientated 
PLI tests) as the degree of weathering decreased. This is consistent with the siltstone unit 
considered as part of the sedimentary rock materials, and these two (2) rock units (siltstone 
and metasiltstone) were the only two (2) materials in which such a phenomenon was 
observed. 
 
Figure 10.13. Mean axial rock strength, Is(50), and anisotropy index, Ia(50), shown for each 
identified metamorphic rock material and weathering interval. Plotted values calculated 
using ‘A / D pair’ dataset of each metamorphic rock unit. 
 
The anisotropy property observed for the metamorphic rocks indicated the presence of a 
‘fairly anisotropic’ rockmass for both metavolcanic rock units, whilst the metasiltstone 
reported a ‘moderately anisotropic’ behaviour. However, unlike either the sedimentary or 
igneous rocks considered, the mean PLI value of the metamorphic rock units was higher for 
the tests completed in the diametral orientation (i.e. horizontal or sub-horizontal direction 
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when related in the insitu condition) than those conducted in axially orientated PLI tests (i.e. 
vertical strength). Such a property was most pronounced in the tests completed upon highly 
weathered materials (XW – MW classifications), with less weathered materials reporting a 
Ia(50) closer to isotropy (i.e. nearer 1.0). This suggests that the weathering processes may 
be causing the observed anisotropic effects, and that it is not inherent to the metamorphic 
rock unit.     
 
Table 10.17 summarises the rock strength and anisotropic properties encountered within 
each of the three (3) metamorphic rock units considered by this study. 
 
Table 10.17. Summary of strength, weathering and anisotropic properties of various 
metamorphic rock types within SEQ 
Material Unit / Rock Type MetaVolcanics / Undifferentiated Rocks 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial Medium Very High 
Diametral High Very High 
Anisotropy Fairly Anisotropic Quasi-Isotropic 
 
Material Unit / Rock Type MetaVolcanics / Biggenden Beds 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial Not Assessed High 
Diametral Not Assessed High 
Anisotropy Not Assessed Fairly Anisotropic 
 
Material Unit / Rock Type MetaSiltstone 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial High Medium 
Diametral High Medium 
Anisotropy Moderately Anisotropic Fairly Anisotropic 
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10.7. Discussion 
 
The discussion included in this chapter focuses on the comparison of results observed 
between the categories of rock origin – sedimentary, igneous and metamorphic categorised 
rock units. Of the 18 rock units considered, including the historical datasets presented in 
Appendix F, nine (9) were of sedimentary origin, six (6) of igneous origin and three (3) of an 
identifiable metamorphosed nature. 
 
10.7.1. Comparison of full rock datasets (regardless of weathering state) 
 
Collating the mean Is(50) values and CoV associated with the full PLI dataset of each rock 
unit, regardless of weathering classification or PLI test orientation (i.e. Table 10.9, Table 
10.13 and Table 10.17), it was observed that the range of CoV values were approximately 
similar for all categories of rock; ranging between 40% and 100%. With the CoV plotted 
against mean Is(50) in Figure 10.14, the sedimentary rock materials appeared to produce the 
most consistent Is(50)  value (CoV = 63%), whilst the average CoV associated with each of 
the three (3) rock type was contained within a small range of between 63% and 75% 
(igneous rock).  
 
 
Figure 10.14. CoV plotted against mean Is(50) for each identified rock unit and categorised by 
rock origin.  
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Table 10.18 details the averaged mean Is(50), standard deviation and CoV values produced 
for each rock category, and demonstrates the comparative difference in the mean strength 
index values associated with the significantly weaker sedimentary rock units (average Is(50) 
= 0.90 MPa; ‘medium’ strength) and both the higher strength igneous and metamorphic 
rocks – 2.61 MPa (‘high’ strength) and 3.03 MPa (‘very high’ strength) respectively. 
 
Table 10.18. Basic statistics based on material origin, full PLI datasets 
Rock Type Weathering Grade 
No. of 
Rock 
Units (n) 
Average (of individual rock units) 
Mean Is(50)  
(MPa) 
Std. Dev.  
(MPa) 
CoV  
(%) 
Sedimentary All 9 0.90 0.58 63% 
Igneous All 6 2.61 1.79 75% 
Metamorphic All 3 3.03 1.85 69% 
All Rock All 18 1.83 1.19 68% 
 
Using the ‘A / D pair’ datasets for each of the 18 rock units (i.e. Table 10.8, Table 10.12 and 
Table 10.16, Table F.4 and Table F.8), the mean Is(50) calculated for both the axial and 
diametral orientated PLI data was also compiled. As shown by this averaged data, the 
sedimentary rock materials were consistently evaluated to be both the weakest and most 
anisotropic of the rock materials. The metamorphic rock materials were determined to be 
bith the strongest and most isotropic. 
 
Table 10.19. Mean Is(50) and Ia(50) values for ‘A / D’ PLI pair datasets compiled based on 
material origin 
Rock Type Weathering Grade 
No. of 
Rock 
Units (n) 
Average (of individual rock units) 
Mean Axial 
Is(50) (MPa) 
Mean Diametral 
Is(50) (MPa) Ia(50) 
Sedimentary All 9 1.17 0.68 1.8 
Igneous All 6 2.49 2.04 1.2 
Metamorphic All 3 3.83 4.23 0.9 
All Rock All 18 2.05 1.73 1.5 
 
By plotting the mean axial and diametral Is(50) calculated for each of the rock units, as 
presented in Figure 10.15, a distinct linear relationship relating the mean axial and diametral 
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Is(50) could be identified. By the completion of linear regression through the origin, multipliers 
were defined that could be used to relate the average axial and diametral values, as defined 
in Table 10.20. For all rock categories a very high strength correlation was observed (R2 > 
0.70).  
 
 
Figure 10.15. Axial versus diametral mean Is(50) values of each considered rock unit, 
catagorised by rock origin.  
 
Table 10.20. Linear relationships derived to correlate Axial and Diametral mean Is(50) values, 
compiled by rock origin  
Rock Type Weathering Grade 
No. of Rock 
Units (n) 
Axial : Diametral Is(50) 
Relationship R2 
Sedimentary All 9 Diametral Is(50) = 0.60 x Axial Is(50) 0.97 
Igneous All 6 Diametral Is(50) = 0.82 x Axial Is(50) 0.99 
Metamorphic All 3 Diametral Is(50) = 1.05 x Axial Is(50) 0.97 
 
As per the Ia(50) values defined in Table 10.19, the greatest disparity between the mean axial 
and diametral Is(50) values was observed for the sedimentary rock units whilst the 
metamorphic rock materials indicated both approximate isotropy and the reversal of the axial 
> diametral behaviour exhibited by the sedimentary and igneous rocks units. This indicates 
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that the SEQ metamorphic rocks may be considered to typically have a horizontally 
orientated strength greater than that observed in the axial (vertical) direction.  
  
Figure 10.16 was compiled using the mean axial Is(50) values calculated for each rock unit 
from the  ‘A / D pair’ dataset  and plotting this rock strength against the anisotropic property 
of that rock mass. As shown in this figure, boundary polygons representing the 95th 
percentile of axial Is(50) and Ia(50) parameters were calculated after categorisation of the rock 
units by origin.  
 
Figure 10.16. Mean axial rock strength, Is(50), and anisotropy index, Ia(50), shown for each 
identified rock unit and categorised by rock origin. Shown boundaries indicate 95th percentile 
values of Is(50) and Ia(50) parameters. Plotted values calculated using ‘A / D pair’ dataset of 
each rock unit. 
 
The metamorphic rocks, although having the strongest minimum characteristic rock 
strength, displayed the largest PLI range of the three (3) rock categories, with the 95th 
percentile boundary spanning an interval of 3.85 MPa. The sedimentary rock unit had the 
lowest minimum (0.3 MPa) and median strength (1.4 MPa), and also had the smallest 
strength range (2.1 MPa).  
 
Although the range of metamorphic rock data included Ia(50) = 1.0, indicating isotropic rock 
behavior, the igneous rock materials appeared to be the rock units that exhibited most 
consistent behaviour, as evidenced by the thin range (0.15) exhibited in the vertical axis in 
Figure 10.16.  With a range of Ia(50) values of 1.5 (i.e. 1.2 ≤ Ia(50) ≤  2.7), 300% greater that 
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than the range of 0.5 (i.e. 0.6 ≤ Ia(50) ≤ 1.1) exhibited by the metamorphic units, the 
sedimentary rock materials were obviously the most anisotropic rock type.  
 
10.7.2. Influence of weathering state 
 
Rock units were further investigated by the identification and consideration of PLI results 
based on generalised weathering classifications. For 16 of the 18 rock units assessed, there 
existed a weathering distinction at approximately the Moderately Weathered (MW) 
boundary, and thus the material properties of each rock unit above and below this boundary 
could be examined. In the individual summary tables constructed for each assessed rock 
unit – Table 10.9, Table 10.13, Table 10.17, Table F.11 and Table F.12 – the material 
strength and anisotropic property of rock material either side of this identified boundary was 
provided. 
 
By compiling the mean axial and diametral Is(50) values associated with each of the two (2) 
distinct weathering regions (using ‘A / D’ paired data only), additional trends inherent to each 
rock type were assessed. As summarised in Table 10.21 – categorised by rock origin – and 
presented in Figure 10.17 – shown for individual rock units – both the strength increase 
associated with the decrease in weathering effects and the significant strength difference 
between the sedimentary and other rock types could again be observed. 
 
Table 10.21. Mean Is(50) and Ia(50) values for ‘A / D’ PLI pair datasets compiled based on 
material origin and general weathering classification 
Rock Type n Weathering Grade 
Average (of individual rock units) 
Mean Axial Is(50) 
(MPa) 
Mean Diametral 
Is(50) (MPa) 
Anisotropy 
Index Ia(50) 
Sedimentary 9 
XW – MW 0.90 (M) 0.56 (M) 1.7 
MW - SW 1.21 (H) 0.69 (M) 2.0 
Igneous 6 
XW – MW 1.85 (H) 1.21 (H) 2.0 
MW - SW 3.50 (VH) 3.31 (VH) 1.0 
Metamorphic 3 
XW – MW 1.21 (H) 1.97 (H) 0.6 
MW - SW 3.78 (VH) 3.57 (VH) 1.1 
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Figure 10.17. Mean axial and diamertral Is(50) values for each rock unit based on generalised 
weathering classifications. 
 
Table 10.21 and Figure 10.18 demonstrate that for the mean Is(50) values respectively, a 
significant strength difference can be identified when the datasets are compared using the 
two (2) standardised weathering categories. Only two (2) rock units, siltstone and 
metasiltstone, reported a decrease in the ‘characteristic’ strength index values of both the 
axial and diametral datasets. All other rocks (14 of 16 rock units; 88%) reported an increase 
in strength in at least one (1) PLI orientation, with the magnitude of the ratio of the 
comparable mean Is(50) values reaching above 2000%. 
Chapter 10                                                  Strength and anisotropic properties of SEQ rock 
 
– 356 – 
 
Figure 10.18. Mean axial rock strength, Is(50), and anisotropy index, Ia(50), shown for the 
generalised weathering intervals for each identified rock unit, classified by material origin. 
 
For all rock origins, the comparatively highly weathered material category – materials 
classified between XW to approximately MW – produced averaged Ia(50) values that identified 
‘moderate anisotropy’ was present within such rockmasses. Within the comparatively less 
weathered material units – classified between approximately MW to FR –  both the igneous 
and metamorphic rock units approached isotropy, whilst the sedimentary rock continued to 
display ‘moderate anisotropy’ and demonstrated an increased Ia(50) value (i.e. ‘MW to FR’ 
materials were more anisotropic than the highly weathered materials). These ‘typical’ 
behaviours of each rock origin, are summarised in Figure 10.19. 
Chapter 10                                                  Strength and anisotropic properties of SEQ rock 
 
– 357 – 
 
Figure 10.19. Mean axial rock strength, Is(50), and anisotropy index, Ia(50), shown for the 
generalised weathering intervals for rocks of various material origin. 
 
The approach of the igneous and metamorphic towards isotropy associated with the 
decrease of weathering suggested that such rock materials did not have any ‘inherent’ 
anisotropic property, and that the observed anisotropic parameter within the ‘XW to MW’ 
material was ‘induced’ anisotropy, attributable solely to the weathering process applied 
within the residual profile.  
 
The trend whereby a decrease in anisotropy of the igneous and metamorphic rock materials 
is consistent with the findings of Look and Griffiths (2001), whose study concluded that once 
a ‘high’ strength metamorphic or igneous rock was encountered, then the rockmass would 
largely display isotropic strength behaviours. By relating the rock strength index values 
associated with the categorised weathering classifications, as summarised in Table 10.21, 
it has been demonstrated that the typical strength associated with the isotropic, ‘MW to FR’ 
materials was ‘very high strength’ (or better). Thus, this study refines the conclusions of 
Look and Griffiths (2001), and reveals that igneous and metamorphic rocks encountered 
within the SEQ region can be assumed to be isotropic once the rock strength of ‘very high 
strength’ or greater are encountered. 
 
In contrast, the continual anisotropy exhibited by the sedimentary rock materials, regardless 
of rock strength, alludes to the presence of an ‘inherent’ anisotropy property. This is 
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interpreted to be likely associated with the bedded structure of such rock units, and this 
study has demonstrated that the presence of such an anisotropic property was neither 
enhanced nor diminished by the application of weathering processes to the rock profile. This 
finding was the reverse of expectation, with no previous study identifying such a trend for 
any SEQ rock unit.  
 
10.8. Conclusions 
 
This study represents the first comprehensive assessment that incorporated the 
investigation of both the variation within comparable rock strength measurements and 
quantifiable anisotropy parameters across the weathering profile of rock units. Similarly, this 
study was the first known study to identify and separate the presence of ‘inherent’ and 
‘induced’ anisotropies over the strength continuum of a rockmass, and certainly the first to 
investigate such properties across numerous SEQ rock units.  
 
The data presented in this chapter produced estimates of the intact rock strength and 
variation of numerous rock units located within SEQ. By assessing the results of Point Load 
Index, PLI, tests, standardised to the industry accepted reporting value, Is(50), directly 
comparable rock strength estimates were calculated. 
 
Links that show a direct relationship between the mean Is(50) and weathering state of the rock 
material were established for SEQ rock materials of varying origin. In nearly all cases, the 
intact rock strength was observed to increase as the effects of weathering processes 
lessened. A summary of the variation of average Is(50) values across the full weathering 
continuum (XW to FR) was provided for each assessed rock material. 
 
This chapter further identified the presence and magnitude of anisotropic properties present 
within SEQ rock materials, by comparing the mean Is(50) values calculated for PLI tests 
completed in both diametral and axial orientations. The analyses detailed herein highlighted 
the difference in mean Is(50) values calculated for these two (2) principal axes, with the 
majority of rocks indicating axial orientated tests (vertical loading) provided higher strength 
values than diametral orientated tests (horizontal loading). This difference was most 
pronounced in sedimentary rock materials. Some metamorphic rock units indicated the 
reverse of this relationship, with diametral orientated tests outperforming axial orientated 
tests. 
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Given that the magnitude of anisotropy may increase with the degree of weathering for some 
rock types, then further research examining if such a property extended into the typically 
residual soil overburden is warranted.  
 
As an adjunct to this research, some preliminary investigation into the anisotropic 
parameters present within a residual soil was commenced by the author regarding 
anisotropy of a residual soil fill (Lacey et. al., 2012). However, although this research 
validated a procedure that could be adopted in practical application for field assessment of 
soil anisotropy, further investigation and validation would be required to assess the typical 
anisotropy of common SEQ residual soil materials. 
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11. CHAPTER 11.  Non-normal distribution behaviour of PLI datasets and 
implications on characteristic strength parameters 
11.1. Introduction 
 
Chapter 10 evaluated typical intact rock strength characteristics and anisotropic properties 
present within various South East Queensland (SEQ) rock units. This was completed by 
undertaking numerous Point Load Index (PLI) strength tests upon recovered rock core 
materials, and the subsequent calculation of the mean value for the constructed datasets of 
standardised PLI results, IS(50).  The variation in rock strength was established to be related 
to weathering classification of the rock material, and the typical strength parameters 
applicable to SEQ’s residual soil profiles were extended across the investigated region of 
‘weak rock’. 
 
However, the findings detailed in Chapter 10 were limited to the consideration of rock 
strength and anisotropy via calculation of simple average IS(50) values as the ‘characteristic’ 
value for each PLI dataset. This approach replicated the methodology included in the 
relevant standard documents (AS4133.4.1-2007, ASTM D 5731-08, ISRM 325-89), but did 
not account for the presence of any non-Normal data distribution of PLI results that may 
exist within each dataset. 
 
This chapter extends the analysis of PLI data to ‘characteristic design’ values other than the 
mean IS(50), and demonstrates the inadequacy of the general assumption that PLI datasets 
reflect a Normal distribution function. By the fitting of various distribution functions to both 
axial and diamentral PLI data, typical relationships that account for the anisotropic properties 
of rocks present in SEQ have also been determined for the full range of rock strengths 
observed. 
 
11.2. Literature Review 
11.2.1. ‘Characteristic’ Parameters in Limit State Design 
 
Design standards are increasingly decreeing that Limit State Design (LSD) methods be 
adopted for geotechnical design (e.g. Eurocode 7, 2004; AS2159, 2007; Austroads, 1992). 
Included within many of these procedures is the need to identify ‘characteristic’ design 
parameters that would result in the probability of the insitu parameter adversely exceeding 
the design parameter being not greater than 5%. For example, Eurocode 7 states: 
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“.... the governing parameter is often the mean of a range of values covering a 
large surface or volume of the ground. The characteristic value should be a 
cautious estimate of this mean value.”  
(Clause. 2.4.5.5, Paragraph 7) 
 
“If statistical methods are used, the characteristic value should be derived such 
that the calculated probability of a worse value governing the occurrence of the 
limit state under consideration is not greater than 5%.  
Note: In this respect a cautious estimate of the mean value of the selection of the 
mean value of the limited set of the geotechnical parameter values, with a 
confidence level of 95%; where local failure is concerned, a cautious estimate of 
the low value is a 5% fractile.”  
(Clause. 2.4.5.2, Paragraph 11) 
 
There has been extensive debate about how these definitions should be implemented, and 
what descriptive statistical value (e.g. percentile level, mean, median) represents a 
‘characteristic’ value. As described by Schneider (2011) and Hicks (2012), the details 
included in Eurocode 7 suggest different ‘characteristic’ values can be adopted based on 
the spatial scale of the parameter’s fluctuation compared to magnitude of the zone of 
influence (length, area or volume) of the focus of design. Where there is a small scale of 
fluctuation compared to the zone of influence, the 95% confidence value of the parameter 
mean can be adopted, whilst for situations where the parameter fluctuation is high compared 
to the zone of influence, a minimal fractile should be used. This concept is illustrated in 
Figure 11.1.   
 
 
Figure 11.1. Location of 5% fractile and 95% confidence value (5% fractile) of mean values. 
Location of parameters overlaid on a Normal distribution (after Schneider, 2011). 
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Phol (2011) identifies that statistical methods are not routinely adopted but any 
‘characteristic’ parameter should be a ‘cautious estimate’. Thus ‘characteristic’ values of 
rock strength for all aspects of design (other than the assessment of excavatability) should 
remain below the mean value of the available rock strength dataset (Orr and Vardanega, 
2013).  
 
The nomination of a magnitude of ‘5%’ as the maximum allowable deviation in LSD 
standards often leads to either the simple adoption of the minimum 5% fractile (5th 
percentile) or the 5% fractile from the mean value. However, the disparity between these 
characteristic values can have significant implications on the resultant foundation design 
based on the adopted parameter. 
 
Moreover, the description of ‘characteristic’ (conservative) values - either as defined in 
Figure 11.1 or for any parameter value between the lower bound and mean value – is based 
on an inherent assumption that the data is normally distributed. This assumption should be 
challenged on a case-by-case basis, using both a visual assessment and hypothesis test 
(Pohl, 2011), such as an Anderson-Darling or Kolmogorov-Smirnov tests, but is rarely 
performed by industry. Failure to initially establish the applicability of normality to a dataset 
prior to the calculation of ‘characteristic’ design values may result in additional errors, as the 
methods used for parameter derivation vary based on the adoption of Normal or non-Normal 
distribution functions. 
 
11.2.2. Definitions of ‘Characteristic’ parameters in Normal and non-Normal 
distributed datasets 
 
For normally distributed data, either of the ‘characteristic’ design values identified in Figure 
11.1 could be easily determined by the application of student distribution (t-statistic) of 1.645 
and the calculation of the mean (̅ݔ), standard deviation (SD), Standard Error (SE) and 
Coefficient of Variation (CoV). 
 
As identified by Hicks (2012), for a dataset of sufficient size and quality both ‘characteristic’ 
design values can be found using Equations 11.1 and 11.2. 
 
95% Confidence Interval of Mean = ̅ݔ – 1.645 x SE   (Equation 11.1) 
5th Percentile = ̅ݔ – 1.645 x SD   (Equation 11.2) 
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Schneider (1997) argued that the use of the 5th percentile value was too conservative, and 
rather an estimate based on the 5th percentile of the test results rather than the fitted normal 
distribution would be more applicable for use as a ‘characteristic value’ – as defined by 
Equation 11.3. 
 
Characteristic Value = ̅ݔ [1 – (½ x CoV)]   (Equation 11.3) 
 
As cited by Simpson et. al. (2007), Becker (1996) assessed that the use of a characteristic 
value that was ½ a standard deviation removed from the mean (i.e. Equation 11.3) would, 
in a normally distributed dataset, result in approximately 75% of test results exceeding such 
a value. This would imply that the lower quartile value of a test result dataset may be 
approximately equivalent to the ‘characteristic value’ determined by use of Equation 11.3. 
Similarly, Foye et. al. (2006) using the exceedance threshold of 80% of test results, which 
would corresponded to a value 0.84 standard deviations removed from the mean value.  
 
Figure 11.2 shows the relative location of each of these values upon a generic normal 
distribution function. 
 
Figure 11.2. Relative location of various ‘characteristic’ values for normally distributed 
dataset (after Simpson et. al., 2007). 
 
However, when non-normal distributions are identified to exist, the application of Equations 
11.1 to 11.3 cannot be directly applied, as the t-statistic is not applicable. Instead, Schnieder 
and Schnieder (2011) posit that once the reported CoV exceeds 30% (0.3), a Log-Normal 
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distribution should be assumed. In such cases, these author’s recommended that the 
‘characteristic’ values could be calculated by Equation 11.4. 
 
Characteristic Value = ̅ݔ x    (Equation 11.4) 
 
Various publications, such as Lee et. al. (1983), Li et. al. (1993), Phoon and Kulhawy (1999) 
and Schneider and Schneider (2013) have investigated and tabulated CoV values for both 
insitu and laboratory based geotechnical tests. From such texts, various geotechnical 
parameters can be initially assessed if they are likely to display a Normal or non-Normal 
distribution function.  
 
11.2.3. Distribution of Point Load Index (PLI) datasets 
 
As identified in Chapter 10, standard test methods relating to the PLI test recommend the 
reporting of the average IS(50) value for a dataset, after the removal of approximately the 
upper and lower 10% of values. This focus on the mean IS(50) value implies the assumption 
of a normal distribution would apply to PLI datasets. 
 
Over at least the 30 years, a breach of the assumption of normality has been repeatedly 
noted in relation to PLI datasets. For example, Broch (1983) suggested that characteristic 
strength index values should report the median value instead of the mean value where the 
mean value would have a “disproportionate effect” on the results.  Similarly, Forster (1983) 
recommended that the use of median values for reporting the point load strength index upon 
axial or diametral datasets that had at least 10 values (n = 10). Hoek et. al. (2000) supported 
this finding of non-normality. The authors suggested that PLI tests completed on rock core 
may be described by a Weibull distribution function; as such data generally had included ‘a 
few very high values’.  
 
Studies specifically completed upon SEQ rock materials have also demonstrated that PLI 
datasets were generally non-Normal in nature, and thus the use of mean IS(50) values as the 
basis of strength description or ‘characteristic’ design values was inadequate. Look and 
Griffiths (2001) demonstrated that a Wiebull function would be more applicable than a 
Normal distribution in describing PLI data for the Brisbane Tuff rock unit and, as the median 
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was less than the mean, a ‘positive’ skew was noted to exist in the PLI dataset used in their 
analyses.  
 
Further research by Look and Griffiths (2004) identified that the use of either a Weibull or 
Log-Normal function would be preferential to the simple assumption of a Normal distribution 
in the description of PLI datasets after they were categorised by weathering classification 
(as per the methodology adopted by this research project). Look and Griffiths (2004) also 
found that the calculation of a 5th Percentile value via use of a Normal distribution function 
would frequently result in an unachievable – and inappropriate – negative IS(50) value, and 
instead recommended that the use of a lower quartile or median PLI value would likely 
provide a ‘reasonably conservative value’ for use in design. 
 
Based on their analysis of SEQ’s Aspley-Tingalpa formation of sedimentary rocks, Look and 
Wijeyakulasuriya (2009) suggested a more common distribution function be adopted, such 
as a Log-Normal function. The authors argued that even though this may not necessarily be 
the function of best fit (from all the available functions contained within specialist statistical 
analysis software), the significant advantages associated with this function in comparison 
with the simple application of Normal distribution justifies the recommendation of its use. It 
was identified that the relative simplicity of, and existing familiarity of engineers with, the 
Log-Normal distribution function may facilitate its widespread adoption, rather than a 
recommendation of other distributions (that although better fitting were more unfamiliar and 
complex in theory). Due to the high CoV values reported in the PLI data analysed by Look 
and Wijeyakulasuriya (2009) – 30% to 150% – this recommendation is considered to be 
analogous to the generic recommendations of Schneider and Schneider (2013).  
 
Look and Wijeyakulasuriya (2009) also discussed subsequent design errors that may be 
associated with simply applying a normal distribution function to PLI data, and subsequently 
attempting to define a PLI to UCS conversion ratio. Their recommendation was to adopt the 
median IS(50) value as the ‘characteristic’ PLI value with which to calculate an equivalent 
UCS parameter, as this was the location where approximate unity between the Normal and 
non-Normal distributions occurred. This suggestion is consistent with the initial 
recommendations made by Broch (1983) and Forster (1983) regarding ‘characteristic’ 
strength values from PLI datasets.  
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11.3. Aim of Current Study 
 
The data analysis detailed within this chapter aimed to identify the presence of a non-Normal 
distribution within the PLI datasets compiled for SEQ rock materials, as used for the in depth 
assessment of rock anisotropy detailed in Chapter 10. If present, the study aimed to identify 
the most common and / or accurate distribution function that could be used to describe each 
of the constructed datasets. 
 
From this analysis, it was anticipated that ‘characteristic’ design values applicable to each 
of the identified rock materials, strength units / weathering classifications and material origin 
could be determined. A comparison of the ‘characteristic’ PLI values derived by either the 
adoption of a Normal or non-Normal distribution could be made, and guidance on the 
magnitude of the difference in the calculated ‘characteristic’ or statistical values produced 
by either type of distribution function formed. 
 
11.4. Methodology 
 
The methodology adopted in this study comprised statistical analysis of each of the PLI 
datasets constructed for the study detailed within Chapter 10, categorised by rock unit origin 
and distinct weathering classification. A total of 66 datasets were constructed, as 
summarised in Table 11.1 (refer to Section 10.6 for more details about each PLI dataset). 
 
The analysis of each dataset involved the following methodology: 
For Normal distribution analysis: 
(a) Assume a Normal distribution is exhibited by dataset 
(b) Determine fractiles of dataset for 5th, 10th, 25th (lower quartile), 50th (median), 75th 
(upper quartile), 90th, and 95th percentiles 
(c) Determine Mean, Standard Deviation, Standard Error and Coefficient of Varation 
(CoV) statistical values 
(d) Calculate the ‘characteristic values’ of dataset as per Equations 11.1 to 11.3. 
 
For non-Normal distribution fitting and analysis: 
(e) Assume a non-Normal distribution is exhibited by dataset 
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(f) Curve fit non-Normal distributions to identify the function of best fit to describe the 
PLI dataset 
(g) Use non-Normal function of best fit to recalculate fractiles of PLI dataset as per (b) 
(h) Recalculate the ‘characteristic values’ of dataset as per Equation 11.4  
 
The assessment of the fitted non-Normal distributions was quantified by the Kolmogorov-
Smirnov ‘goodness of fit’ test, with a total of 48 distribution functions available for analysis. 
The fitting of non-Normal Probability Distribution Functions (PDFs) was completed using the 
EasyFit statistical software (MathWave Technologies, 2010). 
 
In order to quantifiably assess the applicable PDF for use with the PLI datasets the ranking 
of each PDF as per the Kolmogorov-Smirnov ‘goodness of fit’ test was recorded, with a 
value of one (1) being assigned to the best fitting PDF and a value of 48 being assigned to 
the least applicable. Combining this ranking for all assessed datasets, the overall ranking of 
each PDF was assessed. 
 
In addition, to allow direct comparisons between the findings of this and previous studies, 
steps (f) to (h) was repeated for both the PDF of ‘best-fit’ and also for the Weibull (Hoek, 
2007), Log-Logistic and Log-Normal functions (Look et. al., 2001, 2004, 2009). 
 
11.4.1. Dataset Preparation 
 
The datasets compiled for this analysis were prepared as per the recommendations of the 
Point Load Index Standards (e.g. AS4133.4.1-2007), as described in Chapter 10. This 
included the identification and removal of outliers, and the subsequent removal of the 
maximum and minimum values contained within each dataset. Accordingly, this analysis 
considered the distribution displayed by each dataset once they had been readied to be 
used to determine the mean IS(50) value and the anisotropy index, Ia(50). 
 
11.4.2. Details of PLI datasets 
 
Only the ‘A / D paired’ PLI data were used for this analysis, and datasets were only subjected 
to an assessment of their applicable distribution function if more than 10 pairs (n = 10) were 
available. Therefore some rock units only had one (1) of their two (2) intervals of weathering 
(i.e. XW to MW or MW to FR) defined in Chapter 10 analysed. For completeness, full rock 
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unit datasets (i.e. all weathering classifications for a single rock unit) and composite datasets 
that compiled the PLI results for all rock units of a specific material origin were also 
considered. Table 11.1 details each of the specific PLI datasets considered by this 
assessment of normality. 
 
Table 11.1. Details of PLI datasets – rock units and size – used for analysis 
Rock 
Type 
Formation 
(Project) Rock Unit 
Weathering 
Grade 
No. Of ‘A / D’ Pairs 
(n) 
Se
dim
en
tar
y 
Aspley – Tingalpa 
Formation 
 
(Gateway 
Upgrade Project) 
Capping Rock MW - SW 10 
Coal Measures 
XW – MW 84 
MW - SW 18 
All Rock 102 
Sandstone / Siltstone 
(Interbedded) 
MW - SW 99 
All Rock 106 
Mudstone 
MW - SW 147 
All Rock 158 
Burrum Coal 
Measures 
Sandstone 
MW - SW 21 
All Rock 37 
Siltstone 
 All Rock 12 
Sandstone / Siltstone 
(Interbedded) 
MW - SW 31 
All Rock 42 
Claystone All Rock 10 
All All Sedimentary Rock Units 
XW - MW 140 
MW - SW 332 
FR 11 
All Rock 485 
Ign
eo
us
 
Brisbane Tuff 
(NSBT Project) Tuff 
XW - MW 13 
MW - FR 13 
All Rock 26 
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Rock 
Type 
Formation 
(Project) Rock Unit 
Weathering 
Grade 
No. Of ‘A / D’ Pairs 
(n) 
Ign
eo
us
 
(C
on
tin
ue
d)
 
Neara Volcanics Volcanic Conglomerate 
XW - MW 26 
All Rock 34 
Gympie Group Basic Volcanics 
MW - SW 10 
All Rock 14 
All All Igneous Rock Units 
XW - MW 52 
MW - SR 45 
All Rock 97 
Me
tam
orp
hic
 
Unnamed MetaVolcanics All Rock 12 
Biggenden Beds MetaVolcanics All Rock 11 
Unnamed MetaSiltstone All Rock 10 
All All Metamorphic Rock Units 
MW - SR 26 
All Rock 33 
   
11.5. Results 
11.5.1. Skew of dataset – median compared to mean values 
 
For a normally distributed dataset, the median and mean will be approximately the same 
value. Generally for skewed distributions, the mean value is positioned further out into the 
tail (the direction of the skew) than the median (Moore, 2000). Accordingly, prior to the fitting 
of applicable distribution functions, the presence of a potential skew within of each dataset 
could be initially estimated based on a comparison of the median of each PLI dataset to the 
corresponding mean.  
 
Of the 66 datasets considered – 33 rock units as per Table 11.1, with axial and diametral 
orientated IS(50) datasets analysed individually for each unit – only 10 (15%) reported a 
median higher than the mean value. This suggests that the PLI datasets generally report a 
median IS(50) value smaller than the mean IS(50), and the predominant dataset shape of PLI 
datasets would thus be ‘positive’ or ‘right’ skewed, as shown in Figure 11.3. 
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Figure 11.3. Definition of skew of dataset, and relative positions of mean and median 
values (from Doane and Seward, 2011). 
 
The range and magnitude of the ratio between the median and average IS(50) values of the 
PLI dataset are summarised by both material origin and weathering classification in Table 
11.2. From this data, it is observed that the largest skew (i.e. largest deviation from Normal 
distribution behaviour) would be expected to be present in the materials most affected by 
weathering (XW to MW range), and likely more pronounced in the diametral PLI datasets. 
 
Table 11.2. Statistics of median and average values of PLI datasets, by material origin 
Rock 
Origin 
Weathering 
Class 
No 
(n) 
Ratio of median:average IS(50) of PLI Dataset 
(Axial / Diametral Data) 
Minimum Median Mean Maximum 
Sedi-
mentary 
XW – MW 1 N/A* 0.83 / 0.92 N/A 
MW – FR 6 0.72 / 0.63 0.95 / 0.90 0.93 / 0.88 1.13 / 1.06 
Full Rock Units 7 0.82 / 0.88 0.89 / 0.94 0.90 / 0.94 0.98 / 1.04 
Igneous 
XW – MW 2 0.68 / 0.56 0.78 / 0.66 0.87 / 0.76 
MW – FR 2 0.88 / 0.85 0.90 / 0.89 0.93 / 0.93 
Full Rock Units 3 0.70 / 0.58 0.88 / 0.74 0.86 / 0.74 1.01 / 0.89 
Meta-
morphic Full Rock Units 3 0.86 / 0.88 0.94 / 0.95 0.94 / 0.94 1.02 / 0.99 
 
When all individual rock units were combined into a single dataset for each of the three (3) 
categories material origins, the same trends was observed, as shown in Table 11.3. Notably 
the behaviour of the XW to MW weathering units indicated a significant ‘positive’ skew, with 
median values typically approximately 60% of the average value. 
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Table 11.3. Median and average values of PLI datasets, by material weathering 
Weathering 
Class 
No. 
(n) 
Ratio of median:average IS(50) of PLI Dataset 
(Axial / Diametral Data) 
Minimum Median Mean Maximum 
XW – MW 2 0.50 / 0.54 0.61 / 0.59 0.73 / 0.64 
MW – FR 3 0.88 / 0.78 1.02 / 0.82 0.98 / 0.86 1.06 / 0.98 
Full Origin Data 3 0.73 / 0.72 0.76 / 0.75 0.83 / 0.83 0.99 / 1.01 
 
Based on the data contained with Table 11.2 and Table 11.3, the use of the median IS(50) 
value instead of the mean IS(50) to represent the characteristic PLI strength index – as per 
the recommendations of Broch (1983) and Forster (1983) – would, on average, result in the 
reduction of the adopted ‘characteristic’ IS(50) value of between 10% (axial orientated PLI 
tests) and 15% (diametral orientated PLI tests). 
 
11.5.2. Assessment of skewness based on CoV 
 
Schnieder and Schnider (2011) suggest that once the reported CoV exceeds 30% (0.3), a 
Log-Normal distribution should be assumed. This was interpreted to imply that once a CoV 
exceeds 30%, the applicability and assumption of a Normal distribution no longer holds. 
 
Only six (6) of the 66 datasets (9%) have CoVs less than the threshold of 30%, and could 
thus be expected to be adequately described by a Normal distribution. The remaining 60 
(91%) datasets reported a CoV in excess of 30%, as presented in Figure 11.4. Thus, for the 
majority of the PLI data it was observed that a Normal distribution would likely not be 
applicable for use in the determination of the ‘characteristic’ IS(50) parameter. 
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Figure 11.4. Coefficient of Variation (CoV) values of each PLI dataset analysed, 
categorised by PLI orientation 
 
For the 14 individual PLI datasets (rock units and weathering classes) of sedimentary origin, 
11 datasets (79%) reported a higher CoV associated with the axial orientated tests 
compared to the CoV calculated for the diametral orientated tests. On average this 
difference in CoV was 5%. In contrast, all seven (7) of the datasets (100%)  arising from 
igneous rock materials reported higher CoVs associated with the diametral orientated tests, 
with the average difference 22%.  
 
This finding suggests that the spread of test results is largely isotropic across the various 
sedimentary rockmasses considered, whilst the large and consistent difference in CoVs of 
the igneous rock units suggest the daimetral orientated PLI tests include a significantly 
higher amount of variation than the axial orientated tests. Thus, for igneous rock units the 
confidence level relating to any basic statistical value calculated based solely on axial 
orientated PLI test results should be greater than the corresponding value calculated using 
diametral orientated PLI test data. 
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Average CoVs and the range of CoVs calculated for composite PLI test datasets based on 
the origin and weathering classification of rock units are presented in Table 11.4. Median 
and average CoV values for the three (3) composite datasets that ignore rock weathering 
(i.e. ‘all datasets’ in Table 11.4) indicate approximate unity for the axial orientated PLI results 
(ݔ෤ = 52 to 55%; ̅ݔ = 47 to 56%), but much larger variation for the diametral orientated PLI 
results (ݔ෤ = 44 to 73%; ̅ݔ = 45 to 75%) 
 
Table 11.4. Statistics of CoV values of PLI datasets, by material origin 
Rock 
Origin 
Weathering 
Class 
No. 
(n) 
Coefficent of Variation (CoV) of IS(50) of PLI 
Dataset (Axial / Diametral) 
Minimum Median Mean Maximum 
Sedi-
mentary 
 
MW – FR 6 39% / 39% 50% / 47% 53% / 52% 78% / 83%
Full Rock Units 7 47% / 10% 61% / 54% 59% / 50% 73% / 78%
All Datasets 14 39% / 10% 55% / 50% 56% / 51% 78% / 83%
Igneous 
XW – MW 2 46% / 73% 53% / 50% 60% / 99%
MW – FR 2 19% / 32% 35% / 50% 51% / 67%
Full Rock Units 3 52% / 73% 60% / 78% 63% / 83% 77% / 99%
All Datasets 7 19% / 32% 52% / 73% 52% / 75% 77% / 99%
Meta-
morphic 
Full Rock Units 
/ All Datasets 3 22% / 19% 55% / 44% 47% / 45% 63% / 72%
 
11.5.3. Characteristic Values determined via assumption of Normal Distribution  
 
From the initial assessment of normality, as described in Sections 11.5.1 and 11.5.2, the 
majority of the PLI datasets do not appear to obey the behaviour expected of normally 
distributed data. Accordingly, it is considered that the simple adoption of Normal distribution 
for statistical analysis, and for the derivation of ‘characteristic values’ would not apply to the 
strength parameter of SEQ rock units. 
 
However, for comparative purposes the ‘characteristic’ IS(50) values of each PLI dataset 
assuming a normal distribution, as defined by Equations 11.1 to Equation 11.3, were 
calculated. The results and the suitability of use of each equation to determine a 
‘characteristic’ design parameters are assessed individually in Sections 11.5.3.1 to 11.5.3.3. 
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11.5.3.1. 95% Confidence Interval of Mean 
 
As noted by Schneider (1999), the ‘conservative mean’ value of a parameter adequately 
described by a normal distribution can be estimated by Equation 11.1. This is shown 
conceptually in Figure 11.5. 
 
 
Figure 11.5. Definition of Lower bound of 95th Confidence Interval of Mean, shown 
comparatively to location of mean / median value for a normal distribution 
 
For the PLI datasets considered by this study, the 95% confidence interval of the mean has 
been determined, and the fractile of the normal distribution with which it correlates. The 
results of this are presented in Table 11.5, and show that the fractile corresponding to the 
calculated 95% Confidence Interval of the Mean of the PLI datasets are comparatively 
consistent for all materials, regardless of the material origin or the orientation of the PLI test. 
The consistent reported range is between 25th and 47th percentile of the normal distribution 
function fitted to the IS(50) dataset, with a consistent median and average value of 35%. 
 
Table 11.5. Percentile of normal distribution equivalent to 95% confidence interval of mean 
Rock 
Origin Weathering Class 
No. Rock 
Units / 
Datasets 
(n) 
Fractile of normal dist. for PLI 
dataset equivalent to 95% 
Confidence Interval of Mean 
Median Mean Range 
Sedi-
mentary 
 
MW – FR 6 36th 37th 28th – 45th 
Full Rock Units 7 39th 38th 28th – 45th 
All Sedimentary Datasets 14 39th 38th 28th – 45th 
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Rock 
Origin Weathering Class 
No. Rock 
Units / 
Datasets 
(n) 
Fractile of normal dist. for PLI 
dataset equivalent to 95% 
Confidence Interval of Mean 
Median Mean Range 
Igneous 
XW – MW 2 32nd 32nd 29th – 36th 
MW – SW 2 29th 29th 28th – 29th 
Full Rock Units 3 36th 35nd 30th – 38th 
All Igneous Datasets 7 30th 32nd 28th – 37th 
Meta-
morphic 
Full Rock Units / All 
Metamorphic Datasets 3 27th 27th 25th – 28th 
 
Figure 11.6 presents the ‘characteristic value’ for each individual rock unit determined as 
the lower 95% Confidence Interval of the Mean and categorised by the orientation of the PLI 
tests. As annotated in Figure 11.6, two (2) distinct regions are observed, either side of a 
‘characteristic’ IS(50) value of 2.50 MPa. This is considered to be the approximately analogous 
to a ‘conservative mean’ value of a IS(50) value of 3.0MPa, the IS(50) value that corresponds to 
the distinction between ‘high’ and ‘very high’ strength rocks. For the 95% Confidence Interval 
of the Mean values that fall below the IS(50) = 2.5 MPa threshold, the fractile range varies 
between the 25th and 45th percentiles, with the mean and median values at the 36th and 37th 
percentiles respectively. Above the IS(50) = 2.5 MPa value, a much narrower range is 
observed (27th to 30th percentile), and a lower median and mean value produced (28th 
percentile).  
 
 
Figure 11.6. ‘Characteristic values’ defined as lower 95% Confidence Interval of IS(50) 
Mean, plotted against fractile of fitted normal distribution equivalent to characteristic value. 
Categorised by orientation of PLI test. 
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Figure 11.7 shows the 95% Confidence Interval of the mean for the datasets categorised by 
weathering classification. Although the characteristic IS(50) value varies based on weathering 
category and material type (i.e. strength index variation shown on horizontal axis of Figure 
11.7), the range of 95% Confidence Interval of the mean values does not display any 
correlation to the weathering categories adopted. As per Figure 11.6, the trend towards the 
25th fractile as representing the limiting 95% Confidence Interval of the mean value occurs 
throughout the datasets, but becomes most pronounced once the IS(50) = 2.5MPa threshold 
is surpassed. 
 
 
Figure 11.7. ‘Characteristic values’ defined as lower 95% Confidence Interval of IS(50) 
Mean, plotted against fractile of fitted normal distribution equivalent to characteristic value. 
Categorised by weathering classification of dataset. 
 
Figure 11.8 shows the calculated 95% Confidence Interval of the Mean, with rock units 
categorised by material origin. Along with the comparatively larger range of the equivalent 
fractiles that represent a characteristic value when the ‘characteristic value’ was determined 
to be below 2.5 MPa, Figure 11.8 identifies that the sedimentary rock units produce both the 
largest range of equivalent fractiles (28th to 45th percentiles) and account for all instances 
when the equivalent fractile was determined to be above the 38th percentile. As this form of 
the ‘characteristic value’ is based on the standard error measure of the PLI dataset, such a 
result implies that the standard error associated with the sedimentary rock materials can be 
significantly lower than for the materials of other origins. This is likely due to the comparative 
size of the datasets, with sedimentary rock units containing up to 485 test results, whilst the 
igneous and metamorphic rocks are considerably smaller (n ≤ 97). 
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Figure 11.8. ‘Characteristic values’ defined as lower 95% Confidence Interval of IS(50) 
Mean, plotted against fractile of fitted normal distribution equivalent to characteristic value. 
Categorised by material origin of rock unit. 
 
Based on the range of fractiles (percentiles) calculated to be equivalent to the lower ‘95% 
Confidence Interval of the mean’ for each of the PLI datasets analysed, it was identified that 
the use of the 25th fractile (i.e. the lower quartile) of the fitted normal distribution would 
provide the limiting threshold. Accordingly, the lower quartile of the fitted normal distribution 
is considered to be the most appropriate for use as the ‘characteristic value’ for IS(50) data. 
 
11.5.3.2. 5th Percentiles and negative ‘characteristic’ values 
 
Equation 11.2 describes the equation that defines the 5th fractile of the fitted normal 
distribution to a dataset. However, as the fitted normal distribution is based solely on the 
mean and standard deviation parameters of the PLI dataset, there is no requirement for the 
distribution to only describe PLI values above IS(50) = 0MPa. Instead, the axis of symmetry 
is defined by the mean, and the extent of the 2-sided ‘tail’ is simply determined by the 
magnitude of the standard deviation, as shown in Figure 11.9. Thus, the use of Equation 
11.2 to determine the 5th percentile value can result in either a negative or positive 
‘characteristic value,’ as illustrated in Figure 11.10 (shown for representative PLI datasets).  
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Figure 11.9. Definition of 5% fractile values of fitted distribution function, shown as shaded 
area under Cumulative Distribution Function (CDF). Examples shown identify the potential 
location of negative ‘characteristic values’ and percentile of fitted distribution that provide 
characteristic IS(50) values of 0.0MPa or lower.  
 
 
Figure 11.10. Definition of 5% fractile values of fitted distribution function, shown as 
shaded area under Probability Distribution Function (PDF). Examples shown identify the 
potential location of negative ‘characteristic values’ and percentile of fitted distribution that 
provide characteristic IS(50) values of 0.0MPa or lower.  
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For the normal distributions fitted to each of the 66 PLI datasets, 29 (44%) of the datasets 
reported the 5th fractile as a negative value. As shown in Figure 11.11, there was an 
approximate equal frequency of this occurring for both the axial (14 of 33 datasets, 42%) 
and diametral (15 of 33 datasets, 45%) datasets.  
 
 
Figure 11.11. 5th Percentile IS(50) value of considered PLI datasets, highlighting the number 
of negative IS(50) values calculated by the adoption of Equation 11.2  
 
The occurrence of negative 5th fractile values occurring is less frequent in datasets that do 
not include the comparatively weaker rock materials (i.e. MW – SW weathering classification 
dataset), as the mean values of these datasets is comparatively higher. In the 24 datasets 
that only include MW – SW materials, a negative 5th fractile was only observed in six (6) 
instances (25%). 
 
The extent of the fitted normal distribution that reports an unachievable, negative IS(50)  
parameter is shown in Figure 11.12. Only four (4) of the 33 rock units (12%) considered 
reported a fitted distribution that occurred completely within positive IS(50) values. Of the 
remaining 88% of PLI datasets, up to 24% of the dataset lay within negative IS(50) range, with 
a median of 6% and 7% for the axial and diametral datasets respectively. 
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Figure 11.12. Proportion (%) of fitted Normal function that report an IS(50) ≤ 0.0 MPa 
 
Table 11.6 details the median and average proportion of the fitted normal distributions that 
reported negative IS(50) values for PLI datasets based on rock origin and weathering 
category. Figure 11.13 presents the proportion of the fitted normal distribution that reports 
negative IS(50) values for the composite PLI datasets for each of the three (3) rock origins. 
Both Table 11.6 and Figure 11.13 demonstrate that for comparable datasets, the diametral 
PLI dataset has a larger proportion that reports negative IS(50) values than the corresponding 
axial PLI dataset. Similarly, the PLI datasets of highly weathered materials (XW – MW) have 
a much larger proportion of the normal distribution reporting negative values than the 
materials less affected by weathering processes (MW – SW). 
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Table 11.6. Proportion (%) of fitted normal distribution that reports IS(50) ≤ 0.0 MPa 
Rock 
Origin 
Weathering 
Class 
No. distributions 
where  
IS(50) ≤ 0MPa 
observed (n) 
Fractile of normal dist. for PLI dataset 
where IS(50) ≤ 0 MPa (%) 
(Axial / Diametral) 
Median Mean Max. 
Sedi-
mentary 
 
MW – FR 5 (A) / 6 (D) 2.3 / 1.7 3.8 / 3.2 9.9 / 11.4 
Full Rock Units 7 4.9 / 3.3 4.6 / 3.4 8.6 / 10.0 
All Datasets 13 (A) / 14 (D) 3.9 / 2.2 4.4 / 3.3 9.9 / 11.4 
Igneous 
XW – MW 2 3.2 / 12.2 4.9 / 15.7 
Full Rock Units 3 4.8 / 9.9 5.7 / 11.4 9.7 / 15.7 
All Datasets 6 3.8 / 9.3 4.4 / 10.9 9.7 / 15.7 
Meta-
morphic 
Full Rock Units 
/ All Datasets 2 4.5 / 4.6 5.6 / 8.2 
 
 
Figure 11.13. Average proportion (%) of fitted Normal function that report an IS(50) ≤ 0.0 
MPa for composite datasets, categorised by material origin and weathering state 
 
With such a large proportion (88%) of PLI datasets that report a negative parameter if both 
a normal distribution and the 5th fractile were adopted to provide the ‘characteristic value,’ 
the use of these measures has been demonstrated to be inappropriate.  The use of a Normal 
distribution produces unrealistically low, or even negative, values for such low percentile 
values of the rock strength, and thus is not considered appropriate for use as a method to 
determine ‘characteristic values’ of IS(50) datasets. 
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11.5.3.3. ‘Characteristic Values’ based on Coefficient of Variation (CoV) 
 
Schneider (1997) identified that the use of the 5% fractile (5th percentiles) – Equation 11.2 
– provided an extremely conservative design value, and was not representative of a 
‘cautious estimate of the mean value’. As a compromise between the adoption of the 
arithmetic mean of a set of test results – which are always a ‘limited’ dataset of values and 
cannot dispel all uncertainties or risk – and the conservative 5% fractile, Schneider (1990) 
proposed the use of Equation 11.3. For circumstances where a value close to the average 
parameter will likely define the ground response, Schneider (1999) found that the adoption 
of Equation 11.3 compared well with design parameters estimated by the judgement of 
‘experienced geotechnical engineers’. 
 
The ‘characteristic value’ of each PLI dataset was calculated using Equation 11.3. Using the 
same methodology as the comparison performed for the 95% confidence interval of the 
mean (refer Section 11.5.3.1), the fractile of the fitted normal distribution that was equivalent 
to the determined ‘characteristic value’ was determined. As this was a constant measure 
away from the mean value of half a standard deviation the fractile returned was a constant 
31st percentile (30.85%) of the fitted normal distribution, as demonstrated in Figure 11.14. 
 
 
Figure 11.14. Location of Schneider (1990) defined ‘characteristic value,’ shown 
comparatively to location of mean / median value for a normal distribution 
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This fractile produced by Equation 11.3 – 31st percentile – lies between that representing 
the lower bound (lower quartile, 25th percentile) and average values (35th percentile) of the 
‘characteristic value’ calculated using the 95% Confidence interval of the mean method, as 
presented in Figure 11.16. 
 
 
Figure 11.15. Comparative locations of various measures of ‘characteristic values’ shown 
as fractile of fitted PDF 
 
Figure 11.16 plots the characteristic IS(50) value determined via the use of Equation 11.3, 
shown for the PLI datasets of individual rock units. Figure 11.17 presents the characteristic 
IS(50) values for the composite datasets that grouped rock units by origin, and plots these 
values by weathering state. 
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Figure 11.16. Characteristic IS(50) value values calculated by the adoption of Equation 11.3 
of considered PLI datasets of individual rock units 
 
 
Figure 11.17. Characteristic IS(50) value values calculated by the adoption of Equation 11.3 
for composite PLI datasets, categorised by weathering classification. 
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11.5.4. Non-Normal Distribution Fitting 
 
From the distribution analyses completed, a ranking of the 48 distribution functions by the 
Kolmogorov-Smirnov ‘goodness of fit’ test was completed for each PLI dataset. This was 
completed independently for axial and diametral orientated PLI datasets for each rock unit.  
 
For ease of assessment, the PDF that provided the ‘best-fit’ (i.e. ranking of 1) for each subset 
of PLI datasets has been identified, as well as the ranking of the normal and non-normal 
distributions previously identified as likely to adequately describe PLI data (Weibull, Log-
Logistic and Log-Normal). As per the analyses completed under the assumption of 
normality, PLI datasets have been categorised by origin and weathering state. 
 
The results of the distribution functions that best describe rock units belonging to each of 
the three (3) material origins have been reported and discussed separately in Section 
11.5.4.1 through 11.5.4.3.  
 
11.5.4.1. Sedimentary rock  
 
The ranking of fitted non-normal distributions for the sedimentary datasets of individual rock 
units is presented in Figure 11.18. The distribution of ‘best fit’ varied for each weathering 
and PLI test orientation subset of data, and thus no single distribution function could be 
considered to consistently provide the most accurate description of the available data. 
However, from inspection of Figure 11.18, it becomes apparent that the Weibull and Log-
Normal functions consistently rank higher than the Log-Logistic and Normal distribution 
functions. The Log-Normal distribution is also generally ranked marginally higher than the 
Weibull distribution function, suggesting that for SEQ sedimentary rock materials it would be 
the preferred generic distribution function if no specific distribution fitting was undertaken. 
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Figure 11.18. Ranking of PDF to fit PLI test result dataset, for PLI datasets of sedimentary 
rock, analysed by individual rock unit 
 
Figure 11.19 presents the ranking of the distribution functions in the same format as Figure 
11.18, but based on the larger, composite sedimentary datasets constructed by combining 
the comparable PLI test results for all sedimentary rock units. Different trends can be 
observed for the combined datsets in comparison to the analysis of the individual rock units, 
with the Log-Logistic function regularly outperforming the Weibull and Log-Normal functions. 
However, consistent with the individual rock unit analysis, the normal distribution was never 
considered the distribution of ‘best fit’, and was always ranked below at least one (1) of the 
other regularly reported distributions. 
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Figure 11.19. Ranking of PDF to fit PLI test result dataset, for composite PLI datasets 
consolidating all sedimentary rock units 
 
11.5.4.2. Igneous rock  
 
The ranking of distribution functions fitted to the igneous rock units is shown in Figure 11.20. 
For the various subsets of individual rock units considered, the Log-Normal distribution was 
consistently shown to be the best performing distribution, whilst the Log-Logistic function 
was shown to be a particularly poor performer when the ‘MW to SW’ weathering 
classification subset of PLI data was considered. Similarly, the Wiebull function fitted the 
‘XW to MW’ PLI data well, but did not routinely rate above the ranking of the normal 
distribution for the PLI datasets relating to the ‘MW to SW’ weathering interval, or when full 
rock data sets (‘XW to SW’) were analysed. It is noted that for the igneous rock units, the 
highest rated distribution (i.e. ‘best fit’ function) was always a positive skewed function, 
reinforcing the suitability of using a non-normal parameters to describe the PLI datasets. 
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Figure 11.20. Ranking of PDF to fit PLI test result dataset, for PLI datasets of igneous 
rock, analysed by individual rock unit 
 
For the composite igneous PLI datasets, as summarised in Figure 11.21, the Log-Logistic 
function consistently exhibited a poor match to the distribution of test results. For two (2) 
particular cases – the ‘XW to MW axial’ and ‘MW to SW diametral’ datasets – the normal 
distribution was also shown to highest ranked of the four (4) distributions reported, 
suggesting that the specific ranges of PLI data may display normality.  Although never 
ranked first out of the 48 distributions fitted to the data, the Log-Normal distribution reported 
the most consistent ranking and was generally the highest ranked distribution of the four (4) 
cases considered. 
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Figure 11.21. Ranking of PDF to fit PLI test result dataset, for composite PLI datasets 
consolidating all igneous rock units 
 
11.5.4.3. Metamorphic rock  
 
The smaller datasets associated with metamorphic rock types resulted in only the full PLI 
datasets (i.e. ‘XW to SW’ weathering) being analysed for individual rock types. The analysis 
is summarised in Figure 11.22, which again shows the inappropriateness of the Log-Logistic 
distribution for description of the spread of PLI test results. 
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Figure 11.22. Ranking of PDF to fit PLI test result dataset, for PLI datasets of metamorphic 
rock, analysed by individual rock unit 
 
With the results presented in Figure 11.23, the analysis of the composite datasets 
constructed for the rocks of metamorphic origin present similar trends to that observed for 
the comparable datasets of igneous origin. The Log-Normal distribution overall reported the 
most consistent ranking and was generally the highest ranked distribution of the four (4) 
cases considered. The normal and Weibull functions were observed to be overall 
comparable, whilst the Log-Logistic dataset again performed poorly. 
 
 
Figure 11.23. Ranking of PDF to fit PLI test result dataset, for composite PLI datasets 
consolidating all metamorphic rock units 
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11.6. Discussion 
11.6.1. Overall ranking of fitted PDFs to PLI test results 
 
The distribution rankings completed for each rock unit were consolidated, both for individual 
rock units and the combined PLI databases, such that an overall ranking of the ‘best-fit’ 
distribution could be calculated. This was completed by separately averaging the reported 
rankings for each individual rock unit, weathering category, composite rock unit, and the 
subsequent combination of the averaged rankings to provide an overall rank. This process 
is diagrammatically presented in Figure 11.24. 
 
 
Figure 11.24. Flowchart showing methodology adopted to determine overall ranking of 
PDF suitability to describe PLI test result datasets. 
 
Figure 11.25 display the top 10 overall ranked distributions, as well as the Weibull, normal 
and Log-Logistic distributions, for the overall ranking of the distributions fitted to the 
individual rock units PLI datasets. Figure 11.26 displays the same distributions for the 
composite PLI datasets categorised by material origin. By comparison of Figure 11.25 and 
Figure 11.26, the distributions are generally shown to be highly ranked for either the 
individual rock unit PLI data or the composite PLI datasets, but not both. 
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Figure 11.25. Top 10 overall ranked PDFs, with ranking of each PDF shown for suitability 
to describe individual rock unit PLI datasets, by weathering interval 
 
 
Figure 11.26. Top 10 overall ranked PDFs, with ranking of each PDF shown for suitability 
to describe composite PLI datasets (all PLI data for a particular material origin), 
categorised by weathering interval 
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The overall rank of the top 10 fitted distributions and the Weibull, normal and Log-Logistic 
distributions are shown in Figure 11.27.  
 
 
Figure 11.27. Top 10 overall ranked PDFs for description of PLI test result datasets 
 
The PDFs ranked higher overall (ranks 1 to 4) are similar to the Log-Normal function in that 
they are predominantly functions that are based on non-negative variables. This was one of 
the identified issues with the blind adoption of the normal distribution (refer Section 11.2), 
and the result produced by the analysis and ranking completed in this study confirms the 
inappropriateness of functions that allow negative values to describe PLI datasets. 
 
Based on the parameters used to provide the ‘fitted’ function of each distribution type, the 
higher ranked distributions functions all displayed significant ‘positive’ skews. This reflects 
the expectations identified in Section 11.5.1, based on the disparity between each datasets 
median and average value. 
 
The overall ranking of the Log-Logistic PDF was calculated to be 38th, and demonstrates 
that such a distribution should not be routinely applied to PLI data. The normal and Weibull 
PDFs reported approximately equal rankings – 12th and 14th respectively – which was 
interpreted to suggest that each of these PDFs may be applicable for specific PLI datasets. 
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Inspection of Figure 11.25 and Figure 11.26 identified that the Weibull function was 
comparatively better suited to describing PLI test results than the normal distribution, and 
only performed poorly when fitted to the small composite datasets of PLI tests conducted on 
origin specific, ‘XW to MW’ weathered materials. In all other cases, the Weibull function was 
ranked higher than the normal distribution. Accordingly, along with the fact that the Weibull 
function is a specific form of the Generalized Gamma function (1st overall ranked PDF), it is 
recommended that the Weibull function be adopted in preference to a Normal function.  
 
The Log-Normal distribution’s overall ranking of five (5) was the highest of the four (4) 
distributions consistently assessed, and confirms the recommendations of Look and 
Wijeyakulasuriya (2009). This study, by quantifiable analysis, supports the recommendation 
that the use of the Log-Normal PDF to describe PLI datasets is appropriate, although such 
a function is not the highest ranked of all available PDFs. 
 
The data and ranking of the applicability of various PDFs to PLI datasets presented by this 
study validates the use of non-normal distribution functions for the determination of 
descriptive statistics. 
 
11.6.2. Calculation of ‘characteristic values’ based on non-normal distribution 
 
The ranking of fitted PDFs also supported the adoption of the recommendation of Schneider 
and Schneider (2013), whom suggested that Log-Normal distributions be assumed when a 
CoV in excess of 30% was identified. Accordingly, the use of Equation 11.4 to provide the 
‘characteristic value’ of each PLI dataset in preference to measures that assume normality 
within the test dataset (i.e. Equations 11.1 to Equation 11.3) has been proven to be 
appropriate by this study. 
 
The ‘characteristic value’ of each PLI dataset based on the use of Equation 11.4 has been 
calculated, with the results summarised in Figure 11.28 for both axial and diametral 
orientated datasets of individual rock units. These ‘characteristic values’ were directly 
compared to those presented in Figure 11.16, which had been calculated using Equation 
11.3 and assuming the dataset exhibited a normal function. The difference between the 
‘characteristic’ IS(50) values calculated by these different methods was found to vary between 
12% and 50%, with median differences of 49% and 46% for the axial and diametral PLI tests 
respectively. 
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Figure 11.28. Characteristic IS(50) value values calculated under the assumption of non-
normal distribution of test results (i.e. adoption of Equation 11.4) for PLI datasets of 
individual rock units 
 
As per previous analyses of ‘characteristic values,’ the fractile of the fitted normal distribution 
that corresponds to the calculated IS(50) value by Equation 11.3 was determined. The 
selection to adopt the fitted normal function (instead of the Log-Normal distribution) to 
determine the fractile that corresponds to the ‘characteristic value’ was made to allow the 
comparison with previous analyses, and as the analysis of PLI datasets is – albeit 
incorrectly, as evidenced by this study – commonly made with the assumption of normality. 
 
The fractile of the normal distribution that corresponded to the calculated ‘characteristic’ IS(50) 
are presented in Figure 11.29 for all datasets. On average, the 17th percentile of the fitted 
Log-Normal PLI distributions corresponded to both the median and mean of the 
corresponding normally distributed PLI dataset.  
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Figure 11.29. ‘Characteristic IS(50) values’ calculated under assumption of non-normal 
datasets, plotted against fractile of fitted normal distribution equivalent to characteristic 
value. Categorised by material origin of rock unit. 
 
Inspection of Figure 11.29 shows a limiting fractile value of approximately 15% for 
characteristic IS(50) values of 2.0MPa or lower, whilst higher IS(50) values appear to trend 
about the 10% fractile. A threshold value at the 15th percentile of the fitted normal dataset 
represents a drop of approximately 10% from the ‘characteristic values’ determined using 
Equation 11.1 (25th percentile) and 15% from the use of Equation 11.3 (31st percentile). 
Figure 11.30 plots these values comparatively upon a normal distribution probability 
function, and demonstrates that a fractile value of 15% is equivalent to a reduction of 0.95 
standard deviations below the median / mean value. 
 
 
Figure 11.30. Comparative locations of ‘characteristic values’ shown as fractile of fitted 
normal CDF. Equivalent location of ‘characteristic IS(50) value’ calculated under assumption 
of Log-Normal PDF identified upon normal distribution CDF in red. 
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In summary, the use of the Log-Normal distribution to determine ‘characteristic values’ for 
PLI datasets will result in a IS(50) value equivalent to, on average, the 17th percentile of the 
normal dataset fitted to the PLI test data. The determined IS(50) value using the Log-normal 
distribution function will generally be 46% lower than the equivalent ‘characteristic value’ 
calculated where a Normal distribution was assumed. 
 
11.6.3.  ‘Characteristic values’ variation based on PLI test orientation 
 
The relationship between mean IS(50) values determined for PLI tests completed in the axial 
and diametral directions was discussed in Chapter 10, and presented as the anisotropic 
Index, Ia(50). However, as demonstrated by this study, the inherent assumption of normality 
is not applicable to PLI data and thus the use of mean IS(50) values to describe rock 
properties, such as anisotropic behaviour, is not appropriate. 
 
Instead of the use of mean values for comparison of PLI tests based on test orientation, the 
‘characteristic IS(50) values’ determined for the comparable axial and diametral datasets have 
been matched and multipliers to relate the typically lower diametral IS(50) value to the axial 
IS(50) value have been produced for each rock strength category, based on rock origin. These 
factors are presented in Table 11.7, and are analogous to the Ia(50) values present in Chapter 
10 (refer Table 10.21). 
 
Table 11.7. Anisotropic Index, Ia(50), determined from ‘characteristic IS(50) values’ calculated 
using the assumption of Log-Normal PLI distributions. 
Rock Origin 
Anisotropy Index Ia(50) calculated from characteristic values 
IS(50) values conversion multiplier (diametral to axial) 
XW – MW MW - SW Full Weathering Profile (Full Rock Unit PLI dataset) 
Sedimentary 1.3 1.6 1.8 
Igneous 1.7 1.4 1.4 
Metamorphic 0.9 1.1 0.9 
 
Although the trends of the relationships presented in Table 11.7 reflect those presented 
when mean IS(50) values were used for the comparison (refer Table 10.19), it can be 
observed that the magnitude of the reported anisotropy present within the sedimentary and 
igneous rock materials decreases by 20 to 30%. For example, whereas the magnitude of 
the anisotropy present within the ‘XW to MW’ and ‘MW to SW’ portions of a sedimentary 
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rock profile were reported to be 1.7 and 2.0 respectively when mean IS(50) values were used, 
these values fall to 1.3 and 1.6 when the ‘characteristic IS(50) values’ were adopted for the 
comparison. A similar magnitude of decrease was observed for the ‘XW to MW’ portion of 
the igneous rock units. For the ‘XW to MW’ portion of the metamorphic rock an increase 
towards isotropic behaviour was noted, with the Ia(50) value improving from 0.6 to 0.9. 
 
11.7. Conclusions 
 
Chapter 11 has considered datasets of PLI test results relating to SEQ rock units. The 
distribution of the standardised test result, IS(50) values, exhibited by each dataset has been 
demonstrated to be significantly better characterised by non-normal functions than via the 
assumption of normality. 
 
A total of 48 distribution functions were fitted to 66 PLI test result datasets. Overall, functions 
of ‘best-fit’ were shown to exhibit ‘positive’ skewness. Although the Generalized Gamma 
distribution function was ranked as the overall best performing distribution function to 
describe the SEQ PLI datasets, it was suggested that the 5th ranked Log-Normal distribution 
would be appropriate to describe PLI datasets. The Log-Normal function was ranked 
significantly higher than the commonly assumed normal distribution and other functions 
previously suggested for use to describe PLI datasets (e.g. Log-Logistic and Weibull 
functions). The advantage of use of the Log-Normal function, in addition to its higher ranking 
in fitting PLI datasets than the Normal distribution, is its already relatively common use 
amongst engineers and the ease at which descriptive statistics of a dataset can be 
determined. 
 
‘Characteristic values’ were determined for the PLI data via four (4) commonly employed 
definitions, three (3) which assumed a normal distribution and one (1) which was defined for 
use with non-normally distributed datasets. Of the definitions that adopted a normal 
distribution, the use of the 5th fractile of a normal distribution fitted to each PLI dataset 
resulted in a negative ‘characteristic IS(50) value,’ with the median of 6% to 7% of the fitted 
normal distribution lying below the unachievable test result of IS(50) = 0 MPa. The use of the 
lower bound ‘95% confidence interval of the mean’ resulted in a spread of ‘characteristic 
values’ that reported a conservative bound equal to the 25th (lower quartile) percentile of the 
normal distribution and average value of the 35th percentile. The third ‘characteristic value’ 
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based on a consistent offset of one half standard deviations below the dataset’s mean, 
corresponded to the 31st percentile. 
 
In addition to the rankings produced that demonstrated the inappropriateness of the 
assumption of normality for the SEQ PLI datasets, the disparity between the median and 
mean values of each dataset and the high average CoV values calculated (50 to 60%) also 
suggested the use of the non-normal definition of a ‘characteristic value’ would be 
warranted. Recalculation of the ‘characteristic IS(50) value’ via this method resulted in a lower 
bound equal to the 17th percentile of the fitted normal distribution.  
 
Using the ‘characteristic IS(50) value’ determined once Log-Normal distributions were 
adopted, the corresponding axial and diametral values were compared and the anisotropy 
property of SEQ rock materials was reassessed. Although the trends previously identified 
were replicated in the revised assessment – with the sedimentary rock displaying anisotropy 
throughout the weathering profile and the metamorphic rock materials approaching isotropy 
as weathering effects decreased – it was determined that the reported anisotropic properties 
of the SEQ rock units when mean IS(50) value were used (as reported in Chapter 10) generally 
overestimated the anisotropy ratio by between 20 and 30%.  
 
The findings of this study demonstrates the inappropriateness of the use of mean IS(50) 
values and the assumption of normality for rock strength test results. If a normal distribution 
is blindly adopted, it can be expected that ‘characteristic values’ and anisotropic properties 
of the rock units would be overestimated. 
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12. CHAPTER 12.  Characteristic Values for Rock Socket Design 
12.1. Introduction 
 
The completed research has demonstrated the variation in insitu material parameters across 
the gradational change of a subsurface from residual soil and weak rock. Specifically, 
Chapters 10 and 11 have investigated the variation in rock strength properties of SEQ 
material units and identified statistical methods to determine the ‘characteristic value’ of such 
materials. 
 
Chapter 12 builds upon this work, and assess applicable ‘characteristic values’ of rock 
strength and modulus values for use in various rock socket pile design methods. Data from 
full scale instrumented test piles, which were loaded to induce ‘full-slip’ conditions (i.e. 
loaded past elastic phase deformation) were reviewed and the ultimate load capacity of each 
pile calculated. Using a number of industry standard design methods, the input rock strength 
and rockmass elastic modulus (Em) was back-calculated such that the ‘characteristic value’ 
required to replicate the observed ultimate load capacity could be determined. The results 
of this analysis were compared to the various methods of determining ‘characteristic values’ 
detailed in Chapter 11. 
  
12.2. Rationale for Study 
 
Various rock socket design methods generally use similar formats of formulas for the 
estimation of either pile side shear capacity or pile settlement, but produce varying results 
due to their original method of derivation, and the data or tested rock types used during their 
formulation. While the rock type may be a governing factor in their origin, with some design 
methods biased towards specific rock materials, this study assumed that all reviewed 
methods produced equally ‘correct’ pile designs and instead simply required varying 
‘characteristic’ design input values to produce equivalent results. Reliability theory implies a 
moderately conservative or cautious estimate should be used as the ‘characteristic’ design 
value, yet without a statistical basis the selection of appropriate characteristic values 
remains subjective (as demonstrated in Chapter 11). 
 
This study aimed to reduce the subjective nature of the selection of such ‘characteristic 
values’, and provide some guidance on the location with a project specific range of observed 
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rock strength and modulus that ‘characteristic’ design values should be selected, such that 
the output of the design methods matched the observed ultimate capacity of the test piles. 
 
12.3. Methodology 
 
The methodology adopted was to initially estimate rock strength (UCS) and insitu rockmass 
modulus (Em) parameters based upon available information relating to the condition of the 
material within the pile rock socket (e.g. rock strength test results, engineering descriptions 
of rock materials included in borehole logs), as would be typically completed during a 
project’s design phase.  
 
Independently, insitu rockmass modulus values were back-calculated from the test piles’ 
observed load / deformation curves and, via a number of common rock socket design 
methods, Em and UCS values were derived. Different input UCS and Em values were back-
calculated for each considered rock socket design methodology. If the back-calculated UCS 
and Em values had been derived and adopted as the design (input) parameters for each 
design method, the resultant predicted pile capacities and settlements would have replicated 
the results observed in the field tests.  
 
These two (2) independent calculations of Em and UCS parameters were compared to 
assess how well the range of calculated parameters aligned. Figure 12.1 conceptually 
shows the methodology adopted. 
 
 
Figure 12.1. Flowchart showing primary steps adopted for study methodology 
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12.4. Site Details 
12.4.1. Site Description 
 
The Gateway Upgrade Project (GUP) was the largest road and bridge infrastructure project 
ever undertaken in Queensland, Australia. The six lane bridge structure spans 1.6 km 
between abutments with a main river span structure of 520 metres. This study focuses on 
rock socket design procedures applied to two (2) large-scale, land-based pile load tests 
conducted for this project. 
 
Whilst driven piles were used extensively elsewhere across the GUP site, the river span of 
the Gateway Bridge was founded upon 1.5 metre diameter bored piers socketed into 
sedimentary rock. Two (2) river-based piers each consisted of 24 piles that extended to a 
depth of over 50m below the river level, whilst each of the two (2) land based piers consisted 
of only 10 bored piers. Day et. al. (2009) provides further GUP foundation and project details. 
 
For the bridge foundation the key geological features were: 
 The basement rock consisted of Triassic aged sedimentary material.  This includes 
layers of sandstone, siltstone, mudstone and low grade coal formed about 220 to 180 
million years ago. This material does not have any significant folding, but is known to 
have faulting as a consequence of crustal tension in the Tertiary period. 
 Deposition of Quaternary Alluvium occurred in the recent past. This site is located 
close to the mouth of the Brisbane River and generally has Holocene (young) 
overlying the Pleistocene (older) Alluvium. 
 
The rock founding conditions varied across the bridge footprint as summarised in Table 12.1.  
 
Table 12.1. Summary data of GUP Bridge piers 
Pier 
ID Location 
No. of bored 
piles 
Key geological issues with rock 
founding materials (pier specific) 
Pier 5 Land based South of Brisbane River 
10 
(+TP-01) 
Dipping coal seam layer within zone 
of influence of piles 
Pier 6 River based South of Brisbane River 24 Random shear zones with varying 
length of piles Pier 7 River based North of Brisbane River 24 
Pier 8 Land based North of Brisbane River 
10 
(+TP-02) 
Uncertain and inconsistent data with 
possible weak rock zones 
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12.4.2. Details of Test Piles 
 
The two (2) test piles (denoted TP-01 and TP-02) were constructed in advance of the GUP 
bridge piers to investigate the rock socket behaviour under high loads and identify any 
constructability issues prior to construction of the two (2) river piers. Test piles were 1.5m in 
diameter, and the test piles were completed upon the south and north riverbank respectively 
(~600m apart). TP-01 was located approximately 160m from the location of southern river 
based pile (Pier 6), whilst TP-02 was similarly offset from the location of the northern river 
based pile (Pier 7). 
 
Each test pile was fitted with a single Osterberg Cell (O-cell®) to allow controlled pile loading. 
Each test pile was also fitted with encased ‘tell-tale’ rods and strain sensors, and information 
regarding the total compressive load applied by the O-Cell® and the associated observed 
pile displacements was recorded during each loading stage contained within three (3) 
loading–unloading cycles. Accordingly, as per the methodology detailed by Osterberg 
(1998), the load components carried by the instrumented pile shaft and pile base could be 
calculated and correlated with displacement observations (refer Section 12.7).  
 
This study has isolated the load components carried by the pile base and the length of pile 
shaft between the location of the O-Cell® and pile toe. Table 12.2 details the geometric 
characteristics relating to this section of rock socket within the drilled shafts of TP-01 and 
TP-02.  
 
Table 12.2. Geometric characteristics of isolated section of test pile rock sockets 
Pile ID (both 1.5m diameter, D) TP-01 TP-02 
Length of Rock Socket between O-Cell® and pile toe (L, m) 2.66 5.24 
Ratio of Rock Socket Length / Pile Diameter (L/D, m) 1.77 3.49 
 
12.4.3. Details of specific subsurface profiles 
 
The geotechnical site investigation completed at the location of each test pile involved the 
drilling of a borehole to below the depth of the toe of each test pile. Both rock sockets were 
composed of moderately to slightly weathered, Triassic aged, sedimentary rock – 
interbedded mudstone, siltstone and sandstone – of medium to high strength.   
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Logged material units, descriptors of the insitu state of the rockmass (weathering, fracture 
spacing) and Rock Quality Designation (RQD) values applicable to each rock socket (the 
length of drilled socket between load cell location and pile toe, refer Table 12.2) have also 
been extracted, with the relevant data presented in Table 12.3.  
 
Table 12.3. Selected details regarding rock condition of identified lengths of test pile rock 
sockets 
Test 
Pile ID 
Socket Geological 
Makeup 
Logged Weathering 
State 
RQD 
(%) 
Average Fracture 
Spacing (m) 
TP-01 
Sandstone (27%) / 
Mudstone (65%) / 
Siltstone (8%) 
Slightly Weathered (100%) 70 0.25 
TP-02 Sandstone (99%) / Mudstone (1%) 
Highly Weathered (6%) /  
Slightly Weathered (94%) 57 0.20 
 
12.5. Rock Strength Data – Determination of Design UCS values 
 
Characterisation of rock strength properties included the derivation of site-specific 
correlation of Point Load Index (IS(50)) data with Uniaxial Compressive Strength (UCS) test 
results. The IS(50) dataset utilised by this study is a subset of that considered for the IS(50) 
analyses detailed in Chapters 11 and Appendix F of this thesis. 
 
Figure 12.2 compares the best fitted PDF distribution (Log-logistic) with fitted Log-normal 
and Normal PDF distributions for all diametrally orientated Is(50) values completed in the 
interbedded sandstone layer at the GUP site (n = 330). As per the findings of Chapter 11, 
although the Log-normal distribution did not provide the overall best curve fit, it was utilised 
as it was observed to provide a much closer fit to the dataset than the normal distribution.  
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Figure 12.2. Comparison of normal, Log-normal and Log-logistic Distribution Functions 
fitted to PLI dataset for interbedded Sandstone Is(50) data (n = 330), GUP site 
 
Look and Wijeyakulasuriya (2009) carried out a statistical review of the intact rock strength 
data collected for the sub-horizontally interbedded sedimentary layers at the location of the 
river based piers. Point Load Index (Is(50)):UCS ratios of 40 and 25 was defined for diametral 
and axial orientated Is(50) tests respectively. This statistical analysis highlighted the need to 
account for strength anisotropy in the rock socket design due to the radial normal stresses 
on the socket wall, and is consistent with the findings of the work detailed in Chapter 11.  
 
Using both the non-normal and normal distribution functions that were fitted to each test 
pile’s PLI test dataset, the resultant UCS values were calculated as per the ratios calculated 
by Look and Wijeyakulasuriya (2009). Selected fractiles of the fitted non-normal and Normal 
distributions are detailed in Table 12.4 for each test pile. At low percentile values (TP-01 ≤ 
15th percentile; TP-02 ≤ 10th percentile), the use of a Normal distribution function would 
output a negative ‘characteristic’ design value. This supports the assertion that a non-normal 
distribution is most appropriate for use in characterising rock strength data for this site. 
Figure 12.3 compares statistical distribution functions fitted to the equivalent UCS strength 
results applicable TP-02.  
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Table 12.4. Percentile data of UCS distributions for rock materials within test pile rock 
sockets – normal and non-normal fitted PDFs 
Test 
Pile ID PDF 
Percentiles of Uniaxial Compressive Strength (UCS) data 
distribution (MPa) 
5th 25th 50th  (Median) 75th  95th  
TP-01 Log-Normal 3.3 7.2 14.4 35.2 201.8 Normal -23.8 9.2 32.1 55.0 88.0 
TP-02 Log-Normal 14.0 21.3 34.3 63.2 175.8 Normal -26.1 21.2 54.2 87.1 134.5 
  
 
Figure 12.3. Comparison of normal and Log-normal distribution functions fitted to TP-02 
equivalent UCS dataset 
 
Table 12.4 also shows the localized variation in rock strength for the interbedded sandstone 
layer. Tests related to TP-02’s rock socket indicated the presence of higher strength 
sandstone layers than encountered in TP-01, which illustrated the localised material 
variation within the geological sequences that existed below the bridge footprint. If a single 
characteristic rock strength value was selected to represent the entire GUP site, the location 
of the value upon the derived strength profiles would vary. If, arbitrarily, 10MPa had been 
selected as the design characteristic rock strength, this could represent either the 40th or 
30th percentile, depending on the distribution applied to the TP-01 dataset, or either the 5th 
or 20th percentile for the TP-02 rock strength data. 
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The data presented herein demonstrates that the choice of distribution function used to 
define such fractiles plays a critical role in the calculated design value, especially within the 
lower percentiles (below the 20th percentile). As the shear capacity of a rock socket is largely 
defined by the design rock strength, the selection of the distribution function applied to 
calculate the characteristic strength value can thus potentially have a significant impact upon 
the resulting pile design and the length of rock socket required to withstand the applied 
design load. 
 
Approximate ‘equivalency’ between the non-normal and Normal distributions occurs at the 
25th percentile. Thus, if the inconsistencies associated with use of inappropriate distribution 
functions are to be minimised then the adopted design UCS value should be close to, or at, 
this fractile. 
 
12.6. Estimation of design insitu rock modulus (Em) parameter  
 
As identified by previous authors (e.g. Prakoso, 2002) the cost of obtaining insitu rockmass 
moduli is generally prohibitive, and thus Em values are typically inferred from results of UCS 
testing. It has also been demonstrated (e.g. Hobbs, 1974; Bieniawski, 1984; O’Neill and 
Reese, 1999) that the Em is a reduced value of the intact rock modulus (Ei), with the 
magnitude of reduction based on site-specific rockmass properties; such as discontinuity 
spacing, confining stress and rock structure. The use of Em values for rock socket pile design 
is considered preferential over the simple adoption of Ei values, which would likely 
overestimate the stiffness of the deformation response to pile loading. 
 
Various studies suggest adopting a linear transformation, via a modular ratio (MR), to 
estimate Ei values from known rock strength (UCS), and then applying a reduction factor (j) 
to transform Ei to Em values. The reduction factor can be estimated based on rock quality, 
as reflected in the RQD or fracture spacing of the rockmass. In such studies, MR values are 
commonly nominated by rock type or material origin. For sedimentary rocks similar to those 
encountered at the GUP site, previous MR estimates range from 150 for weak (mudstone) 
materials and 275 to 300 for higher strength (sandstone) materials (Hobbs, 1974). Weighting 
such MR values by the rock composition detailed in Table 12.3 would result in UCS:Ei ratio 
of 200 and 295 for TP-01 and TP-02’s rock sockets respectively. 
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Previously published reduction factors based on RQD assessments can be used to convert 
Ei to Em. With the identification from borehole logs that only tight joints were present within 
the GUP test pile’s sockets, the range of applicable rockmass factors (j) for TP-01 (RQD = 
70%) ranged between 0.30 and 0.70. For TP-02 (RQD = 57%), j values varied between 0.24 
and 0.35. In both cases the minimum j values were allocated by Bieniawski (1984) 
correlations, with the maximum value being assigned by O’Neill and Reese (1999) 
relationship. Resultant ranges of linear qu:Em relationships – 60 to 140 for TP-01 and 60 to 
105 for TP-02 – were thus produced to provide upper and lower bounds for Em estimation 
from rock strength (UCS) data. 
 
Other studies have derived non-linear relationships for the same UCS:Em transformation. 
Rowe and Armitage (1987) suggested the adoption of Equation 12.1, whilst Prakoso (2002) 
completed a review of 88 case studies and determined the insitu rockmass modulus could 
be best estimated via Equation 12.2.  
 
Em = 215 x (qu)0.5            (Equation 12.1) 
 
Log10(Em / qu) = 2.73 – 0.49 x Log10(qu / pa)  (R2 = 0.48)  (Equation 12.2) 
 
Additional material parameters to enhance correlation between rock strength data and Em 
values can also be incorporated. This could include the use of the Geological Strength Index 
(GSI), RQD or Rock Mass Rating (RMR) parameters. Insitu modulus values derived after 
an assessment of GSI from the existing geotechnical information was completed, as per 
Equation 12.3 (Hoek and Brown, 1997). GSI values applicable to the subsurface conditions 
of each test pile were determined as 50 for TP-01 and 42 for TP-02, based on the 
methodology and descriptions provided by Hoek and Brown (1997). 
 
Em (GPa) = (qu / 100)0.5 x 10[(GSI-10)/40]  (for qu ≤ 100 MPa)  (Equation 12.3) 
 
Table 12.5 summarises the resultant Em values by adoption of the identified qu:Em 
relationships and the characteristic rock socket data relevant to each of the test piles (from 
Table 12.3 and Table 12.4). From this data it is observed that for the same rock strength 
(qu) input values, the Prakoso (2002) relationship consistently produced the lowest Em 
values, followed by the Rowe and Armitage (1987) relationship. Significantly higher Em 
estimates were produced when the UCS values were submitted to the ‘upper bound’ linear 
relationship or combined with the test pile’s GSI, as per Hoek and Brown (1997). 
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Table 12.5. Insitu modulus (Em) inferred by strength (UCS) data and generic relationships 
UCS:Em 
Reference 
Pile ID TP-01 TP-02 
PDF 
Percentile 5th  25th 50th Ave. 5th  25th  50th Ave. 
UCS (MPa) 3.3 7.2 14.4 32.1 14.0 21.3 34.3 58.2 
Linear qu:Em 
Relationship  
Lower Bound 196 429 866 1926 839 1278 2059 3251 
Upper Bound 457 1001 2022 4494 1469 2236 3603 5689 
Rowe and Armitage (1987)   
(Equation 12.1) 388 575 817 1218 804 992 1260 1583 
Prakoso (2002)             
(Equation 12.2) 322 480 688 1034 677 839 1070 1401 
Hoek and Brown (1997)      
(Equation 12.3) 1806 2674 3800 5666 2360 2912 3696 4644 
 
12.7. Test Pile Details and Results 
 
Osterberg Cell (O-CellTM) data was recorded during cyclical loading / unloading of the two 
(2) 1.5m diameter test piles. In both TP-01 and TP-02 the shaft resistance of the section of 
rock socket existing between the level of the installed Osterberg Cell and pile tip was 
observed to have become fully mobilised during the application of a peak load (up to 
56.6MN, approximately 3.1 times the expected SLS load). 
 
The maximum shaft capacity of the 2.66m length of shaft that existed below the installed 
Osterberg Cell of TP-01 was calculated to be 21.90MN, with a residual value of 20.5MN. 
The residual value represented a 7% decrease from the maximum observed value. Similarly, 
the peak shaft capacity of the 5.24m length of TP-02 between the Osterberg Cell and pile 
tip was determined to be 36.8MN. 
 
As per Carter and Kulhawy (1988), and as shown in Figure 12.4(a), a pile’s displacement 
response to axial load application can be generalised into three components; ‘linear elastic’, 
‘progressive slip’ and ‘full slip’ components. The ‘linear elastic’ phase occurs upon initial 
loading and continues whilst the pile demonstrates behaviour as if it is fully contained within 
an elastic half space. Non-linear behaviour is considered to be any load response beyond 
‘linear-elastic’ loading, as defined by Point ‘A’ in Figure 12.4(a) (i.e. ‘progressive slip’ and 
‘full slip’ zones). Figure 12.4(b) and (c) show the load versus displacement curves for TP-01 
and TP-02 respectively, overlaid with interpretations of their ‘linear-elastic’ and non-linear 
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response phases. By observation, both test piles followed the expected load-deformation 
response, and both tests were concluded immediately after the pile entered the ‘full slip’ 
phase. 
 
                      (a)        (b)           (c) 
Figure 12.4. (a) Idealised pile loading versus displacement behaviour (after Carter and 
Kulhawy, 1988); (b) load versus deformation curve for TP-01; and load versus deformation 
curve for TP-02 
 
The point at which the ‘linear-elastic’ phase of the pile was exceeded was identified to occur 
once total pile displacements of approximately 0.32% and 0.17% of the pile diameter (1.5m) 
were observed for TP-01 and TP-02 respectively. Maximum unit side shear resistance (and 
‘full slip’ of the pile) was observed once total pile displacements were 1.5% (TP-01) and 
1.6% (TP-02) of the pile diameter. These displacement values correspond well to those 
previously published for large scale pile tests (Zhang and Einstein, 1998). For each step of 
load testing of both test piles, further analysis of the recorded data also allowed the 
calculation of the pile load distribution within the isolated pile shaft section and pile base, as 
shown in Figure 12.5 for TP-01. 
 
Figure 12.5. Pile load distribution for TP-01, highlighting area of ‘elastic’ and ‘full slip’ 
displacement 
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12.8. Separation of ‘linear-elastic’ and ‘non-linear’ phase response data 
 
As identified by Zhang (1997), pile design procedures can be considered to fall into two (2) 
distinct groups; (a) procedures that provide estimates of pile displacements within the ‘linear 
elastic’ phase (i.e. considers the displacement of pile acts fully within an elastic half space); 
and (b) procedures that provide estimates of pile displacements that incorporate the non-
linear movement of the rock socket (i.e. account for material yielding). Carter and Kulhawy 
(1988) identify that whilst non-linear design methods are only technically applicable to the 
‘full slip’ phase, most practical cases can consider pile behaviour to be bilinear with only 
‘linear elastic’ and ‘full slip’ linear relationships being definable.  
 
To allow the use of the pile design procedures that assume only an elastic half space, the 
test pile results were reviewed and limited to the phase of observed ‘linear-elastic’ 
behaviour. By inspection of the pile load distribution curves (Figure 12.4 and Figure 12.5) 
the maximum shear resistance and base load associated with the ‘linear-elastic’ loading 
phase was isolated from the full test record.  
 
Additionally, as the maximum load applied to each of the test piles fully mobilised the shaft 
capacity of the isolated section of the drilled rock socket, the ultimate side shear resistance 
(PEAK) of this identifiable section of the rock socket could be calculated. As described by 
Zhang (1997), this value corresponds to Point ‘B’ as defined by Figure 12.4(a). 
 
Table 12.6 details the maximum side shear resistance () and associated displacement 
values associated with both the ‘linear-elastic’ and ‘non-linear’ loading phase of each test 
pile. The parameters presented in Table 12.6 became the basis for the insitu rockmass 
modulus back-calculations completed by this study. 
 
Table 12.6. Pile Loading Tests – Details of for both ‘Linear-Elastic’ and Non-linear Phases 
Load-Displacement Type 
TP-01 TP-02 
Linear- 
Elastic 
Non-
Linear 
Linear- 
Elastic 
Non-
Linear 
Maximum / Peak Unit Shaft Load (PEAK, kPa) 710 1,640 640 1,490 
Shaft displacement at PEAK  (SHAFT, mm) 2.53 12.34 1.67 11.74 
Base Load carried at PEAK (QBASE, kN) 5,520 20,690 1,665 7,850 
Displacement of Base at PEAK  (BASE, mm) 2.28 11.77 0.96 10.28 
Total Applied Load at PEAK  (QTOTAL, kN) 14,420 42,625 17,470 44,605 
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12.9. Analysis of Shaft Friction Capacities 
12.9.1. Rock Socket Design Procedures Considered 
 
Early work for rock socket design occurred in Australia by Williams, Johnston and Donald 
(1980) who examined non-linear pile design in the Melbourne Mudstone geological unit, and 
Rowe and Pells (1980) who calibrated elastic pile design with Hawkesbury Sandstone and 
Wianamatta Shale geological units. Horvath and Kenny (1979) undertook similar field and 
laboratory testing on mudstones in Canada while Meigh and Wolshi (1979) conducted 
comparable work in Europe.  Side slip design was subsequently detailed by Rowe and 
Armitage (1987).  
 
Kulhawy and Phoon (1993) showed the discontinuity in shaft friction between clays and 
various soft rocks (shales, mudstones and limestone). Seidel and Haberfield (1995) 
extended that work to demonstrate that rock socket performance is highly dependent on 
shaft roughness and socket diameter; whereby pile shaft friction reduces as the pile 
diameter increases.  
 
Generally, rock socket design is governed by serviceability conditions rather than ultimate 
load conditions, and the load – deformation behaviour of the rock sockets are determined 
largely by the rockmass deformation properties. The rockmass modulus (Em) value can be 
estimated from the modulus of intact rock (Ei) reduced for the frequency of rock defects. 
Relevant theory is discussed by Zhang (2004). 
 
Various pile rock socket design procedures are now available which frequently calculate the 
design shaft capacity based on correlation with a ‘characteristic’ compressive rock strength 
(quc) value. A good summary of the shaft shear capacity equations derived by various design 
method researchers is provided in Kulhawy et. al. (2005). Gannon et. al. (1999) described 
four (4) of these methods and showed, even when adopting consistent rock properties for 
design, the resulting design pile socket shear capacities ranged widely. The longest pile 
socket lengths for the example provided were predicted by the Carter and Kulhawy (1988) 
design method, while the Rowe and Armitage (1987) and Williams et. al. (1980) procedures 
reduced the socket lengths by 40-60%. 
 
The current study aimed to provide guidance on two (2) key questions: 
 Which rock socket design method should be used? 
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 What characteristic rock strength value should be selected (and does the selected 
method alter the required value)? 
 
Ng et. al. (2001) showed that the correlations presented by Rowe and Armitage (1987) and 
Hovarth et. al. (1983) are applicable for sedimentary and volcanic rocks respectively. 
 
By using the quantified ultimate shaft frictional capacity as the basis for back-analysis, 
‘characteristic’ quc input values could be determined for each considered rock socket design 
method.  
 
Table 12.7 details the rock socket pile design methodologies considered by this study and 
the published formulae used in each to calculate dimensionless unit side resistance values 
( ௦݂௨). These values are transformed to rock socket design capacities via multiplication of the 
calculated ௦݂௨ value by the surface area of the segment of the test pile’s rock socket that 
was loaded to capacity.  In this study it has been assumed that the pile socket is effectively 
smooth and that concrete strength does not limit the shear capacity of the pile. No factors 
of safety have been applied as field data was being fitted back to design equations. 
 
Table 12.7. Unit side resistance formulas for considered rock socket pile design 
methodologies, normalised with atmospheric pressure (݌௔) 
Design Method Normalised Unit Side Resistance Equation Equation ID
Hovarth and Kenny 
(1979)* 
௙ೞೠ
௣ೌ ൌ 0.65ට
௤ೠ೎
௣ೌ   12.4 
Meigh and Wolski (1979) ௙ೞೠ௣ೌ ൌ 0.55ሺݍ௨௖ሻ
଴.଺  12.5 
Williams, Johnson and 
Donald (1980) ௦݂௨ ൌ αߚሺݍ௨௖ሻ  12.6 
Rowe and Armitage 
(1987) 
௙ೞೠ
௣ೌ ൌ 1.42ට
௤ೠ೎
௣ೌ   12.7 
Carter and Kulhawy 
(1988) 
Lower Bound:   ௙ೞೠ௣ೌ ൌ 0.63ට
௤ೠ೎
௣ೌ  
Upper Bound:   ௙ೞೠ௣ೌ ൌ 1.42ට
௤ೠ೎
௣ೌ  
12.8 
 
12.9 
Kulhawy and Phoon 
(1993) 
௙ೞೠ
௣ೌ ൌ ܥට
௤ೠ೎
ଶ௣ೌ  12.10 
Prakoso (2002) ௙ೞೠ௣ೌ ൌ ට
௤ೠ೎
௣ೌ   12.11 
*Also confirmed by Zhang (1999) and Reese and O’Neill (1988) 
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Notes relevant to the formulae presented in Table 12.7 include: 
 Williams, Donald and Johnson (Equation 12.6) calculates shear capacity based on 
both the rock strength value and a mass factor (j) which is defined as the ratio of rock 
mass modulus to intact rock modulus. Based on the average logged RQD values 
(TP1 = 70%; TP2 = 55%), a mass factor (j) of 0.33 would be appropriate for TP1 (j = 
0.20 for TP2).  
 Also in Equation 12.6, α is directly related to the adopted quc, whilst β is estimated 
from the j value. 
 Shaft capacity values calculated by the Rowe and Armitage, 1987 method (Equation 
12.7) are recommended to be multiplied by a partial factor of 0.7 to ensure the 
probability of exceeding design settlements is lower than 30%. 
 The coefficient C in Equation 12.10 – Kulhawy and Phoon (1993) – is based on 
conservatism and rock socket roughness; C = 1 provides a lower bound estimate; C 
= 2 for mean pile behavior; C = 3 for upper bound estimates / rough rock sockets. 
 The approach used to derive Equation 12.11 was cited by Kulhawy et. al. (2005) as 
providing the most consistent approach in evaluation of the author’s pile load dataset. 
 
12.9.2. Results of Back-calculation - Rock strength (UCS) for unit shear 
capacity 
 
Table 12.8 provides a summary of the various input UCS values required to achieve the 
ultimate shaft capacity values observed in each of the test piles. These values have been 
back-calculated via use of the equations detailed in Table 12.7. The 5th percentile closest to 
the required UCS value has been determined for both the normal and non-normal 
distribution functions fitted to each test pile’s strength data (refer Table 12.4, overleaf). 
 
The results indicate that various researchers appear to have assumed a Normal distribution 
in developing shear capacity formulae, with a lower quartile to mean / median value 
generally adopted (20th to 50th percentiles). Higher (≥ 50th) percentiles were required to 
replicate the observed ultimate capacity values for lower bound (conservative) pile capacity 
formulas. As the adopted design UCS value is commonly above the point of equivalency 
between the normal and non-normal distribution (quc ≅ 25th percentile, refer Table 12.4), the 
comparable back-calculated design strength percentiles are generally higher for the non-
normal distributions. 
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Table 12.8. Required input UCS (MPa) to replicate field observation of ultimate pile rock 
socket shear capacity (percentile of location of input UCS within fitted PDF also shown). 
Design Method 
Equation 
TP-01 
ࢌ࢙࢛ ൌ16.4 MPa 
TP-02 
ࢌ࢙࢛ ൌ14.8MPa 
UCS (MPa) 
Percentile 
(Non-Normal  
 / Normal) 
UCS (MPa) 
Percentile 
(Non-Normal  
 / Normal) 
Hovarth and 
Kenny (1979) 62.6 80% / 85% 51.2 70% / 50% 
Meigh and Wolski 
(1979) 28.3 70% / 45% 24.0 35% / 30% 
Williams, Johnson 
and Donald (1980) 
20.5 
(α = 0.1) 
( = 0.8) 
60% / 35% 
22.8 
(α = 0.1) 
( = 0.65) 
30% / 25% 
Rowe and 
Armitage (1987) 13.1 60% / 30% 10.8 < 5% / 20% 
Carter and 
Kulhawy 
 (1988) 
66.6 85% / 85% 54.5 70% / 50% 
(Lower Bound Equation) 
13.1 50% / 30% 10.7 < 5% / 20% 
(Upper Bound Equation) 
Kulhawy and 
Phoon  
(1993) 
52.9 
(C = 1)  85% / 75% 
43.3 
(C = 1) 60% / 40% 
13.2 
(C = 2) 50% / 30% 
10.8 
(C = 2) < 5% / 20% 
Prakoso (2002) 26.5 70% / 45% 21.6 25% / 25% 
 
However, the more accurate distribution function has been shown to be non-normal. Using 
the best fitting distribution, the derived UCS values required to replicate the shaft capacity 
observed in TP-01 were consistently at, or above, the median value. This suggests that all 
considered design methodologies would have, if the non-normal 50th percentile value had 
been adopted for design, resulted in overly conservative shear capacity values being 
calculated for this site. 
 
To avoid the inconsistencies associated with use of incorrect distribution functions a 
characteristic quc value about the 20th to 30th percentile range was previously recommended. 
Using this percentile range of the Normal and non-normal TP-01 rock strength (UCS) 
datasets, the formula provided by Rowe and Armitage (1987), and upper bound equations 
from Carter and Kulhawy (1988) and Kulhawy and Phoon (1993) calculate pile shaft 
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capacities closest to those observed. In the higher strength rock profile of TP-02, the 
capacity equations provided by Meigh and Wolski (1979) and Prakoso (2002) displayed the 
closest match to the observed shaft capacity when the 20th, 25th or 30th percentiles of the 
UCS datasets were adopted. 
 
12.10. Analysis of Insitu (rockmass) Modulus (Em) 
12.10.1. Rock Socket Design Procedures Considered 
 
A number of commonly used rock socket design procedures allow the estimation of pile 
shaft or full rock socket (shaft and pile base) displacement in response to an applied axial 
load. Based on the observed results from the completed pile load tests four (4) common 
rock socket pile design methodologies were used to back-calculate the input rock modulus 
value required to replicate the observed pile displacements. 
 
Table 12.9 lists the rock socket design procedures that have been assessed as part of this 
study, and identifies the grouping to which they apply. Note that although the Carter and 
Kulhawy (1988) design method is able to consider the pile during ‘non-linear’ deformation, 
this study did not consider this aspect of design as estimation of additional parameters would 
have been required (e.g. Poisson’s ratio / strength parameters that were not directly tested). 
 
Table 12.9. Details of rock socket bored pile design methodologies considered 
Rock Socket Design Method Linear-Elastic Phase Full Slip (Non-Linear) Phase 
Pells and Turner (1979)   
Williams, Johnson and Donald 
(1980)   
Rowe and Armitage (1987)   
Carter and Kulhawy (1988)    (but not analysed by this study)
 
For all rock socket design procedures considered by this study, the generalised form of 
equation used to estimate deflection is presented in Equation 12.12.  
 
Displacement () =  Applied Load (P) x Settlement Influence Factor (Ip)  
                                 Pile Diameter (D) x Insitu Rock Modulus (Em)  
                                                                                                           (Equation 12.12) 
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The ‘Settlement Influence Factor’ (Ip or Id) is applied by all design procedures to the pile 
load. The applicable Ip value is selected via graphical solutions in which the Ip is influenced 
by the pile geometry (rock socket length versus pile width) and ratio between the insitu pile 
modulus (EP) and insitu rock modulus (Em). For this analysis EP was approximated by the 
adoption of the design concrete modulus (EC), as calculated the American Concrete 
Institute’s (ACI) formula (1995) presented in Equation 12.13. 
 
EC = 4700(f’c)0.5       (Equation 12.13) 
 
As the characteristic strength of the test pile’s concrete was known (50MPa), EP was 
estimated to be in the order of 33 GPa. Thus, by combining the observed load distribution 
(base versus shaft) for the end of the conclusion of the ‘linear-elastic’ phase of loading and 
design charts included in Pells and Turner (1979) and Rowe and Armitage (1987), an initial 
estimation of EP / Em of 250 and 10 was made for TP-01 and TP-02 respectively. Such an 
EP / Em result was also found to be consistent when the observed shaft / base load 
distributions shown for the ‘linear-elastic’ interface when plotted on Rowe and Armitage 
(1987) design charts for complete socketed piers. 
 
12.10.2. Results of Back-calculation – Insitu rockmass modulus (Em) to replicate 
displacements 
 
Using the relevant design charts for each pile design method, corresponding influence 
factors (Ip or Id) were determined. Table 12.10 details the Ip considered applicable to each 
rock socket design method, based on known rock socket geometry, and presents the Em 
values required for each design methodology to reproduce the displacement values 
observed under the considered loading scenarios (‘linear-elastic’ and ultimate shear 
resistance). The Em values resultant from the back-calculation as shown in Table 12.10 can 
be directly compared with those derived by generic correlations (refer Table 12.5). 
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Table 12.10. Back-calculated insitu rockmass modulus (Em) to replicate pile deformations  
Design 
Procedure 
Influence Factor (Ip or Id) 
TP-01 (EP / Em = 250) TP-02 (EP / Em = 10) 
Linear-Elastic Non-Linear Linear-Elastic Non-Linear 
Pells and Turner 
(1979) 
Em = 760 MPa 
(Ip = 0.19) – 
Em = 1,640 MPa 
 (Ip = 0.19) – 
Williams, 
Johnson and 
Donald (1980) 
Em = 780 MPa 
(Ip = 0.39) – 
Em = 1,775 MPa 
 (Ip = 0.40) – 
Rowe and 
Armitage 
(1987)* 
Em = 1,000 MPa
(Ip = 0.35) 
Em = 860 MPa 
 (Ip = 0.51) 
Em = 2,535 MPa 
(Ip = 0.40) 
Em = 885 MPa 
(Ip = 0.46) 
Carter and 
Kulhawy (1988) 
Em = 680 MPa 
(Ip = 0.17) Not Analysed 
Em = 1,685 MPa 
(Ip = 0.19) Not Analysed 
*Partial factor of 0.7 applied, as per design methodology author’s recommendation. 
 
From inspection of Table 12.10, three (3) of the four (4) design procedures required input 
Em values that were within 10% of their average. The exception, the Rowe and Armitage 
(1987) methodology, produced significantly higher input Em values due to the 
recommendation by the authors that a partial factor be applied to Em values based on their 
own statistical analysis of available data. A reduction factor of 0.7 was recommended by 
Rowe and Armitage (1987), and was adopted by this study.  This analysis also demonstrated 
that for the non-linear phase of loading significantly lower Em values (compared to those 
back-calculated for the ‘linear-elastic’ phase) were required such that the test piles’ load-
deformation behaviour could be replicated through the considered design methodologies. 
 
12.10.3. Results of Back-calculation – Rock strength (UCS) to replicate 
displacements 
 
‘Characteristic’ rock strength values that would be appropriate for use to produce the back-
calculated Em values were determined. Table 12.11 and Table 12.12 present the required 
UCS value to produce the back-calculated Em value for each considered design 
methodology for TP-01 and TP-02 respectively, based on each of the relationships between 
rock strength and Em (as presented in Section 12.10.1). This analysis also identifies the 
closest 5th percentile of the non-normal distributions fitted, consistent with the results present 
for the unit shaft capacity back-analysis (refer Table 12.8) 
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Table 12.11. ‘Characteristic’ UCS Value (MPa) to be adopted to result in applicable Em 
value – TP-01 
       Pile Design    
Method 
   UCS to Em 
 Relationship 
Required UCS Value (MPa) to reproduce back-calculated 
Em 
Pells 
and 
Turner 
Williams, 
Johnson 
& Donald
Rowe and Armitage Carter and 
Kulhawy Elastic Non-Linear 
Linear qu:Em 
Relationships  
MR = 60 12.7 (45%) 
13.0 
(45%) 
16.7 
(55%) 14.3 (50%) 11.5 (40%)
MR = 105 5.4 (15%) 
5.5  
(15%) 
7.1  
(25%) 6.1  (20%) 4.9  (15%) 
Rowe and Armitage 
(1987)  
12.5 
(45%) 
13.2 
(45%) 
21.6 
(65%) 16.0 (55%) 10.3 (40%)
Prakoso (2002) 17.6 (55%) 
18.5 
(60%) 
30.1 
(75%) 22.4 (65%) 14.1 (50%)
Hoek and Brown (1997) 0.6 (<5%) 
0.6  
(<5%) 
1.0  
(<5%) 0.7  (<5%) 0.5  (<5%) 
 
Table 12.12. ‘Characteristic’ UCS Value (MPa) to be adopted to result in applicable Em 
value – TP-02 
Pile Design       
Method 
   UCS to Em 
  Relationship 
Required UCS Value (MPa) to reproduce back-calculated 
Em  
Pells 
and 
Turner 
Williams, 
Johnson 
& Donald
Rowe and Armitage  Carter and 
Kulhawy Elastic Non-Linear 
Linear qu:Em 
Relationships  
MR = 60 27.3 (40%) 
29.6 
(40%) 
42.3 
(60%) 29.6 (40%) 28.1 (40%)
MR = 105 15.6 (10%) 
16.9 
(15%) 
24.1 
(30%) 8.4 (5%) 16.0 (10%)
Rowe and Armitage 
(1987)  
58.2 
(70%) 
68.2 
(75%) 
139 
(90%) 16.9 (15%) 61.4 (75%)
Prakoso (2002) 79.2 (80%) 
92.3 
(85%) 
186 
(95%) 23.7 (30%) 83.6 (85%)
Hoek and Brown (1997) 6.8  (<5%) 
7.9  
(<5%) 
16.1 
(<5%) 2.0  (<5%) 7.1  (<5%) 
 
The results of the ‘characteristic’ rock strength back-calculation indicate that for the site-
specific fitted non-normal distributions, the use of the Hoek and Brown (1997) correlation to 
determine Em required the adoption of very low input UCS values (<5th percentile). 
Contrastingly, both the Rowe and Armitage (1987) and Prakoso (2002) methods suggest 
values at, or above, the median (50th percentile) UCS value should be used. Adoption of the 
highest MR for a linear qu:Em relationship results in a requirement for UCS values of between 
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the 10th and 25th percentile (i.e. lower quartile or below), whilst the lowest MR suggests UCS 
values within 10% of the median are most appropriate.  
 
Resolving the required UCS values back to the equivalent normal distributions, the results 
suggest that for all linear qu:Em relationships a UCS value with within the 20th to 30th range 
would provide appropriate ‘characteristic’ rock strength. A slightly lower, 15th to 20th 
percentile, value would be appropriate if the Hoek and Brown (1997) procedure was used 
(although this would also be affected by the GSI adopted), whilst higher (30th to 50th 
percentile) value would be appropriate for both Rowe and Armitage (1987) and Prakoso 
(2002) methodologies. For the non-linear pile behaviour considered, all qu:Em correlation 
methodologies suggest values of between the 20th and 30th percentile (normal distribution) 
would best calculate an Em that would produce the observed pile deformation. 
 
12.11. Conclusions 
 
This study has provided guidance on the selection of ‘characteristic’ values applicable to 
various pile rock socket design methods. However, this assessment has also demonstrated 
the practical implications of a geotechnical engineer’s choice of method in the assessment 
of rock strength test results and the subsequent use of ‘characteristic’ rock strength values 
to infer deformation design parameters. 
 
Statistical analysis of the available GUP rock strength data shows that if a normal distribution 
is assumed for ‘characteristic’ value determination, then errors may result. To minimise 
inconsistencies associated with the use of ill-fitting distribution functions to describe strength 
data, then the selection of values near the lower quartile of the UCS dataset is 
recommended. 
 
Two (2) large-scale instrumented test piles were loaded beyond shaft capacity at the GUP 
site. Based on this test data, the required input UCS value has been back calculated for a 
number of pile design methods, and the indicative strength percentile reliability of the UCS 
value has been determined. Five (5) of the examined methods have produced results that 
match the observed shaft capacities via the adoption of a design UCS value close to the 
UCS lower quartile (25th percentile) ‘characteristic’ value. 
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An estimate of the magnitude of insitu rockmass modulus (Em) required for input into four 
(4) methods of rock socket design was made from the same test pile data. This back-
calculation suggests all design methods required input Em values of similar magnitudes to 
reproduce the load-deformation response observed in field testing. A single design method 
(Rowe and Armitage, 1987) – required higher Em values be adopted to account for inherent 
rockmass variability, and also required comparatively lower Em values to be input once non-
linear pile behaviour was observed. 
 
The selection of the qu:Em (linear) correlation method resulted in greater variability than the 
subsequent choice of pile design methodology. Varied relationships between UCS and Em 
were assessed and the required ‘characteristic’ UCS value found to vary between very low 
(<5th percentile) and high (above median) values. Thus, the accuracy of any rock socket 
design method is dependent on its characteristic (design) Em value, which in turn requires 
both appropriate qu:Em correlations and rock strength distribution functions to be adopted.
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13. CHAPTER 13. Conclusions and suggestions for further work 
13.1. Conclusions 
 
The research project documented within this thesis has produced a number of findings that 
relate specifically to SEQ residual profiles, as well as techniques and observations that can 
be universally applied to residual soil and weak rock profiles. 
 
As this thesis relied on data from actual ‘live’ commercial design and construction projects, 
many of the developments detailed within this document were tested and implemented 
under field conditions to improve on the delivery of those projects. Thus, many of the 
conclusions have been ‘proven’ on industry driven projects. 
 
The work completed initially highlighted the inadequacy of existing test methods – both insitu 
and laboratory based – to appropriately characterise residual soil materials and their 
transition into weak rock. The review of tests completed within historical geotechnical 
investigations in QLD also demonstrated a significant decrease in the frequency of 
laboratory testing being completed on residual soils over the last 20 years. However, this 
reduction was not considered to be due to a better understanding of the SEQ residual 
materials, and the lack of testing has progressively led to non-optimal designs and 
contradictions with design parameters produced by industry. 
 
The importance of the deformation parameter to the behaviour of residual soil was identified, 
and the lack of any common field test that could directly measure this parameter was initially 
identified as a void in the current geotechnical knowledgebase. The inherent variation found 
to be associated with the DCP and SPT tests completed within residual soils also called into 
question the test’s reliability, validity, and suitability in the common employment of these 
techniques to profile residual materials. This finding also identified that the adoption of 
generic relationships developed between such penetration tests to derive the strength and 
deformation parameter of a residual material should be applied with extreme caution. 
 
Chapters 3 to 5 detailed fieldwork that was completed as part of this project to assess and 
develop the use of the Light Falling Weight Deflectometer (LFWD) for the direct 
measurement of insitu modulus parameters. As the relict structure and particle bonding 
present within residual soils influences their strength and deformation behaviour, it was 
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assessed that the characterisation of such materials by insitu testing would be preferable to 
the development or alteration of laboratory tests. The standard use, interpretation, and 
reporting of insitu modulus parameters (ELFWD), as measured by a specific model of LFWD 
(PRIMA 100), was documented by this research project. Testing was completed between 
the LFWD and Plate Load Test (PLT) at three (3) sites within SEQ to validate the ELFWD 
parameter. Similar side-by-side testing completed between the LFWD and DCP at seven (7) 
sites across SEQ demonstrated the higher sensitivity and lower inherent variation 
associated with the LFWD test compared to the results of the DCP. From this work, the 
suitability for use of the LFWD as both an investigative and QA tool was established. 
 
The repeated use of the LFWD allowed the author to assess each of the available variations 
associated with the test (e.g. applicable test stress, rigid plate diameter), to establish the 
test’s zone of influence and to identify the specific correlation between the LFWD and the 
secant or tangent modulus associated with the initial loading curve of a PLT. It is understood 
that the application of the LFWD within geotechnical site investigations, as opposed to 
simple QA testing of pavement construction materials or research only projects, was original 
work and successfully applied by the author to ‘live’ commercial projects. As a direct result 
this project has validated the use of the LFWD for fieldwork and documented a standard 
method for the interpretation and reporting of the results of such LFWD investigations, which 
was not available prior to this project. In addition, this project has provided SEQ specific 
insitu modulus data for a number of common residual soil types, and derived material 
specific, direct correlations between ‘industry standard’ penetration tests and the insitu 
modulus parameter. 
 
An epilogue to the research areas where the LFWD was involved was received from 
Grontmig A/S – the manufacturer of the Prima 100, the model of LFWD used for this project. 
When the LFWD was returned for calibration in Denmark, discussions were had regarding 
how it had been employed in Australia, with the following feedback provided: 
 
 "I will allow myself to return to you on how you utilized the PRIMA100. I am very 
impressed about the different ways you used it! It is exactly in these ways we 
think it could be used, but so far you are the only one which I now know [whom 
have] actually did it.” 
        Grontmij A/S, 2015 
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The second distinct focus of the research project (Chapters 6 to 9) assessed the transition 
zone between ‘soil’ and ‘rock’ materials within a residual profile. The importance of the 
correct definition of ‘soil’ or ‘rock’ and the significant implications of such categorisation on 
subsequent design parameters was established, as was the misuse of the assumption that 
drill bit ‘refusal’ was correlated to the soil / rock boundary.  
 
To ascertain the location within a residual profile at which the ‘rock’ component influences 
the material behaviour, the insitu assessment of the modulus parameter was completed 
using the LFWD and involved varying the proportion of ‘fines’ and gravel materials. From 
this study, it was demonstrated that once a soil had 30% of ‘fines’ (by weight), the 
engineering performance of the material will be altered, and biased to the properties of the 
‘fines.’ Using the standard definitions of weathering classifications (AS1726-1993), this was 
inferred to place the boundary between ‘soil’ and ‘rock’ material behaviour within the highly 
weathered (HW) rock material, with extremely weathered (XW) rock exhibiting ‘soil’ 
behaviour and moderately weathered rock exhibiting ‘rock’ properties. 
 
Another significant finding of the LFWD study completed upon materials of varying ‘soil’ / 
‘rock’ quantities was the concept of a ‘residual’ modulus value. As the material tested 
underwent bearing capacity failure, and the insitu modulus was determined both prior and 
post the occurrence of this failure, it was observed that the gradient of the stress versus 
deformation plot became shallower after the material yielded. This observation reflected a 
concept more familiar to ‘critical state’ soil mechanics, in that a ‘peak’ (pre-yielding) and 
‘residual’ (post yielding) modulus parameter could be determined. It is understood that this 
project represents the first time that the distinction and quantification of such modulus values 
was documented by fieldwork. 
 
Once the importance of the correct distinction between ‘soil’ and ‘rock’ materials was 
established, and the requirement for correct assessment of the soil / XW rock interface 
identified, an assessment of fieldwork techniques and their suitability to characterise a 
residual profile was completed. As most traditional test techniques were developed for use 
in soil or rock materials, these were largely inadequate for fully characterising the gradational 
change between soil and rock materials. For example, with regard to a material’s strength 
parameter, the SPT was found to be unreliable beyond use in the investigation of 
transported soils, with only questionable results being observed when employed in residual 
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soils and extremely weathered rock. Similarly, Point Load Index testing was not applicable 
prior to encountering suitable intact rock materials. 
 
In comparison to traditional penetration techniques of site investigation, the Multi-channel 
Analysis of Surface Wave (MASW) geophysical method was shown to be suitable to 
characterise the full material transition between soil and rock in SEQ based on the shear 
wave (Vs) velocity parameter. Based on the analysis of two (2) SEQ sites, site classification 
in terms of weathering category and strength parameters (maximum expected PLI value) 
was completed for the three (3) material units associated with the soil / rock transition – 
residual soil, XW rock and HW rock. Whereas existing classifications are generic and largely 
concerned with classifying materials either as ‘soil’ and ‘rock,’ the results of this project’s 
study was a classification specifically developed based on SEQ data, and aimed at 
additional quantification of the ‘soil’ to ‘rock’ transition such that the interface where soil or 
rock behaviour would be expected to be demonstrated may be better characterised (and 
thus appropriate design parameters adopted). 
 
An approximate linear increase in rock strength was demonstrated to exist as the rock 
weathering categorisation decreased. By analysis of SPT data through various categories 
of rock weathering within SEQ, and comparison with the strength increased observed within 
the Vs profiles and PLI data, a reassessment of SPT to strength relationship was also 
completed. The finding of this study showed that SPT’s completed by the adoption of the 
Australian Standard test method and interpretation would typically result in an 
overestimation of rock strength of Highly Weathered (HW) rock. This highlighted the 
limitations of the existing Australian Standard methodology, and this project recommended 
an appropriate SPT ‘N’ value for HW rock could be found by factoring the ‘N’ value applicable 
to XW rock by 160%. 
 
The disconnect between ‘soil’ and ‘rock’ material properties was found to be exacerbated 
as ‘rock’ material was being wrongly classified as ‘soil’ due to the assumption that drill bits 
would immediately refuse at either the soil / rock interface, or the XW rock / HW rock 
interface. Instead, by the analysis of 370 records of drilling within SEQ residual profiles, this 
research has demonstrated that the depth of refusal is actually a function of (a) the type of 
drill bit; (b) rock strength; and (c) defect spacing within the rockmass. This study presented 
the likely (statistical) material parameters associated with the refusal depth of various drill 
bit types in SEQ residual soil / weather rock profiles, and demonstrated that drill bit refusal 
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could realistically occur at any point within a rockmass up to a moderately weathered (MW), 
medium strength rock material. 
 
This original research demonstrated that the depth of ‘drill bit’ refusal should be recorded, 
and the depth of ‘refusal’ could be used to estimate the likely parameters of SEQ rocks at 
that particular depth. However, the industry acceptance that drill bit ‘refusal’ depths were 
highly correlated with a particular interface of the residual profile (e.g. soil / rock or XW rock 
/ HW rock) was comprehensively disproved by this study. Unfortunately, this common ‘error’ 
is apparent in many geotechnical borehole logs currently produced by industry. 
 
The third distinct section of the research project (Chapters 10 to 12) was concerned with the 
properties of ‘weak rock’ associated with residual profiles within SEQ. These materials are 
known to be significantly affected by the insitu weathering processes applied, and have been 
assessed by this project in terms of the strength variation by weathering category. Extensive 
PLI testing was completed on 18 SEQ rock units, and the standardised results assessed to 
provide characteristic strength parameters. As PLI testing was routinely completed in both 
the axial and diametral directions, the presence of strength anisotropy behaviour for each 
material unit and weathering category was also assessed. 
 
Typically, all rocks exhibited a strength increase as the weathering classification decreased. 
However rocks of sedimentary origin were found to be comparatively weaker than either the 
igneous and metamorphic rocks for the comparable weathering classification. Similarly, 
although moderate strength anisotropy was commonly exhibited by rocks of all origin when 
they had been weathered to states between XW and MW, both the metamorphic and 
igneous rock units exhibited near strength isotropy once the weathering effects had 
lessened (MW to FR). By contrast, the sedimentary rocks displayed a higher degree of 
strength anisotropy for the MW to FR weathering classifications. The results of this study 
suggest that the properties of the parent rock are generally fully reflected in materials 
weathered to approximately a classification of MW, and beyond this point the weathering 
effects resulted in an observable change in material strength and shift in the anisotropic 
property. 
 
This thesis also demonstrates the implications of the selection of ‘characteristic’ rock 
strength parameters in relation to foundation design procedures, via a case study completed 
for a specific SEQ site. O-Cell testing of large-scale (1.5m diameter) piles was completed to 
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beyond shaft capacity, and back-calculation of the required input rock strength and modulus 
values was completed to replicate the field observation of ultimate pile capacity. From the 
assessment of seven (7) unit side resistance equations and four (4) design deformation 
equations, it was found that the input rock strength was methodology specific and could vary 
between very low (< 5th percentile of non-normal distribution) and significantly above the 
median value. This result emphasised the need for an understanding of the basis of any 
adopted design methodology and the appropriate characterisation of the subsurface 
materials to reflect this understanding. Failure to apply such consideration was found to 
significantly over- or under-estimate the pile capacity in comparison to the observed ultimate 
capacity. 
 
An important finding repeated throughout all studies related to the ‘rock’ components of SEQ 
weathered profiles (i.e. Sections 2 and 3 of this thesis) was the distribution of results within 
the compiled datasets. For most analysis, a high coefficient of variation (CoV) value was 
returned, demonstrating a high degree of variability in results (even after the data had been 
controlled for material type and weathering classification). It was repeatedly determined that 
a non-normal distribution was applicable to the datasets, with the datasets predominantly 
exhibiting ‘right-skewed’ behaviour. The author has demonstrated this extensively in relation 
to the datasets compiled for the material parameters observed at drill bit ‘refusal’ and for the 
assessment of PLI strength testing. This finding is extremely important in the context of 
determining ‘characteristic’ design parameters, as the assumption of normality would likely 
provide inappropriate values that would either significantly over or under-estimate the true 
nature of the material being characterised. It is therefore highly recommended that all 
datasets be checked for the assumption of normality prior to the derivation of any design 
parameters in order to ensure adequate and efficient design outcomes are achieved. 
 
13.2. Suggestions for Further Work 
 
Many paths for additional research have arisen from the numerous studies completed by 
this project. The common aims of these suggestions for future investigation were to promote 
and increase the frequency that residual soil materials are: (a) specifically investigated 
during site characterisation studies; (b) investigated by suitable insitu testing techniques; 
and (c) have appropriate and site-specific parameters derived for adoption for subsequent 
design. As SEQ has a high percentage of infrastructure founded on residual soils, any works 
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that satisfy one (1) or more of these aims would be advantageous to the geotechnical 
industry. 
 
Specifically, it is identified that beneficial further work could entail the further development 
of insitu testing techniques of residual soils. Current methods that rely on laboratory 
compaction of material samples (e.g. CBR) destroy the inherent soil structure present within 
residual soil and alternative approaches are required. The LFWD was demonstrated as one 
such test, but should be cross-checked with insitu testing that directly measures CBR 
values. Such testing could either be by existing test methods (e.g. incorporation of field 
proving rings) or the undisturbed sampling of residual soils in a CBR mould and laboratory 
testing being completed without additional compaction effort applied. 
 
Additional work with the LFWD is considered warranted to further develop this insitu test 
technique. The LFWD has the option of geophones being placed at an offset distance from 
the main equipment, and it is recommended that an examination to determine if the 
incorporation of such equipment results in an improvement in the quality of data provided 
by the LFWD should be undertaken. 
 
The standardisation of the LFWD test results also requires further investigation. Although 
this project only considered one (1) type of LFWD, it is known that different manufacturers 
of LFWD incorporate different mechanisms in their equipment, and this results in differing 
ELFWD values being observed from side-by-side LFWD testing of identical material. Coupled 
with differences in plate size and LFWD test energy, all variations currently make universal 
comparison difficult. 
 
Currently there is no requirement for energy measurements to be taken during SPT tests, 
or energy correction factors to be applied to SPT results. The absence of this standardisation 
technique – which is common in many other regions of the world (e.g. US, New Zealand) – 
would have affected some of the statistical analysis completed during this research project. 
Yet Australian design engineers continue to determine and use only uncorrected SPT N 
values despite wider literature using corrected N values. Thus, it is considered there is a 
need to correct this current failing within the applicable Australian Standards. 
 
As identified in Chapters 8 and 9, the Australian Standard applicable to SPTs also defines 
test ‘refusal’ at a much lower threshold than American or British equivalents. Yet in residual 
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soils and weathered rock materials common to SEQ (and wider Australia), the adoption of 
the current AS definition of ‘refusal’ means that the applicability of the recorded data is 
limited for design purposes. It is recommended that further work addresses this issue, and 
that the definition of SPT ‘refusal’ be revisited such that the SPT could potentially become a 
more appropriate test for the characterisation of residual soils and weathered rock materials. 
 
Effective strength parameters for residual soils need to be assessed. Currently, it is 
considered that grossly conservative values are generally adopted for SEQ residual 
materials, which do not consider the soil structure present within such materials. 
 
The anisotropy demonstrated to exist in various SEQ rock types also needs to be extended 
into the strength parameters of residual soil materials. The presence of an anisotropic 
property directly affects various design analyses (e.g. slope stability) and thus it is 
recommended that anisotropy be evaluated during site investigations. Again, as this 
property would be based on relict rock structure present within the soil, this would likely 
require the insitu testing of residual soils or the application of a suitable undisturbed 
sampling technique such that the inherent soil structure remains preserved. 
 
In transported soils, the pre-consolidation stress assists a designer to determine the strength 
and likely deformation behaviour of the soil once boundary effects are varied. An equivalent 
concept for residual soils should be investigated. 
 
As demonstrated in Chapter 6, temporal change to soils results in significant variation in the 
data obtained by various testing techniques. A ‘temporal correction factor’, which accounts 
for the expected temporal variation in test results and correlates a test result to the time of 
year that a soil is tested in a given climactic region should also be examined by further study. 
 
It is also recommended that the effect that the angle of cone used in DCP testing has on 
DCP results be assessed. DCP equipment used in Australia, and by this study, have a 300 
cone fitted for penetration, whilst other global regions (e.g. United States of America) 
typically utilise a 600 cone. Although correlations derived by results of completed DCP tests 
in any particular locality are often adopted by others without modification, the applicability of 
this assumption of equivalency should be tested by further research. 
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A. Appendix A – Modulus: Concepts, Definitions and Determination 
 
A.1. Definition and Importance of Modulus  
 
Understanding deformation properties of a particular material is of fundamental importance 
if realistic modelling of the performance of that material under loading is to be achieved. 
Limit State Design (LSD) procedures require that both ultimate and serviceability conditions 
be assessed. Although serviceability performance is a comparatively recent criterion, it is 
likely to be most onerous in its requirement to limit the deformation of construction materials 
to a defined threshold. Thus, an understanding of the likely (or allowable) deformation of a 
material is required during the design and construction phases of a project, such that an 
effective Quality Assurance / Quality Control (QA/QC) testing regime can be completed to 
ensure the serviceability criteria is met.  
 
In both the geotechnical and pavement fields of civil engineering, the required output from 
investigation and design is the settlement behaviour of the ground once a foundation or 
loading scenario is applied (eg. traffic loading for roads, building loading for foundations). 
This aim is normally achieved via the determination (or assignment) of the modulus of a 
material, which is generally defined as the gradient of a stress / strain curve (within the 
elastic phase of behaviour), as shown in Figure A.1. As suggested by Dyka (2012), the 
stiffness (modulus) of a soil layers is the most important engineering property for 
geotechnical problems which are related to deformation or settlement issues. 
 
 
Figure A.1. Concept showing elastic phase modulus (Young’s modulus, E), based on 
stress / strain curve (after Brioud, 2001) 
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However, as soil may go through a number of loading cycles (loaded, unloaded and 
reloaded), the response of the soil in terms of magnitude of deformation / rebound, and 
thus gradients associated with constructed stress / strain curves, may change significantly. 
This noted behaviour has given rise to a number of varying definitions of modulus, each 
with a specific definition and application. Examples of these are provided in Figure A.2 and 
Table A.1, and are summarised in existing publications, such as Briaud (2001) and Look 
(2007).  
 
 
Figure A.2. Definitions of various moduli, shown as their comparative location on the stress 
/ strain variation associated with a loading / unloading cycle (from Look, 2007) 
 
Table A.1. Variations in commonly determined modulus values (after Look, 2007) 
Modulus Name Definition Example Application 
Initial Tangent 
Modulus 
Slope of initial stress-strain loading 
curve. 
Accounts for closing of micro-cracks 
within loaded profile 
Low magnitude loading of 
previously unloaded soils 
Elastic Tangent 
Modulus / 
Elastic Modulus 
Slope of section of stress-strain curve 
that shows linear behaviour 
 
Secant Modulus 
/ Deformation 
Modulus 
Slope of section of stress-strain curve 
between zero and maximum stress (does 
not necessarily describe only linear 
stress-strain relationship) 
Movement due to initial 
loading of a footing 
Tangential 
Modulus 
Slope of stress-strain curve at any 
selected point of stress / strain curve 
Estimate settlement due to 
additional story being 
added to existing building 
Pile shaft 
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Modulus Name Definition Example Application 
Unloading / 
Recovery 
Modulus 
Slope of section of stress-strain curve 
between maximum stress and minimum 
stress 
Heave of base of 
excavation 
Reloading 
Modulus / 
Resilient 
Modulus 
As per Secant Modulus, but for 
subsequent loading cycles 
Response of pavement 
subgrade layer/s due to 
repeated tyre loading / 
unloading 
Cyclic Modulus Average slope of unload / reloading 
curves 
Examination of strees or 
strain hardening due to 
repeated loading cycles 
 
In addition, as per Figure A.3, the modulus determined will also vary based on the number 
of loading / unloading cycles previously applied to the material. 
 
 
Figure A.3. Variation in secant modulus based on cyclical loading (after Brioud, 2001) 
 
Thus, at a specific stress condition, a series of moduli values can be determined. For the 
purposes of this research project, the moduli defined in Figure A.4 were generally 
determined for each test, and individually calculated for each loading cycle / test 
configuration completed within each field test. 
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Figure A.4. Definitions of typical modulus values assessed by this research study 
 
The growing popularity of Finite Element Method (FEM) modelling for stress and 
deformation analyses (e.g. PLAXIS, Phase2, Sigma/W) has resulted in the increased 
requirement for the definition of appropriate moduli for subsurface materials. Such programs 
require a modulus value be assigned to each defined material unit in order to determine the 
load-deformation response of the model. However, the most appropriate moduli value (from 
those defined in Table A.1) needs to be determined based on a case-by-case scenario, 
considering the location of the scenario being investigated on the loading / reloading curve.  
 
Confusion regarding the attribution of modulus values (or moduli values in non-elastic 
analyses) in geotechnical designs can often arise due to inadequate knowledge regarding 
the applicability of each of the distinct moduli defined in Table A.1. Such errors are 
compounded for cases where modelling software can only accommodate a single modulus 
value, in which an initial modulus value is blindly applied to subsequent models that may 
represent staged construction projects (and thus should have revised modulus parameters 
applied that account for the prior loading conditions). 
 
A.2. Determination of Elastic (Young’s) Modulus, E  
 
With the assumption of an ideal soil material – that the assumption that the soil would be 
continuous, linear elastic, isotropic and homogenous – the elastic (Young’s) modulus can 
be calculated from a known stress and strain condition, as per Equation A.1. 
 
Young’s Modulus (E) = [1 – (2ν3)] / 1  (Equation A.1) 
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Where: 
ν = Poisson’s Ratio 
1 = Axial Stress 
3 = Lateral (confining) stress 
1 = Axial Strain 
 
Where no lateral stress exists (e.g. the unconfined uniaxial compression test), E can be 
further simplified to the change in applied stress divided by the corresponding change in 
strain. 
 
A.3. Relationship between Shear (G) and Young’s (E) Modulus 
 
In geotechnical engineering, modulus values are generally reported as either Shear Moduli 
(G) or Elastic (Young’s) Modulus (E). Although both of these moduli values describe the 
stiffness of the material and are based on the generalised Hooke’s Law, the shear modulus 
value is independent of Poisson’s ratio (ν), which varies by material type. Young’s modulus 
(E) can be related to Shear Modulus (G) via Equation A.2. 
 
G = E / [2 x (1+ ν)]    (Equation A.2) 
 
A.4. Poisson’s Ratio (ν) 
 
Poisson’s ratio (ν) is the ratio of the transverse strain (contraction) to longitudinal strain 
(extension) observed as a result of a change to the normal stress applied to a material. This 
theoretical value varies between 0.5 (undrained clay) and 0.0, with typical values utilised by 
industry shown in Table A.2 (from Das, 2011 and Look, 2007).  
 
Table A.2. Typical Poisson’s Ratio (ν) for soil and rock materials 
Material Relative Density / Consistency Poisson’s Ratio () Reference
Sand 
Loose 0.20 – 0.40 
Das, 2011 
Medium Dense 0.25 – 0.40 
Dense 0.30 – 0.45 
Silty SAND Various 0.20 – 0.40 
Sand and Gravel Various 0.15 – 0.35 
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Material Relative Density / Consistency Poisson’s Ratio () Reference
Sands, gravels and other 
cohesionless materials Various 0.30 
Look, 2007 
(after 
Industrial 
Floors and 
Pavement 
Guidelines, 
1999) 
Cohesive Materials 
Low PI 
(< 12%) 
Undrained: 0.35 
Drained: 0.25 
Medium PI 
(12% < PI < 22%) 
Undrained: 0.40 
Drained: 0.30 
High PI 
(22% < PI < 32%) 
Undrained: 0.45 
Drained: 0.35 
Extremely High PI 
(>32%) 
Undrained: 0.45 
Drained: 0.40 
Intact Bedrock N/A 0.10 –  0.30 (0.20 ) Look, 2007Cement Treated Materials N/A 0.20 
 
However, it should be noted that Poisson’s ratio values are not constant for specific material 
properties but, similar to modulus values, are specific to the stresses and confinement 
applied at time of testing. In practice, Poisson’s ration is generally assumed to range 
between 0.15 and 0.45. 
 
Notwithstanding the values presented in Table A.2, it is noted that Sabatini et. al. (2004) 
suggest that these characteristically adopted Poisson’s ratio values may overestimate the 
actual values exhibited by materials at typical working loads, and instead suggest that ν 
values of between 0.1 and 0.2 would be more appropriate.  
 
A.5. Effect of Strain level of test on determined Modulus Value 
 
In addition to the modulus type being determined (e.g. initial, secant, tangential or resilient 
modulus) and the physical material properties of the tested material, the method utilised to 
test a material can also directly influence the resultant modulus value. As detailed by Briaud 
(2001), the rate of material loading affects the determined modulus and, generally, the faster 
a soil is loaded the stiffer it appears and the higher the reported modulus. This can be a 
reflection on the ability of the tested material to become drained (compared to undrained) 
throughout the test, and the adopted Poisson’s ratio value.  
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Sabatini et. al. (2004) reported on the work of others (e.g. Duncan and Chang, 1970; Gomes 
Correia et. al., 2001; Mayne, 2001 and Santos et al. 2003) to show the degradation of 
modulus based on the strain imparted at the time of testing. As shown in Figure A.5 (after 
Mayne, 2001), the magnitude of the shear strain () at the time of testing can significantly 
alter the output modulus (G or E) value. Maximum modulus values (G0 or Gmax) are expected 
to occur under tests that exhibit extremely small strains into the tested material, with values 
degrading to a much smaller percentage as the strain at which tests are conducted are 
increased. Different modified hyperbola can be used to suggest the degradation rate for both 
static and cyclical loading with, as shown in Figure A.5, the former generally showing higher 
degradation at lower strain magnitudes. 
 
 
Figure A.5. Degredation rate of modulus based on shear strain imparted during testing, 
shown both for static and cyclical loading 
 
Sabatini et. al. (2002), replicates the shape of the curve reported by Mayne (2001) and 
others, and places the strains imparted by various common insitu testing techniques upon 
the curve. This curve is reproduced in Figure A.6, and shows that common insitu testing 
techniques (e.g. penetration tests such as DCP or SPT) often result in the production of G 
(or E) values that fall outside the range required for input into geotechnical design. 
Accordingly, alteration of modulus test results to account for the type of testing completed 
should be undertaken prior to the use of the modulus parameter for design purposes. 
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(a)               (b) 
Figure A.6. Variation in shear modulus with different shear strain levels annotated with 
different geoengineering applications and insitu tests. (a) from Sabatini et. al. (2004); and 
(b) from Sawangsuriya (2012). 
 
A.6. Physical Factors affecting modulus 
 
In addition to the stress imparted and stain condition of the sample at the time of testing, the 
modulus of soil and rock materials is influenced by the physical state of the sample. The 
various physical factors that may significantly influence the resultant modulus of a material 
are summarised in Section A.6.1 and Section A.6.2 for soil and rock materials respectively. 
 
A.6.1. Soil Materials 
 
As noted by Briaud (2001), the modulus of a soil unit is one of the most difficult soil 
parameters to estimate, because it depends on many factors. These factors include (for any 
particular soil unit): 
 
 Density – The closer packed the soil particles, the higher the modulus; 
 Particle Organisation – Insitu particle structure influences the modulus of the material, 
with lower modulus values associated with dispersed or loose structure. 
 Water Content – Presence of water increases the effective stress present between 
particles, and thus a low water content would be expected to result in a comparatively 
higher soil moduli compared to the same material with higher water content. 
 Stress History – State of consolidation, history of overburden and historical wetting / 
drying cycles of the material can affect the modulus. Over-consolidated materials will 
generally report a higher modulus than a corresponding normally consolidated 
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material after the same test, as the over-consolidated material is already acting within 
the “reload” section of the stress-strain curve (whilst the normally consolidated 
material is acting as at “initial” loaded section). 
 Cementation – Any chemical (e.g. calcite, CaC03) or water induced cementation 
effect within the tested material will result in an increase of the materials modulus 
 
George (2004) confirmed Briaud’s description of the factors that affected a soil materials 
resilient modulus (MR). George’s sensitivity study of road subgrade material properties 
indicated that the physical properties that most influenced the laboratory determined MR 
values could be categorised into water influences (moisture content, degree of saturation), 
material grading (percentage of fines), plasticity index and density. 
 
A.6.2. Rock Materials 
 
In rock materials, the same factors that can affect modulus values in soil also influence the 
modulus values attributable to each material. However, in addition, the following factors are 
also known to directly influence modulus values: 
 
 Rock type – Mineralogy and density variation between rock types alter the modulus 
of the rock unit. The harder, durable and/or denser the rock unit, the higher the intact 
rock modulus expected to be exhibited. 
 Weathering – The physical or chemical degradation reduces the strength of the inter-
particle bonds and density of rock material. The greater the extent of weathering 
processes exerted upon a rock material, the lower the intact rock modulus (compared 
to the modulus demonstrated by a fresh sample of the same rock type). 
 Frequency of Fracturing – The presence of fracturing and/or defects within a rock 
mass reduces the composite modulus exhibited by the rockmass in contrast to the 
intact rock. For instance, Farmer and Kemeny (1992) found that the deformation 
modulus on intact rock samples is in the order of 5 to 20 times higher than insitu 
values. 
 
The weathering process and extent of fracturing present within the insitu condition affect the 
modulus values determined by laboratory tests completed upon samples of intact rock or 
those measured from insitu field testing. This gives rise to the definition of ‘intact’ modulus 
(Ei) and ‘rockmass’ modulus (Em), with the intact rock modulus always exceeding the 
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rockmass modulus (i.e. Em ≤ Ei). For instance, Farmer and Kemeny (1992) found that the 
deformation modulus on intact rock samples (Ei) was in the order of 5 to 20 times higher 
than insitu (Em) values, whilst Cater and Kulhawy (1988) presented the degradation factors 
as a function of Rock Quality Designation (RQD) as shown in Table A.3. 
 
Table A.3. Modulus reduction factor (Em /Ei) based on RQD (Carter and Kulhawy, 1988) 
RQD (%) of insitu 
rockmass 
Modulus reduction factor (Em /Ei) 
Closed Joints Open Joints 
100 1.00 0.60 
70 0.70 Not Reported 
50 0.15 0.10 
20 0.05 Not Reported 
 
A.7. Measurement of soil and rock modulus values 
 
As identified in Section A.6, modulus values vary based both on the physical properties of 
the sample being tested and the location of the test (i.e. laboratory or field testing). The 
following subsections identify and comment on typical tests that are used to determine 
modulus of soil and rock materials.  
 
As summarised in Figure A.7, the assorted laboratory and insitu test techniques would result 
in modulus values that are determined at strain levels of varying magnitude. Thus, results 
of direct modulus measurements must be interpreted to account for any expected strain 
level difference between the condition of the test and likely loading application, prior to the 
design modulus parameter being defined. 
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Figure A.7. Variation in shear modulus with different shear strain levels annotated with 
different geoengineering applications, insitu tests and laboratory tests (from Sawangsuriya, 
2012). 
 
A.7.1. Laboratory Testing of Modulus 
 
The need for a standard method for determination of modulus for soil materials has 
historically been driven by requirements and advances of pavement design. Seed and 
McNeill (1958) published results that identified modulus variation based on loading type 
(initial versus resilient modulus) and first suggested that a laboratory procedure should be 
developed that modelled loading scenarios similar to insitu traffic loading. 
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Subsequently, the incorporation of the Resilient Modulus (MR) in the design methods 
included in AASHTO pavement design manuals since the 1986 draft manual resulted in a 
focus on developing an efficient and repeatable method of MR determination, primarily for 
pavement construction materials. It appears that MR values were selected as the ‘standard’ 
modulus value for pavement design as it is close to E0 for stiff materials (Puppala, 2008). 
 
The laboratory determination of MR values is generally used to assess construction and 
pavement materials. Numerous laboratory test techniques have been defined to complete 
such assessments, including: 
 
 Repeated Load Triaxial (RLT) Test – Currently the most common technique used to 
determine resilient modulus of materials in a laboratory setting. The RLT test is 
designed to simulate traffic wheel loading on insitu material by applying a sequence 
of repeated (cyclic) loads onto compacted soil specimens within a triaxial cell. A full 
test utilises multiple (eg. 1000) test cycles for each of a series of confining pressures 
(3) and deviator (1 – 3) stresses, with the test governed by AASHTO test method 
T307 (1999). 
 Resonant Column - Small strain MR values can be determined via use of a resonant 
column, in which cylindrical material samples (either solid or hollow) are subjected to 
torsional or axial loading. By varying the frequency and amplitude of the applied 
loading, the first resonant mode can be identified. Once this value is identified by 
observing the peak torsional displacement, the shear wave velocity (Vs) can be back 
calculated and then directly converted to a small-strain (≤ 5 x 10-2%) shear modulus 
values (i.e. G0). A current standard test procedure applies to this test, namely ASTM 
Standard D 4015 (2007). 
 Simple Shear Test – Cube or disc of material has a stress alternatively applied across 
the surface of each principal axes. The application of the stress to the full face of the 
material in order to produce uniform deformation of the sample is difficult to achieve. 
 Hollow Cylinder Test – Involves installation of a hollow specimen, fully encapsulated 
by a membrane, installed within a hollow cylinder and subjected to axial, vertical, 
torsional and radial stresses. Extensive instrumentation and complex sample 
preparation prevent this test from widespread use. 
 True Triaxial Testing – Triaxial testing with a cube shaped sample inside a specialised 
trixial cell allows full control of the application of each of the orthogonally orientated 
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normal stresses (compared to the two stresses a typical triaxial cell allows control of). 
However, due to the highly specialised nature of this test equipment, such material 
testing is not typically available, and expensive to complete. 
 
RLT and resonant column testing are considered common laboratory test techniques used 
to establish MR values.  Based the recommendations included Barksdale et. al. (1997), the 
remainder of the identified laboratory test methods are currently considered specialty tests. 
 
Laboratory testing of intact rock samples to determine Ei modulus values is generally 
determined from the complete stress / stain curve generated during suitable instrumentation 
within a Uniaxial Compressive Strength (UCS) test. From the constructed curve and the 
assumption of a suitable Poisson’s Ratio value, the tangential modulus (typically taken at 
50% of peak stress) and secant modulus values can be directly determined. An alternative 
rock test technique is the application of transducers to either end of a intact rock specimen, 
and the determination of small-strain Ei values from shear wave velocities induced through 
the sample (of known density and length).  
 
A.7.2. Field (insitu) Testing of Modulus 
 
The direct measurement of insitu modulus parameters provide composite modulus values 
of the material present within the ‘zone of influence’ or penetration depth of the field test. 
Accordingly, there is no distinction between rock or soil based tests, other than the capability 
of the various test equipment to produce suitable magnitudes of stress that generate a 
measurable deformation response from the material units being tested.  
Typical examples of insitu tests that directly measure modulus values include: 
 
 Plate Load Test (PLT) – Measures the soil response based on directly applied forces 
imparted into the ground via the use of a rigid plate, and thus insitu modulus is 
determined based on known stress / settlement data. Limitations of the test include 
the depth penetration of the PLT (limited to twice the diameter / width of the rigid plate 
used) and the need for a heavy reaction force to provide the test stress. The PLT is 
probably the most widely known and accepted test to determine the insitu modulus 
parameter. 
 Falling Weight Deflectometer (FWD) – The FWD test is the dynamic equivalent to the 
static PLT, whereby a known weight is dropped from a standardised height to produce 
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test stress imparted into the ground via a rigid plate of known dimensions. The use 
of load cells and offset geophones monitors the deflection basin produced by the 
dynamic loading, and the insitu modulus is calculated based on resulting load / 
settlement curves produced. Variables such as the size of the weight, weight drop 
height, number of geophones can be altered to change the focus and depth of test 
penetration. The FWD test is suitable for testing of all materials, from soft soils 
requiring only light loads to be applied (via portable, lightweight FWDs – denoted 
PWDs or LFWDs) to produce significant settlements, to hard rock or thick pavement 
applications which require substantial forces to be imparted to create a measurable 
deflection. 
 Dilatometer / Pressuremeter – Measures insitu horizontal modulus of soil materials 
via quantifying the pressure required to inflate a membrane to a set deflection 
(dilatometer), or maintain a specified pressure threshold (pressuremeter) as the soil 
material deforms due to the applied pressure. This produces a deformation / pressure 
curve from which modulus values can be determined. The dilatometer and 
pressuremeter are generally advanced into the soil in conjunction with other 
penetrative / site investigation methods (e.g. CPT or down borehole). 
 Geophysical Survey (e.g. SASW / MASW) – Can be considered the field equivalent 
to resonant column testing, in that shear waves are generated and the velocity of the 
shear waves (Vs) is measured via the use of offset geophones. The Vs parameter can 
then be back-calculated to small-strain (G0 and E0) moduli parameters based on 
accompanying density and Poisson’s Ratio (ν) parameters (either assumed or 
measured). 
 
A.7.3. Indirect measurement / correlation to equivalent modulus 
 
Penetration Tests (SPT / DCP) 
 
Due to the routine completion of dynamic penetration tests, such as SPT or DCPs, during 
site investigations, many attempts have been made to correlate the results of such tests with 
insitu modulus values. However, the penetration test induces soil failure (i.e. non-elastic) 
and provides strength parameters to represent this failure condition. Thus the direct 
application of such tests to estimate deformation parameters (i.e. modulus) would be 
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expected to be site and material specific and influenced by other parameters (e.g. past 
stress history). 
 
As a result, the application of generic correlations to estimate elastic modulus (E) 
parameters from penetration tests would likely include significant scatter of results, and 
should be undertaken assuming a very conservative approach. Such correlations should, 
wherever possible, be completed in conjunction and review of any other available test results 
(laboratory or insitu) and the calculated E be compared with that expected, based on other, 
more exactly known material properties. 
 
CBR Test 
 
In the absence of a standardised or simple laboratory test procedure to determine the E 
value of a material, pavement design has extensively correlated E with California Bearing 
Ratio (CBR) values. However, the two (2) parameters should not be considered to be directly 
relatable, as the modulus is based on a stress-strain response of a material to loading whilst 
the CBR value is associated with peak resistance and shearing failure of the material. 
Accordingly, the two (2) test techniques would not be considered to be equivalent upon the 
strain plot as shown in Figure A.6, with the CBR representing large-strain conditions and the 
resilient modulus (MR, used for pavement design) determined at significantly lower strain 
levels. 
 
Notwithstanding this limitation, a number of CBR:E (generally accepted to be MR) 
relationships have been proposed and widely accepted by pavement designers and the 
geotechnical industry. Equation A.3, as included in Austroads (2008) defines the relationship 
between CBR and E first presented by Heukelom and Klomp (1962). 
 
E (MPa) = 10 x CBR (%)     (Equation A.3) 
 
As cited by Austroads (2009), the Queensland Department of Transport and Main Roads 
(QTMR) varied this uniform multiplier in 1990, and defined Equations A.4 and A.5 to relate 
CBR values to Modulus (E). 
 
E (MPa) = 21.2 x CBR(%)0.64 (for CBR < 15%); OR (Equation A.4) 
E (MPa) = 19 x CBR(%)0.68 (for CBR > 15%)  (Equation A.5) 
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Alternatively, the USA produced NCHRP (2004) redefined the CBR:E to Equation A.6, 
based on the findings of Powell et. al. (1984). 
 
E (MPa) = 17.6 x CBR(%)0.64    (Equation A.6) 
 
Figure A.8 plots the various CBR  E relationships, and highlights the variation in the 
calculated modulus value based on a consistent CBR input and the various selected 
relationship. 
 
 
Figure A.8. Typical CBR:E correlations, and variation in resulting E values, adopted for 
pavement subgrade design 
 
A.8. Insitu Testing vs. Laboratory Testing 
 
As identified in Briaud (2001), the internal structure of the tested soil can affect the 
reported modulus value of the material. As such, any disturbance of the material during 
sampling, transport from field to laboratory, test preparation and test methodology can 
result is changes to the internal (insitu) structure of the sampled material and would result 
in a difference between the laboratory determined and actual insitu modulus values.  
 
Examples of points within a typical geotechnical investigation at which such disturbance 
may easily occur during soil investigation and sampling include: 
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 Use of disturbed sampling techniques (eg. split spoon sampling via SPT) or bulk 
excavation techniques (test pitting) to obtain samples from field. 
 Reconstitution of material. 
 Recompaction of material. 
 Exclusion of certain component from inclusion in sample to be tested, as defined in 
standard laboratory test procedures (eg. coarse grained component)  
 
A.9. Importance of Modulus in design / Traditional use of Modulus  
 
Modulus is identified as an important material parameter used for the geotechnical design 
of road pavements is the stiffness of the subgrade, measured as the Young’s modulus (E). 
However, current field testing programs do not directly measure E.  Instead, there currently 
appears to be a significant disconnect between geotechnical design, which is based 
primarily on a material’s strength and stiffness parameters, and construction verification, 
which is focused on the completion of density and moisture content testing.  Modulus values 
are generally only inferred from construction field density tests in conjunction with Californian 
Bearing Ratio (CBR) values. 
 
A recent survey of numerous US State Departments of Transport (Puppala, 2008) indicated 
that although it is well understood that stiffness parameters, generally in the form of a 
resilient modulus (MR) value, would be a better design parameter for incorporation into 
pavement design, the lack of a standardised or simple laboratory test procedure to 
determine the E value of a material prevents it wide adoption.  
 
The same survey also found that the lack of existing correlations between equivalent 
stiffness parameters and other, more common, material design properties resulted in the 
existing strength based design process remaining the preferred design method among those 
surveyed. 
 
A.10. Conclusions 
 
As demonstrated within this summary, it is understood that modulus values are significant 
material parameters for use in geotechnical engineering projects in which material 
deformation is important. This is especially true for pavement design, in which deformation 
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due to repeated loads is directly associated with pavement performance and failure, and is 
the industry that has been driving research into the determination of modulus. 
 
The term modulus is an all-encompassing term, and specific subsets of modulus (and 
associated definitions) values are applicable to different problems. The magnitude of the 
variation of moduli that can be defined for a single material is significant, and thus the correct 
identification of the likely conditions that the tested material will be subjected to is critical to 
the appropriate selection of a modulus value. Similarly, when specifying a modulus value, 
the inclusion of conditions at which the selected modulus value is applicable is also 
essential. 
 
A materials modulus value, or the composite modulus value applicable to geotechnical 
design, is a function of the materials physical components at the time of testing and history 
associated with the material. 
 
Standardised laboratory test methods, such as the RLT and Resonant Column test, exist for 
the determination of modulus values, and are primarily used for testing of pavement 
materials. However, as common laboratory testing involves the compaction of materials 
during sample preparation, the state of the tested material may not always represent the 
insitu state of the material, either prior to sampling in the case of natural subgrade (or near-
surface) materials, or once the material is placed and compacted. 
 
Characteristic modulus values are notoriously hard to simply approximate, with localised 
materials often showing widespread variation from existing publications of similarly classified 
materials.  
 
A.11. Implications for current research project  
 
From this study, it is apparent that the direct measurement of modulus values would be 
preferential to the current practise of inferring of such a parameter from other test results 
that have no direct relationship to deformation parameters.  
 
Specifically, it has been demonstrated that the insitu measurement of modulus would be 
preferential to laboratory determined values, as laboratory tests have the potential to 
produce non-representative E values. This alteration could be due either to sample 
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disturbance or preparation techniques (altering the inherent soil structure present in the 
insitu condition), or the testing of idealised samples (e.g. intact rock samples which would 
not account for defects present in insitu rockmasses). 
 
Thus, it is concluded that a technique that directly measured insitu modulus, and that was 
simple and quick to complete during site investigations would be the ideal outcome of this 
research project. The Light Falling Weight Deflectometer (LFWD) was identified to possess 
all these qualities, and thus this research project was subsequently focussed on the 
development of the use of such equipment for the characterisation of residual soils in SEQ.  
 
A.12. References 
 
AASHTO (1986). Interim Design Guide for Design of Pavement Structures, American 
Association of State Highway and Transportation Officials, Washington, D.C. 
 
AASHTO (1999). Test method T307 – Standard Method of Test for Determining the 
Resilient Modulus of Soils and Aggregate Materials, American Association of State 
Highway and Transportation Officials, Washington, D.C. 
 
AASHTO (2003). Test method T193-99 – Standard Method of Test for The California 
Bearing Ratio, American Association of State Highway and Transportation Officials, 
Washington, D.C. 
 
AASHTO (1993). Guide for Design of Pavement Structures, American Association of State 
Highway and Transportation Officials, Washington, D.C., 700p. 
 
ASTM D4015 (2007). Standard Test Methods for Modulus and Damping of Soils by 
Resonant-Column Method, ASTM International, West Conshohocken, PA, 
 
Austroads (2008). Guide to Pavement Technology: Part 2 - Pavement Structural Design, 
Sydney, Australia 
 
Austroads (2009). Review of Relationship to Predict Subgrade Modulus from CBR 
(California Bearing Ratio), Sydney, 32p.  
Appendix A                                                Modulus Concepts, definitions and determination 
 
A – 20 
Barksdale, R. D., Alba, J., Khosla, N. P., Kim, R., Lambe, P.C. and M.S. Rahman (1997). 
Laboratory Determination of Resilient Modulus for Flexible Pavement Design, NCHRP Web 
Document 14, Final Report, 456p. 
 
Briaud, J. L. (2001). “Introduction to soil moduli’, Geotechnical News, 19 
 
Carter, J.P., and Kulhawy, F.H., (1988). “Analysis and design of drilled shaft foundations 
socketed into rock”, Report EL-5918. Palo Alto: Electric Power Research Institute, 190p. 
 
Concrete Institute (1999). Industrial Floors and Pavement Guidelines 
 
Das, B.M. (2011). Geotechnical Engineering Handbook, J. Ross Publishing, Ft. Lauderdale 
 
Duncan, J.M. and Chang C.Y. (1970). “Nonlinear analysis of stress and strain in soils”, 
Journal of the Soil Mechanics and Foundations Division, American Society of Civil Engineers 
(ASCE), 96 (SM5), pp. 1629–1653 
 
Dyka, I. (2012) “Use of the laboratory tests of soil modulus in modelling pile behaviour”, 
Studia Geotechnica et Mechanica, 34 (3), pp. 53–61 
 
Farmer I.W. and Kemeny J.M. (1992). “Deficiencies in rock test data”, Proceedings of 
International Society for Soil and Rock Mechanics Symposium EUROCK '92, Thomas 
Telford, London, pp. 298–303. 
 
George, K. P. (2004). “Prediction of Resilient Modulus from Soil Index Properties”, Final 
Report No. FHWA/MS-DOT-RD-04-172, Mississippi Department of Transportation, 72p. 
 
Gomes Correia, A., Barros, J.M., Santos, J.A. and Sussumu, N. (2001). “An approach to 
predict shear modulus of soils in the range of 10-6 to 10-2 strain levels”, Fourth International 
Conference on Recent Advances In Geotechnical Earthquake Engineering and Soil 
Dynamics, paper no. 1.22, San Diego, California 
 
Heukelom, W. and Klomp, A. J. G. (1962). “Dynamic Testing as a Means of Controlling 
Pavements During and After Construction”, Proceedings International Conference on the 
Structural Design of Asphalt Pavements, Ann Arbor, Michigan, pp. 667-679. 
Appendix A                                                Modulus Concepts, definitions and determination 
 
A – 21 
Look, B.G. (2007). Handbook of Geotechnical Investigation and Design Tables, Taylor and 
Francis, 331p. 
 
Mayne, P. W. (2001). “Stress-Strain-Strength-Flow Parameters from Enhanced In Situ 
Tests”, Proceedings of the International Conference on In Situ Measurement of Soil 
Properties and Case Histories, Bali, Indonesia, pp. 27-48. 
 
National Cooperative Highway Research Program, NCHRP (2004). Guide for Mechanistic-
Empirical Design of New and Rehabilitated Pavement Structures, National Cooperative 
Highway Research Program, Final Report for NCHRP 1-37A Project 
 
Powell, W.D., Potter, J.F., Mayhew, H.C. and Nunn, M.E. (1984). The structural design of 
bituminous roads, Report No. 1132, Transport and Road Research Laboratory (TRRL), 
Crowthorne, UK. 
 
Puppala, A. J. (2008). Estimating Stiffness of Subgrade and Unbound Materials for 
Pavement Design, NCHRP Synthesis 382, Transportation Research Board, National 
Research Council, Washington D.C., 139p. 
 
Sabatini, P. J., Bachus, R. C., Mayne, P. W., Schneider, J. A. and Zettler, T. E. 
(2002). Geotechnical Engineering Circular No. 5: Evaluation of soil and rock properties, 
Report No. FHWA-IF-02-034 
 
Santos, J. A. D., Correia, A. G., Modaressi, A., Lopez-Caballero, F. and Gomes, R. C. 
(2003). “Validation of an elastoplastic model to predict secant shear modulus of natural soils 
by experimental results”, Proceedings of 3rd international symposium on deformation 
characteristics of geomaterials, Lyon, France, pp. 1057–1062 
 
Sawangsuriya, A. (2012). “Wave Propagation Methods for Determining Stiffness of 
Geomaterials”, Wave Processes in Classical and New Solids, Giovine, P. (ed.) 
 
Seed, H.B. and McNeill, R.L. (1958) “Soil Deformation under Repeated Stress Applications”, 
ASTM Special Technical Publication, No. 32, pp. 177–197 
 
Appendix B                                                                                     Photographs of Fieldwork 
 
B – 1 
B. Appendix B – Photographs of Fieldwork 
Photo Reference B.1  
Date of Testing 24/03/2012 – 25/03/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT), 150mm Plate Diameter 
Variables Tested Gravel Diameter (5mm, 20mm) 
Thickness of Gravel (0mm, 100mm, 200mm, 300mm, 
400mm) 
Reference in Thesis Section 3.8 
 
Plate B.1.1. Plate Load Test setup – placement of jack, rigid plate and measuring 
apparatus upon 100mm thick gravel 
 
Plate B.1.2. Plate Load Test setup, and author noting plate settlement from dial gauges 
Appendix B                                                                                     Photographs of Fieldwork 
 
B – 2 
Photo Reference B.1  
Date of Testing 24/03/2012 – 25/03/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT), 150mm Plate Diameter 
Variables Tested Gravel Diameter (5mm, 20mm) 
Thickness of Gravel (0mm, 100mm, 200mm, 300mm, 
400mm) 
Reference in Thesis Section 3.8 
 
Plate B.1.3. Light Vehicle used as reaction force for 150mm diameter PLT 
 
 
Plate B.1.4. LFWD (100mm Plate fitted) testing of 5mm gravel at Chapel Hill Site 
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Photo Reference B.2 
Date of Testing 15/10/2012 – 16/10/2012 
Project / Site Location Wandoan Site 
Type of Test LFWD Testing of Compacted Sand 
Variables Tested Sand types, Sand Thickness, plate diameter 
Reference in Thesis Section 3.10 
 
 
Plate B.2.1. Excavator fitted with vibrating plate used as the compactive effort at Wandoan 
Site. 
 
 
Plate B.2.2. Prepared test beds, showing various sand thicknesses 
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Photo Reference B.3 
Date of Testing 13/08/2011 – 20/08/2011 
Project / Site Location Chapel Hill Site 
Type of Test DCP / LFWD Comparative Testing 
Variables Tested N/A 
Reference in Thesis Section 4.7 
 
Plate B.3.1. LFWD testing being undertaken in Test Pit (300mm Plate Fitted) 
 
Plate B.3.2. Offset location of test pits, with LFWD equipment shown 
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Photo Reference B.4 
Date of Testing 3/10/2012 
Project / Site Location Wide Bay Training Area 
Type of Test DCP / LFWD Comparative Testing 
Variables Tested N/A 
Reference in Thesis Section 4.8 
 
 
 
Plate B.4.1. Typical vegetation and excavation equipment used on site for test pit 
excavation 
 
Plate B.4.2. Author completing surface based LFWD testing, 300mm plate diameter shown 
Appendix B                                                                                     Photographs of Fieldwork 
 
B – 6 
Photo Reference B.4 
Date of Testing 3/10/2012 
Project / Site Location Wide Bay Training Area 
Type of Test DCP / LFWD Comparative Testing 
Variables Tested N/A 
Reference in Thesis Section 4.8 
  
Plate B.4.3. Typical footprint of LFWD test (300mm Plate Fitted) 
 
Plate B.4.4. LFWD equipment and test location upon exposed clay material within 
excavated test pit  
Appendix B                                                                                     Photographs of Fieldwork 
 
B – 7 
Photo Reference B.5 
Date of Testing 13/05/2013 
Project / Site Location Kinsellas Road East Site 
Type of Test DCP / LFWD Comparative Testing 
Variables Tested N/A 
Reference in Thesis Section 4.10 
 
Plate B.5.1. LFWD and 4WD mounted Drill rig employed for site investigation. Relative 
locations / offset between LFWD test and completed borehole shown in this figure 
 
Plate B.5.2. LFWD and 4WD mounted Drill rig employed for site investigation. Typical 
ground conditions and vegetation shown  
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Photo Reference B.5 
Date of Testing 13/05/2013 
Project / Site Location Kinsellas Road East Site 
Type of Test DCP / LFWD Comparative Testing 
Variables Tested N/A 
Reference in Thesis Section 4.10 
 
Plate B.5.3. LFWD test location KSE-06 at Kinsellas Road East site. 
 
Plate B.5.4. LFWD test location KSE-07 at Kinsellas Road East site. 
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Photo Reference B.6 
Date of Testing 07/02/2014 – 09/05/2014 
Project / Site Location Browns Plains Site 
Type of Test DCP / LFWD Comparative Testing for QA 
Variables Tested N/A 
Reference in Thesis Section 4.11 
 
 
Plate B.6.1. Typical site conditions, DCP test equipment and location of DCP testing 
 
 
Plate B.6.2. Typical site conditions at Browns Plains, Base of Excavation 
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Photo Reference B.6 
Date of Testing 07/02/2014 – 09/05/2014 
Project / Site Location Browns Plains Site 
Type of Test DCP / LFWD Comparative Testing for QA 
Variables Tested N/A 
Reference in Thesis Section 4.11 
 
 
Plate B.6.3. Side-by-side LFWD and DCP testing, base of excavation 
 
 
Plate B.6.4. LFWD test, base of excavation 
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Photo Reference B.6 
Date of Testing 07/02/2014 – 09/05/2014 
Project / Site Location Browns Plains Site 
Type of Test DCP / LFWD Comparative Testing for QA 
Variables Tested N/A 
Reference in Thesis Section 4.11 
 
Plate B.6.5. Typical depressions / footprint left by LFWD test, base of excavation (from 
test location shown in Plate B.6.4.) 
 
 
Plate B.6.6. Typical depressions / footprint left by LFWD test, base of excavation (from 
test location shown in Plate B.6.4.) 
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Photo Reference B.6 
Date of Testing 07/02/2014 – 09/05/2014 
Project / Site Location Browns Plains Site 
Type of Test DCP / LFWD Comparative Testing for QA 
Variables Tested N/A 
Reference in Thesis Section 4.11 
 
Plate B.6.7. QA testing of compacted ground to confirm bearing capacity 
 
Plate B.6.8. QA testing via LFWD testing of base of excavation to confirm bearing 
capacity requirements were met 
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Photo Reference B.7 
Date of Testing 13/05/2014 
Project / Site Location Port of Brisbane Site 
Type of Test DCP / LFWD Comparative Testing for QA 
Variables Tested N/A 
Reference in Thesis Section 4.13 
 
Plate B.7.1. LFWD testing of loose sand surface of reclaimed area, Port of Brisbane 
 
Plate B.7.2. LFWD testing of loose sand surface of reclaimed area, within wheel path 
Port of Brisbane 
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Photo Reference B.7 
Date of Testing 13/05/2014 
Project / Site Location Port of Brisbane Site 
Type of Test DCP / LFWD Comparative Testing for QA 
Variables Tested N/A 
Reference in Thesis Section 4.13 
 
Plate B.7.3. Typical depressions / footprint left by LFWD test completed in loose sand, 
Port of Brisbane site 
 
Plate B.7.4. Typical depressions / footprint left by LFWD test completed in loose sand 
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Photo Reference B.8 
Date of Testing 13/05/2014 
Project / Site Location Chapel Hill Site 
Type of Test Repeated DCP tests 
Variables Tested Spatial and Temporal Variation of DCP test 
Reference in Thesis Section 6.7 
 
Plate B.8.1. DCP testing of Chapel Hill site. Wooden stake identifies the location of an 
immediately adjacent, previously completed DCP test to determine spatial variation of 
results. 
 
Plate B.8.2. Typical borehole cut to extract samples for moisture content testing 
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Photo Reference B.9 
Date of Testing 28/12/2013 – 02/01/2015 
Project / Site Location Chapel Hill Site 
Type of Test LFWD 
Variables Tested Fines content variation influence on insitu modulus 
Reference in Thesis Section 7.5 
 
Plate B.9.1. Study set-up, 100% Gravel, with LFWD test equipment ready for testing 
 
 
Plate B.9.2. Depression / footprint from LFWD testing, 300mm diameter plate, 100% 
gravel 
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Photo Reference B.9 
Date of Testing 28/12/2013 – 02/01/2015 
Project / Site Location Chapel Hill Site 
Type of Test LFWD 
Variables Tested Fines content variation influence on insitu modulus 
Reference in Thesis Section 7.5 
 
 
Plate B.9.3. Mixed material within test container, 10% Fines, 90% Gravel 
 
 
Plate B.9.4. Deeper depression / footprint from LFWD testing, 100mm diameter plate, 
10% fines, showing bearing (shear) failure of material due to high test stress 
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Photo Reference B.9 
Date of Testing 28/12/2013 – 02/01/2015 
Project / Site Location Chapel Hill Site 
Type of Test LFWD 
Variables Tested Fines content variation influence on insitu modulus 
Reference in Thesis Section 7.5 
 
 
Plate B.9.5. Mixed material within text container, 30% Fines, 70% Gravel 
 
 
Plate B.9.6. Depression / footprint from LFWD testing, 300mm diameter plate, 70% 
gravel, 30% Fines 
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Photo Reference B.9 
Date of Testing 28/12/2013 – 02/01/2015 
Project / Site Location Chapel Hill Site 
Type of Test LFWD 
Variables Tested Fines content variation influence on insitu modulus 
Reference in Thesis Section 7.5 
 
 
Plate B.9.7. Test set-up, mixed material within text container and test equipment, 40% 
Fines, 40% Gravel, 300kg Volume 
 
 
Plate B.9.8. Mixed material within text container, 50% Fines, 50% Gravel 
Appendix B                                                                                     Photographs of Fieldwork 
 
B – 20 
Photo Reference B.9 
Date of Testing 28/12/2013 – 02/01/2015 
Project / Site Location Chapel Hill Site 
Type of Test LFWD 
Variables Tested Fines content variation influence on insitu modulus 
Reference in Thesis Section 7.5 
 
 
Plate B.9.9. Depression / footprint from LFWD testing, 300mm diameter plate, 50% 
gravel, 50% Fines 
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Photo Reference B.10 
Date of Testing 26/10/2012 & 27/05/2013 
Project / Site Location Sunshine Coast & Slacks Creek Sites 
Type of Test MASW Surveys 
Variables Tested Shear wave velocity (Vs) 
Reference in Thesis Section 8.3.2 and Section 8.3.3 
 
Plate B.10.1. MASW survey being conducted at Site 1 – Sunshine Coast (Landsborough – 
Maleny Road). Photo shows existing pavement condition and geotechnical drilling 
operations being completed alongside MASW survey 
 
 
Plate B.10.2. MASW survey being conducted at Site 2 – Slacks Creek Landfill. Photo 
shows site condition and vegetation at time of MASW investigation
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C. Appendix C – Results of Plate Load Tests (PLTs) 
Appendix Reference C.1  
Date of Testing 24/03/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 150mm Plate Diameter 
Test Condition PLT completed at base of Test Pit 
Reference in Thesis Section 3.8 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0.00 
283 2.08 
396 18.67 
0 17.34 
2 
0 0.00 
283 0.36 
396 1.93 
0 1.06 
3 
0 0.00 
283 0.21 
396 1.56 
0 0.07 
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Appendix Reference C.2 
Date of Testing 24/03/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 150mm Plate Diameter 
Test Condition PLT completed on 100mm thick, 5mm diameter gravel 
Reference in Thesis Section 3.8 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
283 3.53 
396 5.26 
622 8.66 
0 6.49 
2 
0 0 
283 0.78 
396 2.09 
487 3.10 
0 1.77 
3 
0 0 
283 0.42 
396 1.44 
447 1.88 
0 0.18 
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Appendix Reference C.3 
Date of Testing 25/03/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 150mm Plate Diameter 
Test Condition PLT completed on 200mm thick, 5mm diameter gravel 
Reference in Thesis Section 3.8 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
283 1.39 
396 4.41 
430 5.17 
0 3.82 
2 
0 0 
283 1.18 
396 2.59 
453 3.26 
0 1.51 
3 
0 0 
283 0.52 
396 0.95 
509 1.39 
0 0.24 
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Appendix Reference C.4 
Date of Testing 25/03/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 150mm Plate Diameter 
Test Condition PLT completed on 300mm thick, 5mm diameter gravel 
Reference in Thesis Section 3.8 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
283 4.12 
396 10.37 
453 12.61 
0 12.28 
2 
0 0 
283 0.39 
396 1.60 
430 1.94 
0 0.95 
3 
0 0 
283 0.57 
396 1.04 
453 1.28 
0 0.60 
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Appendix Reference C.5 
Date of Testing 25/03/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 150mm Plate Diameter 
Test Condition PLT completed on 400mm thick, 5mm diameter gravel 
Reference in Thesis Section 3.8 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
283 3.76 
396 20.46 
402 21.25 
0 20.61 
2 
0 0 
283 0.75 
396 1.13 
464 1.37 
0 0.80 
3 
0 0 
283 0.15 
396 0.76 
458 1.10 
0 0.65 
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Appendix Reference C.6 
Date of Testing 31/03/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 150mm Plate Diameter 
Test Condition PLT completed on 100mm thick, 20mm diameter gravel 
Reference in Thesis Section 3.8 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
283 1.71 
396 4.10 
410 4.45 
424 4.75 
453 5.30 
741 11.53 
758 11.92 
0 9.45 
2 
0 0 
283 0.91 
413 1.47 
566 2.14 
730 2.85 
0 0.91 
3 
0 0 
175 0.52 
424 1.36 
566 1.84 
730 2.39 
0 0.38 
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Appendix Reference C.7 
Date of Testing 31/03/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 150mm Plate Diameter 
Test Condition PLT completed on 200mm thick, 20mm diameter gravel 
Reference in Thesis Section 3.8 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
141 1.61 
424 4.95 
566 6.63 
730 8.53 
0 7.17 
2 
0 0 
283 0.45 
424 1.00 
566 1.67 
849 2.93 
0 1.63 
3 
0 0 
283 0.15 
424 0.66 
566 1.08 
804 1.85 
0 0.39 
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Appendix Reference C.8 
Date of Testing 01/04/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 150mm Plate Diameter 
Test Condition PLT completed on 300mm thick, 20mm diameter gravel 
Reference in Thesis Section 3.8 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
283 0.26 
424 1.48 
566 3.25 
656 4.39 
0 3.71 
2 
0 0 
283 0.21 
424 0.43 
566 1.09 
679 1.60 
0 0.97 
3 
0 0 
283 0.41 
424 0.86 
566 1.35 
696 1.65 
0 0.76 
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Appendix Reference C.9 
Date of Testing 01/04/2012 
Project / Site Location Chapel Hill Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 150mm Plate Diameter 
Test Condition PLT completed on 300mm thick, 20mm diameter gravel 
Reference in Thesis Section 3.8 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
283 1.87 
424 6.54 
736 16.93 
0 15.94 
2 
0 0 
283 0.49 
424 1.01 
662 1.85 
0 1.19 
3 
0 0 
283 0.39 
424 0.93 
560 1.45 
0 0.82 
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Appendix Reference C.10 
Date of Testing 16/11/2012 
Project / Site Location GUSBUS Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on Recycled Concrete Aggregate 
300mm thick, 20mm diameter gravel 
4 Passes of hand-driven, vibrating plate compactor 
Reference in Thesis Section 3.9 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
37 0.15 
74 0.41 
143 0.85 
212 1.26 
286 1.64 
140 1.48 
68 1.30 
30 1.14 
0 0.94 
2 
0 0.94 
34 1.09 
71 1.22 
143 1.43 
214 1.63 
284 1.86 
211 1.82 
122 1.66 
81 1.56 
33 1.39 
0 1.20 
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Appendix Reference C.11 
Date of Testing 16/11/2012 
Project / Site Location GUSBUS Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on Recycled Concrete Aggregate 
500mm thick, 20mm diameter gravel 
4 Passes of hand-driven, vibrating plate compactor 
Reference in Thesis Section 3.9 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
35 0.24 
71 0.45 
144 1.00 
212 1.50 
286 2.07 
132 2.03 
69 1.91 
33 1.81 
0 1.54 
2 
0 1.54 
36 1.74 
75 1.86 
129 1.99 
144 2.01 
214 2.15 
282 2.31 
200 2.32 
150 2.27 
73 2.14 
30 2.02 
0 1.81 
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Appendix Reference C.12 
Date of Testing 16/11/2012 
Project / Site Location GUSBUS Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on Recycled Concrete Aggregate 
700mm thick, 20mm diameter gravel 
4 Passes of hand-driven, vibrating plate compactor 
Reference in Thesis Section 3.9 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
35 0.36 
75 0.81 
141 1.56 
198 2.15 
0 1.55 
2 
0 1.55 
37 1.74 
74 1.89 
146 2.09 
199 2.26 
134 2.17 
31 1.89 
0 1.61 
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Appendix Reference C.13 
Date of Testing 16/11/2012 
Project / Site Location GUSBUS Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on Recycled Concrete Aggregate 
300mm thick, 20mm diameter gravel 
10 Passes of hand-driven, vibrating plate compactor 
Reference in Thesis Section 3.9 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
38 0.33 
75 0.64 
143 1.12 
214 1.62 
283 1.99 
139 1.50 
69 1.26 
34 1.12 
0 0.86 
2 
0 0.86 
38 1.01 
74 1.15 
143 1.39 
214 1.64 
286 1.91 
212 1.69 
139 1.50 
72 1.26 
71 1.25 
33 1.10 
0 0.91 
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Appendix Reference C.14 
Date of Testing 16/11/2012 
Project / Site Location GUSBUS Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on Recycled Concrete Aggregate 
500mm thick, 20mm diameter gravel 
10 Passes of hand-driven, vibrating plate compactor 
Reference in Thesis Section 3.9 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 -0.01 
37 0.17 
72 0.36 
141 0.66 
214 0.85 
284 1.02 
140 0.98 
69 0.92 
34 0.87 
0 0.76 
2 
0 0.76 
40 0.85 
71 0.88 
144 0.96 
219 1.03 
286 1.10 
216 1.08 
141 1.04 
71 0.99 
35 0.95 
0 0.84 
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Appendix Reference C.15 
Date of Testing 16/11/2012 
Project / Site Location GUSBUS Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on Recycled Concrete Aggregate 
700mm thick, 20mm diameter gravel 
10 Passes of hand-driven, vibrating plate compactor 
Reference in Thesis Section 3.9 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0 0 
35 0.35 
74 0.78 
143 1.61 
212 2.02 
286 2.50 
146 2.39 
68 2.21 
0 1.73 
0 1.73 
2 
34 1.95 
74 2.08 
143 2.30 
212 2.50 
284 2.72 
207 2.68 
143 2.57 
72 2.40 
27 2.20 
0 1.91 
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Appendix Reference C.16 
Date of Testing 15/10/2012 
Project / Site Location Wandoan Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on ‘Point Bar’ Sand Material 
1 Passes of excavated mounted, vibrating plate 
compactor 
Reference in Thesis Section 3.10 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0.00 0.00 
42.44 0.38 
56.59 0.50 
70.74 0.68 
99.03 1.05 
141.47 1.59 
198.06 2.30 
254.65 3.30 
339.53 5.15 
396.12 7.56 
339.53 7.56 
254.65 7.41 
198.06 7.31 
141.47 7.15 
56.59 6.72 
0.00 5.87 
143 2.57 
72 2.40 
27 2.20 
0 1.91 
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Appendix Reference C.17 
Date of Testing 15/10/2012 
Project / Site Location Wandoan Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on ‘Point Bar’ Sand Material 
2 Passes of excavated mounted, vibrating plate 
compactor 
Reference in Thesis Section 3.10 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0.00 0.00 
42.44 0.50 
56.59 0.67 
70.74 0.84 
99.03 1.18 
141.47 1.68 
198.06 2.32 
254.65 3.06 
339.53 4.16 
396.12 5.07 
339.53 5.06 
254.65 4.89 
198.06 4.76 
141.47 4.58 
56.59 4.09 
0.00 3.47 
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Appendix Reference C.18 
Date of Testing 15/10/2012 
Project / Site Location Wandoan Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on ‘Point Bar’ Sand Material 
3 Passes of excavated mounted, vibrating plate 
compactor 
Reference in Thesis Section 3.10 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0.00 0.00 
42.44 0.26 
56.59 0.34 
70.74 0.50 
99.03 0.81 
141.47 1.27 
198.06 1.82 
254.65 2.50 
339.53 3.75 
396.12 4.80 
339.53 4.76 
254.65 4.65 
198.06 4.49 
141.47 4.35 
56.59 3.85 
0.00 3.27 
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Appendix Reference C.19 
Date of Testing 15/10/2012 
Project / Site Location Wandoan Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on ‘Point Bar’ Sand Material 
4 Passes of excavated mounted, vibrating plate 
compactor 
Reference in Thesis Section 3.10 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0.00 0.00 
42.44 0.38 
56.59 0.50 
70.74 0.70 
99.03 1.09 
141.47 1.68 
198.06 2.41 
254.65 3.38 
339.53 5.39 
396.12 7.45 
339.53 7.45 
254.65 7.28 
198.06 7.13 
141.47 6.93 
56.59 6.35 
0.00 5.54 
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Appendix Reference C.20 
Date of Testing 16/10/2012 
Project / Site Location Wandoan Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on ‘Old Wagners Bar’ Sand Material 
0 Passes of excavated mounted, vibrating plate 
compactor 
Reference in Thesis Section 3.10 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0.00 0.00 
28.29 0.33 
42.44 2.35 
70.74 6.40 
99.03 10.16 
127.32 13.25 
141.47 14.93 
169.77 18.28 
198.06 21.91 
169.77 21.91 
127.32 21.83 
99.03 21.77 
70.74 21.63 
28.29 21.19 
0.00 20.90 
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Appendix Reference C.21 
Date of Testing 16/10/2012 
Project / Site Location Wandoan Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on ‘Old Wagners Bar’ Sand Material 
1 Passes of excavated mounted, vibrating plate 
compactor (no vibration applied) 
Reference in Thesis Section 3.10 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0.00 0.00 
42.44 0.80 
56.59 1.06 
70.74 1.88 
99.03 3.52 
141.47 5.97 
198.06 12.91 
254.65 24.26 
198.06 23.34 
141.47 24.30 
56.59 23.95 
0.00 23.18 
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Appendix Reference C.22 
Date of Testing 16/10/2012 
Project / Site Location Wandoan Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on ‘Old Wagners Bar’ Sand Material 
1 Passes of excavated mounted, vibrating plate 
compactor 
Reference in Thesis Section 3.10 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0.00 0.00 
42.44 0.40 
56.59 0.53 
70.74 0.73 
99.03 1.13 
141.47 1.72 
198.06 2.87 
254.65 3.89 
339.53 6.55 
396.12 10.11 
339.53 10.11 
254.65 10.01 
198.06 9.87 
141.47 9.70 
56.59 9.02 
0.00 8.32 
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Appendix Reference C.23 
Date of Testing 16/10/2012 
Project / Site Location Wandoan Site 
Type of Test Plate Load Test (PLT) 
PLT Diameter 300mm Plate Diameter 
Test Condition PLT completed on ‘Old Wagners Bar’ Sand Material 
2 Passes of excavated mounted, vibrating plate 
compactor 
Reference in Thesis Section 3.10 
 
 
Test Cycle Applied Pressure (kPa) Average Measured Deflection (mm) 
1 
0.00 0.00 
42.44 0.23 
56.59 0.31 
70.74 0.49 
99.03 0.86 
141.47 1.41 
198.06 2.20 
254.65 3.36 
339.53 5.37 
396.12 7.37 
339.53 7.37 
254.65 7.24 
198.06 7.08 
141.47 6.91 
56.59 6.48 
0.00 5.70 
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D. Appendix D – Relative modulus improvement due to inclusion of geo-
reinforcement within a gravel material 
 
This appendix details the extension of the study detailed in Chapter 7 of the thesis, and 
details a study that investigated the effect that presence of a layer of single geo-grid, either 
Tensar SS-30® or TriAx®, installed within a gravel material upon the insitu modulus 
parameter as measured by the LFWD equipment. 
 
This appendix is a re-formatted reproduction of: 
 
Lacey, D.W., Look, B.G. and Williams, D.J. (2015) “Relative modulus improvement due 
to inclusion of geo-reinforcement within a gravel material”, Proceedings of 12th 
Australia New Zealand Conference on Geomechanics (ANZ 2015), Wellington, New 
Zealand, paper 123 
 
D.1. Abstract 
 
The effectiveness of geo-reinforcement in terms of reducing the rutting depth of a trafficable 
surface is often reported in literature. However the quantification of this magnitude in regards 
to increases in measured stiffness parameters (Young’s Modulus, E) is rarely reported. This 
study was completed to quantify the magnitude of change within a material’s insitu modulus 
value associated with the inclusion of typical reinforcement materials. This paper details the 
results of an insitu testing study completed to quantify the effect that the installation of a 
single layer of three (3) types of geo-reinforcement (geotextile, geogrid or geocell) had on 
the composite stiffness of a loosely placed gravel material. In this study, insitu modulus was 
measured via the use of a Light Falling Weight Deflectometer (LFWD), a quasi-static plate 
load test.  The LFWD is a comparatively quick, non-destructive test that can be used for 
direct composite modulus estimation of the near-surface profile, either as a QA or 
investigative tool. Each of the three (3) types of geo-reinforcement considered was expected 
to apply a restraining force (albeit via different mechanisms) to the surrounding gravel which 
would result in stiffness increase exhibited by the composite arrangement. The results of the 
investigation suggested that the inclusion of geo-reinforcement could increase the 
composite modulus value by up to 100% in comparison to moduli values determined within 
non-reinforced material. However, the magnitude of observed modulus increase was found 
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to be significantly dependent on the type of geo-reinforcement and depth of its installation 
within the gravel profile. 
 
Keywords: Light Falling Weight Deflectometer (LFWD), Elastic modulus, subgrade, 
geogrid, geotextile 
 
D.2. Introduction 
 
This paper details a field testing study completed to quantify the effect that the installation 
of a single layer of geo-reinforcement – in the form of geotextile, geogrid or geocell materials 
– had on the composite stiffness of a loosely placed gravel material, measured as the insitu 
Young’s Modulus (E). 
 
Literature suggests that the composite Young’s Modulus value would increase with the 
addition of geo-reinforcement to a granular material unit. However, as different types of geo-
reinforcement rely on different mechanisms to provide ground improvement this study aimed 
to quantify the improved in E values and produce a ranking on the effectiveness of each 
tested type of geo-reinforcement. In addition, by varying the depth at which the geo-
reinforcement was placed within the gravel unit, the most effective depth of placement of 
the geo-reinforcement in providing a quantifiable improvement within a ‘stiffness’ 
measurement completed at the surface was assessed. 
 
D.3. Rationale for Study 
 
By necessity we, as design and construction engineers, often rely on manufacturer provided 
literature and data regarding the performance of geo-reinforcement products. However, 
although QA tests are required to be completed upon the reinforcement material itself during 
production, there is no formal testing requirement to prove, or even quantify, any 
improvement provided by such materials once they are installed within a soil mass. 
 
Whilst we generally think of such improvement in terms of composite strength, there is also 
an improvement in modulus (i.e. reduction in material deformation under loading conditions). 
The effectiveness of geo-reinforcement in terms of reducing the ‘rutting depth’ of a trafficable 
surface after repeated loading cycles (e.g. wheel loading of pavement materials), or the 
ability of a geo-reinforced material to carry an increased number of traffic load repetitions is 
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often reported in literature (e.g. Tensar, 2003). Similarly, geo-reinforcement manufacturers 
advocate the placement of a reinforcement layer either upon a subgrade soil material with 
low bearing capacities or as a constituent within a road pavement profile. The argument for 
their inclusion is that the geo-reinforcement will either reduce the required pavement / 
working platform thickness or the observed depth of rutting.  
 
As the inclusion of a geo-reinforcement layer is identified as a way to improve the number 
of load repetitions that can be carried prior to pavement degradation or failure, their 
presence is presented a method of extending the life span of a pavement. However, actual 
quantification of the magnitude of any increase in measured stiffness parameters due to the 
inclusion of such reinforcement is rarely reported, and thus not directly available for altering 
material parameters adopted for design. This research focuses on a formal assessment of 
the variation in a stiffness parameter due to the inclusion of geo-reinforcement materials, 
quantified by the variation of the in-situ Young’s Modulus (E) parameter obtained by testing 
utilising a Light Falling Weight Deflectometer (LFWD). 
 
A number of factors would likely influence the determined composite (material and geo-
reinforcement) modulus value, including: 
 
 Type of geo-reinforcement (strength or grade of material; orientation or arrangement 
of reinforcement elements) 
 Depth of geo-reinforcement placement compared to testing location 
 Magnitude of load to be placed upon the surface (as modulus is a stress dependent 
property) 
 Type of fill material surrounding geo-reinforcement 
 The number of load repetitions (modulus would likely degrade over lifetime of 
material) 
 The stiffness of the underlying material 
 The design life of the constructed element 
 
The research summarised within this paper focuses primarily upon the first three (3) of these 
listed factors. This work provides a fundamental understanding of any stiffness gain due to 
the introduction of geo-reinforcement, and is independent of manufacturer produced 
literature. 
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D.4. Methodology 
 
All field tests completed for this study adopted the same general methodology, whereby a 
single layer of geo-reinforcement (geotextile, geogrid or geocell) was placed within a mass 
of loosely packed gravel. For each of the constructed arrangements an insitu Elastic 
(Young’s) Modulus parameter, in the form of an ELFWD value, was determined using the 
Prima 100 LFWD testing equipment.  
 
D.4.1. Testing Equipment 
 
Insitu testing to determine the Young’s Modulus of the composite material (ELFWD) was 
completed via the use of a Prima 100, a commercially available LFWD. This instrument, as 
shown in Figure D.1, is a quasi-static plate load test, in which a sliding 10kg weight is 
manually raised upon a guide rod and dropped onto a rigid base plate instrumented with a 
load cell and velocity transducer. A load pulse is generated when the weight is dropped upon 
the rubber dampers, which passes through the rigid plate and into the ground as a uniform 
stress. The load cell and deflectometer measures the imparted force and deflection of the 
ground below the centre of the plate respectively. 
 
                           
(a)       (b) 
Figure D.1.  Prima 100 LFWD; (a) during fieldwork and (b) in cross-section (after Fleming 
et. al., 2007) 
 
As both force and deflection values are measured over the duration of the load pulse, the 
composite Young’s Modulus (ΕLFWD) over the zone of test influence can thus be derived by 
the classic static elastic theory (Boussinesq elastic half-space) equation, as shown in 
Equation D.1. Previously identified limitations relating to use of static elastic theory for 
interpretation of LFWD results (which is a semi- dynamic test) are detailed in Fleming et. al. 
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(2007, 2009), and include a phase lag between the timing of the observed peak force and 
maximum deflection values: 
 
ΕLFWD = [A x P x R x (1 – 2)] / d0    (Equation D.1) 
 
Where:    
A = Plate rigidity factor (π/2 for rigid plate)   
P = Maximum Contact Pressure   
R = Radius of plate      
 = Poisson’s Ratio 
d0 = Peak deflection 
 
It is estimated that the Coefficient of Variation (CoV) of the calculated ELFWD value for 
granular materials is approximately 15%, based on work published by Fleming et. al. (2009) 
and the estimation of repeatability from the data collected in this study. This CoV value 
includes equipment, procedural, operator and material variability, and compares favourably 
to traditional testing techniques, such as CBR testing (17 to 58%, as reported by Lee et. al., 
1983) or field penetration tests such as the Dynamic Cone Penetrometer Test (DCP) and 
Standard Penetration Test (SPT) (both >50%, as reported by Mellish et. al., 2014 and Phoon 
and Kulhawy, 1999 respectively). 
 
D.4.2. Materials and Expected Behaviour 
 
The study considered three (3) distinct types of geo-reinforcement; BidimTM non-woven 
geotextiles, Tensar® geogrids™ and Geofabrics Australia’s Ecoweb™ (geocell). In order to 
ascertain if the tensile strength of the geo-reinforcement affected the insitu modulus, two (2) 
grades of both the geotextile – A29™ and A49™ – and geogrid – SS-30™ and TriAx™ – 
were independently tested. Accordingly, this study evaluated modulus increases associated 
with five (5) geo-reinforcement material variants. 
 
The inclusion of a layer of geo-reinforcement within a gravel mass was expected to provide 
an increase in the measured modulus of the composite material via the application of a 
restraint to the free movement of loosely placed gravel. By the reduction or total restriction 
of movement of a portion of gravel material, any deformation observed at the surface was 
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also be expected to decrease and, accordingly, the modulus value determined via 
monitoring surface deflections under measured loads would increase. 
 
As presented in Figure D.2, each of the three (3) types of geo-reinforcement tested (non-
woven geotextile, geogrid, and geocell) were expected to provide a restraining force to the 
surrounding gravel via a different mechanism. The geotextile material would, upon loading, 
be expected to become a tensioned membrane and restrict the gravel material’s movement; 
the geogrids would be expected to provide an interlocking membrane effect to laterally 
restrain the surrounding gravel material; whilst the geocell would provide a confinement 
effect to the material located within its vertical walls. 
 
 
(a)     (b)       (c) 
Figure D.2.  Various boundary conditions through which geo-reinforcement materials 
provide restraining forces to the surrounding materials; (a) Geotextile tensioned membrane 
effect; (b) Geogrid confinement via horizontal constraint; and (c) Geocell (vertical) walls 
preventing material movement. 
 
D.4.3. Test Arrangements and Procedure 
 
For each geo-reinforcement test completed, a single layer of the geo-reinforcement was 
placed over 250mm of loosely packed gravel material within a 900mm by 565mm plastic 
container (i.e. rigid boundaries providing confinement to the gravel). The diameter of gravel 
varied between tests completed utilising geotextile reinforcement (5mm diameter gravel) or 
geogrid or geocell reinforcement (20mm diameter gravel).  
 
The installed geo-reinforcement was then subsequently covered with a defined thickness of 
the same gravel as used for the 250mm base layer. For the non-woven geotextile, tests 
were completed upon cover thicknesses of 0mm, 50mm, 150mm and 250mm. For other 
geo-reinforcements (geogrid and geocell), arrangements incorporating cover thicknesses of 
50mm and 100mm were constructed. Table D.1 presents a summary of each of the testing 
arrangements completed for this study, whilst Figure D.3 presents the concept of the 
constructed arrangements completed for each type of geo-reinforcement. 
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Table D.1. Geo-reinforcement material and gravel (diameter and thickness) variants 
Geo-Reinforcement Inclusion Gravel Dia. 
(mm) 
Gravel Thickness (mm) 
Type Name / Class Base Cover 
NIL (Unreinforced) N/A 5 
250 
N/A N/A 20 
Geotextile Bidim A29 5 0, 50 150 250 Bidim A49 5 
Geogrid Tensar SS-30 20 
50, 100 Tensar TriAx 20 
Geocell EcoCell (90mm depth) 20 
 
 
Figure D.3.  Concept of tested material arrangements (geotextile variation shown) 
 
After the construction of the geo-reinforced gravel mass, the in-situ composite stiffness was 
determined for each arrangement using the LFWD. For each arrangement, separate LFWD 
testing was completed utilising a 100mm and 300mm diameter rigid plate, and repeated for 
various (standardised) heights of weight drop. Due to the smaller diameter plate, a much 
higher stress was imparted by the rigid plate when the 100mm diameter plate was employed 
(refer Equation D.1) – the 100mm diameter plate imparts a stress value approximately nine 
(9) times higher stress than that observed when using a corresponding weight drop height 
and a 300mm diameter plate. 
 
For each of the eight (8) LFWD tests (i.e. loading arrangements) completed upon each 
composite arrangement, four (4) standardised weight drop heights were utilised for tests 
completed with the 100mm and 300mm diameter rigid plate (weight drop heights of 210, 
420, 630 and 785mm). Tests involved the completion of a series of weight drops (n ≥ 10) 
from each standardised drop height, such that any ‘seating’ and ‘outlier’ values could be 
identified within the recorded dataset. The equipment and methodology of LFWD testing 
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was in accordance with relevant international standards and recommendations (e.g. ASTM-
2835, IAN 73/06).  
 
D.5. Results and Discussion 
 
For each LFWD weight drop height and constructed geo-reinforced arrangement, a 
standardised data inspection and filtering process was applied and an insitu modulus value 
(ELFWD) value determined. The filtering process included the removal of seating blows and 
data outliers, as per previously published methodologies (e.g. ASTM-2835, IAN 73/06).  
 
Prior to the influence of any geo-reinforcement, the general relationship between test stress 
and modulus was expected to be linear, as presented in Figure D.4. In order to allow a direct 
correlation between each of the tested material arrangements, the reported ELFWD values 
were interpolated to standardised test stress values. These stress values – 50kPa, 75kPa 
and 100kPa for the 300mm diameter rigid plate and 500kPa, 750kPa and 900kPa for the 
100mm diameter rigid plate – are within the expected test stress ranges, as shown in 
annotations included in Figure D.4. 
  Figure D.4.  Expected linear relationship between observed ELFWD values and max. test 
stress for uniform material within LFWD zone of influence. Note significant change of 
stress based on utilised plate dia. 
 
Assessment of the effect of the layer of geo-reinforcement was undertaken by direct 
comparison between the corresponding standardised ELFWD values determined for the 
reinforced and unreinforced arrangements. In line with previous recommendations (Fleming 
et. al., 2009), and based on the CoV values determined in this study, a ELFWD value within 
15% of the unreinforced (‘baseline’) value was considered to represent no in-situ modulus 
change.  
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D.5.1. Non-Woven Geotextile 
 
Figure D.5 displays the ELFWD values derived for each of the tests completed upon the non-
woven geotextile materials using (a) a 300mm diameter rigid plate; and (b) a 100mm 
diameter rigid plate. As seen in these results the only observable increased ELFWD modulus 
values occurred at tests conducted with lowest stress magnitude ( < 60kPa). The stiffness 
results obtained from tests completed with the 100mm diameter plate appear to be relatively 
consistent with the ELFWD values calculated for the unreinforced arrangements (refer Figure 
D.5b), in which with the majority of results (20 of 24 tests, 84%) plotted within the accepted 
range of ELFWD variation (±15%). 
    
(a)        (b) 
Figure D.5.  ELFWD values with geotextile inclusions compared to unreinforced gravel. (a) 
ELFWD values obtained using a 300mm diameter plate; (b) ELFWD values obtained using a 
100mm diameter plate. 
 
Within the range of test stresses that displayed improvement due to the inclusion of a 
geotextile layer (i.e.  < 60kPa), the magnitude of modulus improvement was observed to 
vary up to a maximum of 67%. As presented in Figure D.6, there appeared to be an initial 
increase in ELFWD values when LFWD testing was completed directly upon the geotextile 
material, whereby ELFWD values increased by 20% to 33% over the corresponding 
unreinforced material moduli. Although this increase disappeared when 50mm of gravel 
cover was placed upon the material, once at least 150mm of gravel cover was installed an 
improvement above baseline modulus values was again repeatedly observed, with the 
magnitude of modulus improvement increasing with depth of gravel cover. The strength 
class of geotextile did not always reflect the magnitude of observed ELFWD improvement, 
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with the lower strength geotextile (A29) providing higher ELFWD values (by up to 33%) than 
the corresponding tests conducted with high strength (A49) geotextile installed and at least 
150mm of cover placed. 
 
  
Figure D.6.  Increase (%) of standardised in-situ modulus (ELFWD-50kPa) based on gravel 
cover thickness for 50kPa tests completed upon geotextile reinforced and unreinforced 
5mm gravel (loosely placed). 
 
These results confirmed that non-woven geotextile products should be used solely to 
provide a separation or filtration function, rather than for any reinforcement purpose. Any 
modulus increase due to the inclusion of such a material appeared to be limited to the low 
stress test state ( < 60kPa) and within low modulus values (ELFWD ≤ 10MPa). This was 
interpreted to indicate that at higher test stress values ( ≥ 60kPa) a bearing capacity failure 
of the composite arrangement likely resulted, in which the non-woven geotextile was, along 
with the surrounding gravel, significantly displaced and thus not able to provide any material 
confining effect. Visual observations supported this interpretation, in which the deformation 
created within the gravel arising from LFWD testing was significantly deeper when the 
100mm diameter plate was used (in comparison to the 300mm diameter plate). Tests 
completed with the wider (300mm) plate produced a uniform, 20mm deep depression across 
the full LFWD footprint whilst other (100mm) tests produced a deeper, conical depression / 
heaved surface. 
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D.5.2. Geogrid and Geocell 
 
The same method of result analysis was adopted for tests completed upon the geogrid and 
geocell reinforcement materials. Figure D.7 plots the calculated ELFWD values for each of the 
geogrid and geocell arrangements tested. As per the geotextile results, no modulus 
improvement due to the inclusion of geo-reinforcement was observed in the tests involving 
the 100mm diameter plate or the higher stress state associated with the 300mm diameter 
plate (i.e.  ≥ 85kPa). 
 
     
(a)        (b) 
Figure D.7.  ELFWD values with geogrid and geocell inclusions, compared to unreinforced 
material. (a) obtained using a 300mm diameter plate; and (b) obtained using a 100mm 
diameter plate. 
 
For the tests in which modulus increases were noted (i.e.  < 85kPa), both the magnitude 
of ELFWD increase and depth to which increases above the unreinforced E values continue 
appears to be reinforcement material type specific. When 50mm gravel cover was installed, 
only the tests imparting the lowest stress (50kPa) displayed improved E values. However, 
once 100mm gravel was installed, increased E values were observed in both the 50kPa and 
75kPa standardised ELFWD values, with the 50kPa values indicating greater improvement 
than that observed in the 50mm cover tests. This suggests that the magnitude of the 
stiffening response to geo-reinforcement inclusions increases with the depth of burial. 
However, due to the limited thickness of gravel cover included in this study (max. 100mm 
thick gravel cover), the optimum depth at which the geo-reinforcement could be installed to 
observe the maximum E increase in surface based testing was unable to be quantified. 
Appendix D                            Insitu modulus improvement due to geo-reinforcement (2015) 
 
D – 12 
As shown in Figure D.8, the effect of the inclusion of a geogrid or geocell as a geo-
reinforcement layer fundamentally alters the linear relationship between the in-situ modulus 
(ELFWD) and imparted stress magnitude (as previously presented in Figure D.4). Instead, the 
reinforced composite mass effectively increases the modulus towards a constant ELFWD 
value (as evidenced by the sub-horizontal lines to the left of the graphs in Figure D.8) until 
the imparted stress level increases and the altered relationship intersects the unreinforced 
gravel’s linear relationship. Beyond this intersection (right hand side of graphs in Figure D.8) 
no difference between the reinforced and unreinforced ELFWD value was observed. 
 
    
(a)        (b) 
Figure D.8.  ELFWD values based on type of geogrid and geocell inclusion, compared to 
unreinforced material; (a) For 50mm gravel cover; and (b) For 100mm gravel cover (tested 
using 300mm dia. plate). 
 
Of the two (2) geogrids types tested, the TriAx reinforcement consistently outperformed the 
SS-30 geogrid, always returning a superior ELFWD in the results that demonstrated a modulus 
improvement from the corresponding unreinforced arrangements (i.e.  < 85kPa). The TriAx 
reinforcement layer demonstrated a modulus increase of up to 111% compared to the 
‘baseline’ ELFWD values, whilst the SS-30 geogrid showed a maximum of 92% improvement. 
Similarly, in tests completed using 50mm gravel cover the TriAx reinforcement returned 
ELFWD-50kPa values up to a 32% higher than the corresponding SS-30 arrangement value. 
 
The geocell demonstrated the highest observed modulus improvement of the study once 
100mm of gravel had been placed over the reinforcement cell, with a maximum ELFWD 
improvement of 137% observed in ELFWD-50kPa values. This modulus improvement was 26% 
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greater than the corresponding testing completed with TriAx geogrid, and was interpreted to 
imply that the vertical walls of the geocell were more effective at providing material 
confinement (or affects a greater area of gravel material) than the rigidity provided by 
mechanical interlock associated with horizontally orientated geogrids. 
 
D.6. Conclusions 
 
This independent study assessed the relative improvement in insitu stiffness when various 
types of geo-reinforcement products were incorporated into loosely placed gravel. A Light 
Falling Weight Deflectometer (LFWD) was used to measure the insitu modulus and, based 
on the results of these tests the following conclusions were made: 
 
 As applied shear stress increased, observable improvements in insitu modulus 
reduced. In the case of geotextiles a test stress value above 60kPa demonstrated no 
increase to insitu modulus. For the geogrid and geocell materials tested this cut-off 
value increased to 85kPa.  
 Inclusion of geotextile was observed to have the smallest effect on the insitu modulus 
improvement. A maximum improvement of 67% was observed in testing involving 
geotextiles. 
 The inclusion of a layer of geogrid improved insitu modulus values by up to 111%. 
The type of geogrid installed affected the magnitude of modulus increase, with the 
TriAx geogrid consistently outperforming the SS-30 (biaxial) geogrid (by up to 32% 
greater improvement). 
 Of the tested geo-reinforcements, the inclusion of a single geocell provided the 
greatest increase to the surface measured insitu moduli. The maximum insitu 
modulus improvement observed (137%) was found when the geocell was installed 
under 100mm of gravel cover.  
 Observed insitu moduli improvement was greatest when cover gravel depth was 
maximised. To determine the optimal location to install reinforcement within a 
material profile, such that maximised insitu modulus improvement is observed at 
surface level, requires additional trials. 
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E. Appendix E – Use of drilling rig instrumentation to assess subsurface profile 
and material characteristics during piling operations 
 
This appendix details the extension of the study detailed in Chapter 9 of the thesis, and 
details the use of drilling information collected during the construction phase of a commercial 
project to infer material properties. 
 
This appendix is a re-formatted reproduction of: 
 
Lacey, D., Kemp, A., and Sundaram, M. (2012). “Use of drilling rig instrumentation to 
assess subsurface profile and material characteristics during piling operations”, 
Proceedings of 11th ANZ Conference on Geomechanics, Melbourne, Australia, pp. 1316–
1321 
 
E.1. Abstract 
 
At the site of a major infrastructure project within South East Queensland, a series of bored 
piles have been recently installed within a residual and extremely weathered, interbedded 
sedimentary profile. Geotechnical information for the design of the structure was initially 
gathered by the completion of a series of borehole investigations across the site and pile 
capacities were subsequently confirmed by continual geotechnical supervision of the pile 
excavations during construction. Supplementary geotechnical information was recorded by 
the instrumented rotary piling rig mobilised for the installation of all piles completed at this 
site, and this paper presents a comparison between this recorded data and the other 
geotechnical information received during each stage of site investigation works. The general 
characteristics of the recorded drilling parameters are detailed, and the interpretation and 
correlation of the data with the previously modelled subsurface profiles present at the site is 
documented. Comparison of the drilling rig data with strata changes, laboratory test results 
and estimation of material strength has been attempted. 
Keywords: Automated investigation monitoring, weathered sedimentary profile, pile 
supervision  
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E.2. Introduction 
 
The confirmation of the assessed and modelled subsurface profile and material parameters 
at any site is imperative to ensure the adequacy of the proposed design. Subsurface profiles 
and geotechnical models of a site, as defined from initial geotechnical investigations, are 
generally utilised for design inputs and are thus required to be confirmed during the 
construction phase of a project. 
 
Verification of assumed material properties are essential for piling operations, in order to 
confirm that the design pile capacity is achieved. However, as the excavated material is 
commonly highly disturbed during displacement, the estimation (and thus design 
confirmation) of the strength of the material that comprises the subsurface profile is often 
difficult to achieve by a quantifiable approach. This paper details a procedure whereby data 
collected from an instrumented piling rig has been filtered, analysed and compared to other 
sources of geotechnical data, and subsequently used to estimate the strength of weathered 
and weak materials. 
 
E.3. Site Description 
 
Piling operations were completed on a site located on the Gold Coast, Queensland, 
Australia. The piling was undertaken for the Gold Coast University Hospital (GCUH) Station 
Shell which formed part of an early works package of the Gold Coast Light Rail (GCRT) 
project. A series of cast-in-place pile walls were designed to provide predominantly lateral 
support for the station area and tunnel approaches in order to allow excavation of the site. 
A total of over 500 piles were installed between August 2010 and February 2011, with pile 
diameters ranging from 750mm to 1500mm. 
 
The station site was located at a localised topographic high, with the approach tunnels 
penetrating the slopes of the ridge. The vertical differential across the site was approximately 
14m. The subsurface profile of the site comprised residual soils (silt and clay mixtures) 
overlying meta-sedimentary rock material belonging to the Neranleigh-Fernvale beds 
geological formation. Limited quantities of uncontrolled fill and alluvial clays were also 
encountered at the surface in isolated areas of the site. 
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The rock profile encountered generally replicated the site topography, and the thickness of 
residual soil increased from the crest of the hill in both directions. The meta-sedimentary 
bedrock which was intersected across the site possessed a deep weathering profile and 
was consistently described as extremely to highly weathered and extremely low to low 
strength. Weathering reversals were commonly observed, with associated rock strength 
variation. Some preferential weathering of meta-siltstone over meta-sandstone rock material 
was also evident across this site. 
 
E.4. Available Geotechnical Data 
 
Information obtained from three (3) geotechnical investigations were used to complete the 
design of the pile walls at the GCRT site. These investigations comprised a total of 22 
boreholes located across the station site, advanced by use of a rotary drilling rig. From the 
results of these investigations a geotechnical model for the site was constructed, detailing 
the subsurface material units and material properties. Piles were designed to penetrate into 
the extremely weathered (XW) meta-sedimentary material which was consistently 
encountered from, or very close to, the ground surface and extended beyond the toe level 
of each pile. Due to the variation of rock type (interbedded meta-sandstone and meta-
siltstone) and rock strength (extremely low to low strength) across the length of the piles, a 
single set of material parameters were defined to characterise an equivalent material unit, 
“XW Rock.” Material parameters adopted to represent this hybrid unit for design purposes 
are detailed in Table E.E.1. 
 
Table E.E.1.  Characteristic Rock Strength material properties for equivalent “XW Rock” unit 
Unit Weight 
(kN/m3) 
Median Is(50) 
(MPa) 
Is(50) Interquartile 
Range (MPa) 
Design UCS 
range (MPa) 
Geological Strength 
Index (GSI) 
20 0.11 0.08 – 0.15 1.6 – 2.5 25 - 40 
 
As the design of the pile walls resulted in the piles entirely encapsulated within the “XW rock” 
unit, the piling data analysed within this paper details the pile excavation profiles drilled 
through a single material unit. This differs from similar drilling record data previously 
analysed by others (Gao et. al., 2008; Gul et. al., 2002) as there is no significant geological 
change present within the length of the data.  
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In addition to the geotechnical investigation data and interpretation, a detailed excavation 
log was produced at each pile location which contained descriptions of the rock material and 
variation of the estimated strength along the full pile length. A pile inspection report was also 
compiled for each of the nine (9) defined pile walls, which summarised the encountered 
subsurface and rock strength testing completed on irregular lump samples recovered from 
within excavation spoil (Point Load Index, Is(50) values). Accordingly, as piles were spaced 
between 1200 to 1800mm (centre to centre), a continuous subsurface profile could be 
established along the alignment of each pile wall.  
  
A 60m section of a 2m high excavation was also geologically mapped to estimate the 
orientation of the bedding planes present at the site. The orientation (dip / dip direction) of 
the beds was consistently measured at approximately 600 / 2550. 
 
E.5. Instrumented Equipment and Recovered Data 
 
The piling rig used for all pile excavations was a Bauer BG28, a rotary drilling rig with an 
operating weight of 96T. The rig was fitted with an electronic data management system, B-
Tronic, which provided recordings of the operating conditions of various drilling rig 
parameters at 1-second intervals for each pile excavation (refer Figure E.1). 
 
 
Figure E.1  Graphical representation of typical raw data obtained from piling rig 
instrumentation 
 
E.6. Initial Data Filtering 
 
Unlike recommendations by Gui and Hamelin (2004), no initial correlation to site-specific 
conditions was undertaken as the data recovered from the piling rig was not intended to be 
directly used for confirmation of design parameters. No definition between the recorded 
parameters and existing geotechnical information was undertaken prior to commencement 
of piling works, nor was any preference given to keeping any particular aspect of drilling 
operations at a standardised rate throughout pile installation. Accordingly, data collected at 
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this site should be considered site-specific and individual pile records may not always be 
directly comparable to each other. 
 
In order to correlate the recorded data with available geotechnical logs, closely offset 
borehole and pile excavations have been compared. The proximity of each pile record to 
the nearest borehole was first calculated, and of the approximately 500 piles drilled at the 
site, 120 piles were located within 10m of the nearest borehole. Twenty-eight piles were 
located within 5m and just six (6) boreholes were located within 3m of the nearest borehole. 
For initial comparison, as presented within this paper, the pile rig data and pile excavation 
logs belonging to these six (6) boreholes have been isolated. 
 
For each of the identified piles, drilling parameters applicable to either filtering data and/or 
the identification of variation within the subsurface profile were isolated. Torque, drive 
rotation speed, pressure, winch load and inclination of piling rig mast parameters were 
selected for analysis, based on the results of previous work (Gul, 2008; Gao et. al., 2008). 
Previous descriptions of instrumented borehole drilling data provide detailed descriptions of 
each of these parameters (Gul et. al., 2002).  
 
No depth data had been embedded within the drilling rig data, so all records were referenced 
only to the duration from the commencement of excavation. This meant that each drilling 
record included data that covered the entire piling operation, including non-relevant data 
that described activities such as the removal of spoil from the excavation. In order to filter 
this “non-drilling” time from the dataset and produce a dataset solely comprised of “pure 
drilling” information, thresholds identifying the periods of time that the auger was 
productively drilling at base of the excavation between “lifts” to remove spoil were defined, 
as per the procedure presented by Gao et. al. (2008), but, in this case based on mast 
inclination, torque and the force applied to the main winch. 
 
The result of this filter was a series of data points which represented each period of time 
that the auger was at the base of the pile excavation (Figure E.2a). This data could then be 
compared to the excavation logs, all of which included notes of the time that certain 
excavation depths had been achieved. From the timestamp of the filtered data, the piling 
record was then converted to an approximate depth plot (Figure E.2b). Limited linear 
interpolation was required, as the interval between time/depth information often included 
numerous “cycles” of auger drilling and excavation clearing. 
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(a)       (b) 
Figure E.2   (a) Filtered data showing only time periods of active excavation 
advancement; and (b) equivalent dataset placed within a vertical excavation log, based on 
excavation log notes. 
 
Using the inferred depth and available survey information, the various datasets were 
assigned a vertical reference and then directly evaluated against the estimated strengths 
noted on the comparable excavation and borehole logs. Using the depth and time notes 
included on the excavation logs, the rate of drill advancement was also estimated and 
attributed to the logged material strength. 
 
As the rate of drilling is expected to be a function of both torque and rotation speed, a 
normalised parameter that can be used for comparison between pile records, denoted 
Drilling Effort (DE), has been compiled for each analysed excavation record by dividing the 
torque (%) with the speed of rotary drive (%). Statistics for the DE parameter, along with all 
other compiled parameters, have then been calculated for the “pure drilling” component of 
the data record (refer Figure E.3b). 
 
 
(a)       (b) 
Figure E.3   (a) Calculated penetration rate plotted against depth, based on piling rig 
data and excavation log notes; and (b) Drilling Effort, raw and filtered with median filter, 
plotted against depth. 
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These statistics were then compared with the estimated material strength shown on the 
corresponding borehole and excavation logs to produce a database of values applicable to 
each material type and strength. A median filter, which characterised the median value of 
each parameter for the “pure drilling” component of each “cycle,” was applied during this 
comparison. The selection of a median filter is based on the recommendation of Gul (2008) 
who found such a filter was well suited for drilling parameter data, which inherently contains 
sharp data spikes due to the cyclical processes involved.   
 
E.7. Results 
 
Based on the results of the dataset filtering, a set of characteristic values for all the analysed 
drilling records have been constructed. The database compiled for each parameter has been 
sub-classified based on logged material type and estimated strength. Two (2) iterations of 
this analysis have been completed, based on the material and strength properties included 
in the reviewed borehole and pile excavation logs respectively. Table E.2 presents the 
calculated statistics applicable to the Drilling Effort (DE) parameter only, and represents a 
typical table of results constructed for each parameter. The values in this table represent 
the average value based on the compiled dataset based on each statistic. 
Table E.2. Typical values of normalised drilling effort (DE) parameter categorised by 
logged rock strength class (sourced from pile excavation logs / borehole logs) 
Material Logged Strength 
Logged 
Length 
% 
Rock-
mass 
Drilling Effort (DE, %) 
Lower 
Quartile Median Average 
Upper 
Quartile
Sand-
stone 
 
Ex. Low* 11.3 / 14.7 20 / 25 0.8 / 0.8 2.2 / 2.3 8 / 6.5 9.8 / 8.8 
Ex. Low / 
Very Low 8 / 0 14 / – 0.8 / – 3.1 / – 6.3 / – 8.4 / – 
Very Low 9.1 / 0.9 16 / 1 0.7 / 1.2 2.6 / 3.7 5.9 / 11.8 
7.4 / 
12.7 
Low 6.6 / 2.8 11 / 5 0.8 / 0.6 2.6 / 1.6 4.8 / 4.9 5.8 / 5.4 
Silt-
stone 
Ex. Low 5.8 / 34.8 10 / 59 0.6 / 0.7 1.6 / 2.3 4.1 / 5.5 5.0 / 6.6 
Very Low 3.2 / 0.0 6 / – 0.5 / – 2.7 / – 7.4 / – 10.1 / – 
Inter-
bedded 
Material 
Ex. Low 3.3 / 3.9 6 / 7 0.9 / 0.1 1.9 / 0.2 5 / 0.6 4.8 / 0.8 
Ex. Low / 
Very Low 8 / 0.0 14 / – 0.7 / – 1.7 / – 4.8 / – 5.4 / – 
Very Low / 
Low 1.7 / 1.7 3 / 3 0.4 / 0.0 1.7 / 0.4 5.4 / 0.8 8.1 / 1.0 
*Ex. Low – Extremely Low 
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Table E.3 presents a full set of characteristic drilling rig parameters, based on median filtered 
values. The selection to either the use of borehole logs or excavation logs as the basis of 
attributing material types to the drilling parameter records affects the results, in some cases 
significantly (e.g. up to 47% difference between the calculated median DE values). This 
variation is attributed primarily to the steeply dipping nature of the bedding planes present 
across the site. Even though the isolated borehole data were all located within 3m of the pile 
excavation, the measured bedding angle (600) indicates that for every metre offset between 
the borehole and excavation, there is an associated vertical differentiation of up to 1.7m for 
equivalent bedding interfaces. Accordingly, the strength estimation data produced from the 
logging of pile excavations is considered more appropriate for attribution to the piling rig 
records, as this is directly matched data. 
 
Table E.3. Site specific drilling rig parameters (from median values) categorised by logged 
rock strength class (sourced from pile excavation logs / borehole logs) 
Material Logged Strength 
Torque 
(%) 
Rotation 
(RPM) 
Pressure 
(kPa) 
Winch 
Load (T) 
Drilling 
Effort (%) 
Sandstone 
 
Extremely 
Low 6.1 / 6.5 
16.7 / 
12.5 89.5 / 69.7 11.0 / 11.0 2.2 / 2.3 
Extremely 
Low / Very 
Low 
4.9 / – 20.9 / – 122.7 / – 11.2 / – 3.1 / – 
Very Low 7.9 / 14.0 9.7 / 15.1 64.0 / 45.7 11.0 / 11.0 2.6 / 3.7 
Low 8.1 / 6.7 12.4 / 17.1 89.9 / 92.6 11.2 / 11.4 2.6 / 1.6 
Siltstone 
Extremely 
Low 8.0 / 5.4 
14.9 / 
16.2 
107.0 / 
104.6 11.1 / 11.2 1.6 / 2.3 
Very Low 10.2 / – 10.2 / – 66.4 / – 11 / – 2.7 / – 
Interbedded 
Material 
Extremely 
Low 3.5 / 8.8 
15.9 / 
12.0 90.4 / 80.8 11.4 / 11.1 1.9 / 2.0 
Extremely 
Low / Very 
Low 
2.6 / – 15.7 / – 110.4 / – 11.4 / – 1.7 / – 
Very Low / 
Low 4.7 / 6.1 7.1 / 9.4 33.7 / 51.1 11.0 / 11.0 1.7 / 2.5 
 
From Table E.2, there is a general increase of effort (DE) required to excavate materials as 
the material strength increases. However, the same response cannot be seen when the 
torque or rotation parameters are analysed separately. From inspection of Table E.3, it is 
noted that no individual parameter appears to exhibit values that directly relate to logged 
variations of rock strength. This indicates that combining the parameters responsible for drill 
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penetration, torque and rotation speed, to produce a normalised, dimensionless parameter 
(similar to the Percussion Index (Pi) defined by Sugawara et. al., 2008) is an effective 
method of assessing relative material strength, regardless of it not being a intrinsic material 
property.  
 
Based on pile excavation log strength estimation, a threshold of DEmedian ≤ 2.2% appears to 
be a suitable indicator that the drilled material was of extremely low strength. Using a 
threshold of DEmedian ≤ 2.0% would indicate that the material was not fully comprised of 
sandstone (i.e. siltstone or interbedded siltstone / sandstone). However, from the available 
data there does not appear to be a simple method to differentiate between very low strength 
siltstone and sandstone material. 
 
The DE parameters also indicate that for equivalent logged strength classes of different 
materials, the siltstone unit is weaker than both the sandstone and interbedded materials. 
This is especially pronounced in extremely low strength materials and is consistent with pile 
excavation logs, in which estimated rock strength of siltstone material was frequently logged 
as a strength class lower than the surrounding sandstone material (eg extremely low 
strength siltstone interbedded with very low strength sandstone). 
 
Yue et. al. (2004) and Gao et. al. (2008) have both used penetration rate variations to 
classify material units. The same technique is applied to data analysed in this study, as 
shown in Table E.4. There is a general reduction in the median calculated rate of drilling as 
rock strength increases. However, the Coefficient of Variation (COV) values are consistently 
between 30 and 50%, suggesting that there is relatively large variation within the data 
attached to each individual rock strength category. These observations conform with the 
results presented by Sugawara et. al. (2003), who found that rock strength of igneous 
materials could also be estimated by typical penetration rates, and that significantly larger 
variation were found within highly and completely weathered rock materials. 
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Table E.4. Calculated drilling penetration rates, categorised by logged rock strength class  
Material Logged Strength Range (m/min) 
Median 
(m/min) 
Average 
(m/min) COV (%) 
Sandstone 
 
Extremely Low 1.5 - 4.3 3.3 3.2 30% 
Extremely Low /  
Very Low 3.1 - 4.7 4.1 4.0 17% 
Very Low 1.6 - 3.9 2.7 2.8 31% 
Low 2.0 - 6.4 2.6 3.8 53% 
Siltstone Extremely Low 1.9 - 3.9 3.5 3.1 34% Very Low 2.0 - 4.5 3.3 3.3 56% 
Interbedded 
Material 
Extremely Low 4.8 - 5.4 5.1 5.1 8% 
Extremely Low /  
Very Low 3.2 - 4.9 4.0 4.0 30% 
Very Low / Low 2.4 - 2.7 2.6 2.6 9% 
 
E.8. Comparison with Point Load Index tests 
 
A number of Point Load Index (PLI) tests were completed on materials recovered from within 
the pile excavations isolated for this analysis. These Is(50) values have been compared to the 
specific portion of piling rig data interpreted to correspond to the depth of the tested sample. 
Based on regression analysis of the limited dataset available, a site-specific empirical 
relationship between the data pairs was noted, as presented in Equation E.1. The correlation 
coefficient, R2, for the available data is 0.72, indicating a strong relationship may exist 
between the DE parameter and relative rock strength (Is(50)). 
 
Is(50) = 0.12 x DE – 0.16      (Equation E.1) 
 
Equivalent Is(50) values for each logged rock strength class can thus be calculated using 
Equation 1 and the DE data presented in Table 2. By weighting each strength class by the 
percentage of material logged within the analysed pile excavations, a characteristic Is(50) 
value of 0.12 was calculated for the entire analysed section of the excavated “XW Rock” 
unit. This compares extremely well with the interpreted median Is(50) value of 0.11 MPa 
attributed to the “XW Rock” unit for design purposes.  
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E.9. Conclusions 
 
This paper has presented the process of subsurface material assessment based on the 
filtering and analysis of drilling parameter data recorded against drilling time by an 
instrumented piling rig. A highly weathered, weak rock unit known to be comprised of 
interbedded meta-sedimentary materials was initially defined as a single rock unit for design 
purposes. However, by correlating pile excavation logs with drilling parameter records, a 
typical drilling rate and a normalised parameter, drilling effort (DE), for each strength class 
of sandstone, siltstone and interbedded material has been calculated.  
 
A site-specific correlation of the normalised drilling effort parameter with Point Load Index 
test results has also been completed, with the results indicating that, for the limited dataset 
analysed, the characteristic Is(50) value of the amalgamated rock unit was at least equal in 
magnitude to that assumed in design. A defined process by which rock strength can be 
quantifiably estimated along the full length of a pile and rock strength profile design 
assumptions can be confirmed has been achieved. 
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F. Appendix F – Review and reassessment of parameters of ‘weak rock’ in SEQ, 
as described by historical PLI testing studies 
 
F.1. Assessed historical SEQ PLI records 
 
As identified in Chapter 10 (Section 10.5.1) of the thesis, the initially phase of the ‘weak rock’ 
assessment involved a review of existing studies that related to PLI testing of SEQ rock 
materials. 
 
Re-assessment of PLI datasets was completed via a standardised methodology, such that 
the anisotropic properties present within the previously considered rock units could be 
directly compared to the results relating to other SEQ rock units which were tested and 
assessed by the author. 
 
A number of researchers have previously published studies concerned with PLI values 
associated with SEQ rock materials. Many researchers have simply detailed site specific 
PLI:UCS relationships, whilst this study and review focused on the few studies that provided 
data and discussion regarding the anisotropic nature of SEQ rock materials. The review of 
existing SEQ studies was completed upon the following publications: 
 
 Baczynski (2001) – reported on the Silurian aged Neranleigh-Fernvale Beds 
geological unit. 
 Look and Griffiths (2001 and 2004) – studied and provided comments regarding the 
igneous (Brisbane Tuff) and metamorphic (Neranleigh-Fernvale Beds and Bunya 
Phyllite) rock materials commonly found within the Brisbane metropolitan area. 
 Schuh (2007) – reported details of an extensive PLI test schedule completed on the 
Brisbane Tuff rock unit and conglomerate material belonging to the Aspley – Tingalpa 
formation. 
 Look and Wijeyakulasuriya (2009) – considered the Triassic aged Aspley – Tingalpa 
formation of sedimentary rocks (interbedded sandstone, siltstone and mudstone).  
 
The material parameters derived from the re-analysis of this existing datasets were 
subsequently incorporated into the analysis and discussion presented in the remainder of 
this Chapter. 
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F.2. Baczynski (2001) 
 
Baczynski (2001) reported specifically upon the Silurian aged Neranleigh-Fernvale Beds 
geological unit, composed in SEQ of a weathered sequence of interlaminated metamorphic 
(predominantly metasedimentary and less frequent metavolcanic) rocks. This study 
provided typical Is(50) values based on a statistical analysis of PLI tests completed upon 
irregular lump rock samples (n = 796) and found that the mean Is(50) values for tests 
completed perpendicular to the foliation were significantly greater than that observed for PLI 
tests completed parallel to the rock foliation. Although the PLI dataset was heavily weighted 
to tests completed perpendicular to the foliation (n = 668, or 84% of total PLI test), for 
metasedimentary rocks the difference between mean values were 200% to 300%, whilst for 
the metavolcanic rock materials - albeit for a much smaller dataset (n = 86) – this anisotropy 
increased to 400% to 500%. 
 
Baczynski (2001) also noted that for the rock unit considered, the observed rock strength 
was closely related to the weathering state of the sample, and that the strength relationship 
between adjacent weathering categories was linear. Over the full weathering profile 
investigated – HW to FR – a 400% to 500% increase in Is(50) values was observed. 
 
In general comments made regarding the PLI test and its implementation relating to SEQ 
rocks, Baczynski (2001) also observed that when the test resulted in a failure through intact 
rock material, the Is(50) value reported when ‘irregular lump’ samples were tested was higher 
than comparable values determine by testing cylindrical rock core. Similarly, PLI tests 
completed in an axial direction upon rock core resulted in higher Is(50) values than when a 
comparable test was completed in a diametral direction. The author’s observation that in his 
experience in working in SEQ, that this “relationship also appears to be generally valid for 
Brisbane [SEQ] rocks.”  
 
These findings, along with the knowledge that most boreholes in SEQ have been historically 
completed in a vertical orientation, would suggest that SEQ rocks should be considered 
anisotropic and that the predominant strength direction would generally be axial (i.e. vertical 
to existing ground surface). 
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F.3. Look and Griffiths (2001 and 2004)  
 
Look and Griffiths (2001 and 2004) similarly investigated the validity of the correlation 
between Is(50) and UCS test results for rocks within the Brisbane area, but  also assessed 
the effect that the orientation of PLI testing had on reported Is(50) values. The findings of this 
investigation are reproduced in Table F.1, which demonstrate that for paired PLI tests 
completed on meta-sedimentary (Neranleigh-Fernvale Beds – argillite / greywacke – and 
Bunya Phyllite – phyllite  / arenite) and volcanic (Brisbane Tuff) rocks with a reported rock 
strength of ‘medium’ or weaker (i.e Is(50) ≤ 1.0 MPa), there appeared a significant anisotropy 
present within the examined rock materials. 
 
Table F.1. Summary of axial / diametral Point Load Index Test ratios for various rock types 
in the Brisbane Region (reproduced from Look and Griffiths, 2004) 
Rock Type 
Point Load Index Strength (Is(50), MPa) 
Extrem. 
Low 
Very 
Low Low Medium High
Very 
High 
Extrem.
High 
< 0.03 0.03 – 0.1 
0.1 – 
0.3 0.3 – 1.0 
1.0 – 
3.0 
3.0 – 
10.0 > 10.0 
Argillite/ 
Metagreywacke Axial > Diametral Axial ~ Diametral 
Phyllite/ Arenite Axial >> Diametral Axial > Diametral Axial ~ Diametral 
Tuff Axial > Diametral Axial ~ Diametral 
 
As per the findings of Baczynski (2001), Look and Griffiths (2001) identified that axial 
orientated PLI tests repeatedly produced higher Is(50) values than corresponding diametral 
orientated tests. The magnitude of the anisotropy observed by this study was found to be 
rock type specific, with a finding that the weak metasedimentary and tuff rocks would exhibit 
at least 200% difference in Is(50) results, whilst the weak phyllite / arenite rock unit exhibited 
a larger difference. Although a higher Coefficient of Variation (CoV) was present within the 
phyllite / arenite rock data, a factor of up to 10 (1000%) was found between the diametral 
and axial orientated tests completed within the phyllite (n = 40 data pairs).  
 
F.4. Look and Wijeyakulasuriya (2009) 
 
Look and Wijeyakulasuriya (2009) considered characteristic values utilised for rock socket 
pile design, and in their case study of the Gateway Upgrade Project (GUP) identified the 
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presence of a strong anisotropic property within the Triassic aged Aspley – Tingalpa 
formation of sedimentary rock (interbedded sandstone, siltstone and mudstone). Such an 
anisotropic property was expected due to the sub-horizontally bedded nature of the rock.  
 
The authors demonstrated that the correct identification and removal of outliers from the PLI 
dataset prior to statistical analysis of the data would result in a modification that would 
increase the anisotropic index, Ia(50), from 1.2 to 1.5. Using the classification system adopted 
for this study, such a finding would shift the description of the anisotropic property from ‘fairly 
anisotropic’ to ‘moderately anisotropic.’  
 
The outlier removal operation adopted by the authors also resulted in a demonstrable 
improvement in the strength of the correlation that existed between the axial and diametral 
PLI test results and UCS values. Using linear regression to relate individual data pairs, the 
removal of the outlier data improved the strength of correlation for PLI:UCS conversion from 
a ‘poor’ (R2 ≤ 0.30) to a ‘strong’ (R2 > 0.70), and allowed the identification of a linear multiplier 
of 2.0 to relate the results of the two (2) PLI test orientations. 
 
F.5. Comparison of previous approaches 
 
Whereas Baczynski (2001) found that the anisotropic property persisted through all rock 
materials, regardless of weathering class, Look and Griffiths (2001) reported that once the 
rock strength was observed to be at least ‘high’ (Is(50) > 1.0 MPa) the Ia(50) would approach 
1.0 and the rockmasses could be considered to be ‘quasi-isotropic.’  It is noted that this 
difference may be due to Baczynski simply comparing the mean of compiled PLI datasets, 
with no noted assessment of if the axial / diametral tests contained in the dataset were 
completed at similar locations. In contrast, Look and Griffiths analysed a dataset comprised 
only of ‘A / D PLI pairs,’ and calculated Ia(50) values for individual pairs of PLI tests. This 
meant that the comparative Ia(50) values produced in their 2001 and 2004 studies presented 
the anisotropic properties present at various individual points upon the investigated rock 
core, whilst Baczynski (2001) presented datasets that may have included unrelated PLI test 
results that distorted the overall Is(50) means calculated.  
 
Having identified this disparity in the methodology applied to previous SEQ based studies, 
the current project has included assessment of Ia(50) using both these historical methods, by 
the methodology outlined in the process chart presented in Figure F.1. The difference in the 
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Ia(50) parameter observed between these three (3) methods was subsequently assessed and 
has been discussed for the relevant datasets. 
 
 
Figure F.1. Flow chart defining the various mean Is(50) values calculated for this study, and 
the differences in Point Load Index (PLI) datasets used to determine the mean Is(50) 
parameter 
 
Both Look and Griffiths (2001, 2004) and Look and Wijeyakulasuriya (2009) further 
interrogated the ‘A / D pair’ datasets and for individual rock units and weathering categories 
attempted to fit linear relationships between the individual axial and diametral pairs of Is(50) 
values. By assessing the strength and variation of any identified relationship over the interval 
of rock strengths investigated, the authors inferred the effect that weathering processes had 
upon the strength properties of the rock material and suggested reduction factors that should 
be incorporated to account for such anisotropy when other strength test results (e.g. UCS) 
are compared to PLI data. 
 
F.6. Reanalysis of historical SEQ PLI Datasets 
 
Two (2) existing datasets that included significant numbers of PLI test ‘A / D pairs’ – axial 
and diametral orientated tests completed upon the same sample of intact rock core – relating 
to Brisbane rocks were available for review. Both these datasets were initially evaluated to 
identify the correlation between rock strength and logged weathering class, and 
subsequently to evaluate the presence and magnitude of any anisotropic property inherent 
to the rockmass. 
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F.6.1. North South Bypass Tunnel (NSBT) dataset 
 
A PLI dataset was presented by Schuh (2007), who investigated the ripabbility of the 
Brisbane Tuff from rock strength testing completed as part of the North – South Bypass 
Tunnel (NSBT) project. Within the reviewed undergraduate thesis, the results of 126 PLI 
tests were recorded. This dataset was reported in raw format – laboratory test certificates – 
and were obtained from 10 boreholes completed as part of the 200 cored boreholes 
completed during the geotechnical investigations associated with the NSBT project 
(Willmott, 2012). Of the 126 PLI tests reported, 107 were completed upon Brisbane Tuff 
rock, 17 upon conglomerate and two (2) upon siltstone. Both the conglomerate and siltstone 
tests were inferred to belong to the Aspley-Tingalpa Formation. 
 
The dataset was initially categorised by the rock material and the weathering classification 
associated with each test record. Combining all the PLI tests (axial and diametral orientated) 
the mean Is(50) value was calculated for each weathering class, along with the standard 
deviation and Coefficient of Variation. This data is summarised in Table F.2 and shown in 
Figure F.2. 
 
Table F.2. Basic statistics of Is(50) of full NSBT PLI dataset, categorised by rock type and 
weathering classification  
Rock Type 
(Geological 
Formation) 
Weathering 
Class* No. (n)
Average  
Is(50) (MPa) 
Std. Dev. 
(MPa) 
COV 
(%) 
Brisbane Tuff 
XW – DW 5 0.21 0.26 124% 
DW 4 0.56 0.40 72% 
DW – SW 32 1.97 1.66 84% 
SW 26 3.37 1.80 53% 
SW – FR 13 3.57 1.58 44% 
FR 27 4.68 0.97 21% 
All Rock 107 3.05 1.95 64% 
Conglomerate 
(Aspley-Tingalpa 
Formation) 
DW – SW 8 0.65 0.33 51% 
SW 9 0.92 0.37 40% 
All Rock 17 0.80 0.37 47% 
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Figure F.2. Mean Is(50) value of NSBT PLI dataset, categorised by rock type and logged 
weathering classification.  
 
Over the tuff’s full weathering profile range – XW to FR – an increase in mean Is(50) value in 
excess of 2000% was observed. The biggest adjacent increase in PLI result occurs between 
the three (3) most weathered units – ‘XW – DW’ to ‘DW – SW’ – in which each mean value 
increases by between 70% and 250%. However, once the ‘very high’ strength rock 
associated with the SW weathering state was encountered, the additional increases in the 
mean Is(50) associated with adjacent weathering classes were more modest – limited to 
below 30%. 
 
The link between the degree of rock weathering and the strength of the intact rock material 
is further evidenced by the frequency graph shown in Figure F.3, in which the samples within 
each weathering class were categorised to rock strength intervals (refer Table 10.3). As can 
be seen, there is a proportionate inverse relationship between rock strength and weathering 
classification.  
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Figure F.3. Frequency of attributable strength descriptors based on reported Is(50) values, 
categorised by logged weathering classification (full NSBT PLI dataset, test orientation not 
considered).   
 
Upon inspection of Figure F.2 and Figure F.3, it was considered appropriate to extend the 
finding of Baczynski (2001), in that there was a distinct and significant increase in the Is(50) 
point load strength index of the Brisbane tuff rock unit associated with the decreasing degree 
of weathering.  
 
The NSBT dataset was further dissected based on the orientation of the completed PLIs. 
Table F.3 shows the mean Is(50) value of each weathering class for both the axial and 
diametral orientated tests, along with the calculated anisotropy index, Ia(50). Figure F.4 plots 
the mean axial Is(50) value against the anisotropy index for the various weathering categories 
considered. 
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Table F.3. Basic statistics of Is(50) and anisotropy index, Ia(50), of full NSBT PLI dataset, 
categorised by rock type, weathering classification and PLI test orientation 
Rock Type 
(Geological 
Formation) 
Weath-
ering 
Class 
Axial PLIs Diametral PLIs Anisotropy 
Index Ia(50) No. (n) 
Average  
Is(50) (MPa) 
No. 
(n) 
Average  
Is(50) (MPa) 
Brisbane Tuff 
XW – DW 2 0.42 3 0.07 5.7 
DW 2 0.57 2 0.56 1.0 
DW – SW 14 1.92 18 2.00 1.0 
SW 14 3.31 12 3.44 1.1 
SW – FR 6 4.44 7 2.82 1.6 
FR 21 4.69 6 4.61 1.0 
All Rock 59 3.40 48 2.63 1.3 
Conglomerate 
(Aspley-
Tingalpa 
Formation) 
DW – SW 4 0.89 4 0.41 2.2 
SW 4 1.04 5 0.83 1.3 
All Rock 8 0.97 9 0.64 1.5 
 
 
Figure F.4. Mean axial rock strength, Is(50), and calculated anisotropy index, Ia(50), shown for 
each identified rock material and weathering interval. Plotted Is(50) values based on full NSBT 
dataset. 
 
 
 
 
Appendix F                                               Historical Dataset review – Rock Strength in SEQ 
 
F – 10 
The volcanic tuff rock unit appears to be largely isotropic or ‘quasi-isoptropic,’ with Ia(50) 
generally of, or below, 1.1. This is as expected of the welded ignimbrite, in which no bedding 
features would exist due to the nature of its deposition. The major departure from near 
isotropic conditions occurred only within the highest weathering classification – XW to DW 
– in which a ‘very highly anisotropic’ material was encountered. Although this would appear 
to be logically associated with the significant weathering processes applied to this interval 
of the (residual) rock profile, the low number of test data (n = 2 for both axial and diametral 
orientated PLIs) means this result would require further confirmation prior to acceptance. 
 
A second, isolated, region of ‘moderate’ anisotropy was reported for the ‘SW – FR’ material 
unit (Ia(50) = 1.6). It is unknown why this specific sub-unit reported such a result, when the 
surrounding weathering classes consistently reported isotropic behaviour. Such a result is 
also inconsistent with the findings of Look and Griffiths (2001), who found that no anisotropic 
property would be expected within Tuff materials once Is(50) values greater than 
approximately 1.0 MPa (i.e ‘high’ strength or greater) were encountered.  
 
In comparison the Aspley-Tingalpa formation’s conglomerate rock unit displayed a greater 
consistency in the presence of an anisotropic property, with Ia(50) values of between 2.2 
(‘moderately’ anisotropic) and 1.3 (‘fairly anisotropic) for the two (2) weathering classes 
covered by the completed analysis. Although only a subset of the full weathering profile was 
considered –  only ‘DW – SW’ and SW weathering classes – the trend appeared to suggest 
the magnitude of anisotropy exhibited by the conglomerate decreased alongside the degree 
of weathering exhibited by the rockmass.  
 
To replicate the methodology adopted by Look and Griffiths (2001), the assessment of 
inherent anisotropy of the tuff and conglomerate rock units was repeated by the isolation 
and analysis of ‘A / D PLI pair’ data. Of the 126 PLI tests contained within the NSBT dataset, 
35 PLI pairs were completed. Table F.4 summarises the test pair data, again categorised 
by weathering classification. 
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Table F.4. Basic statistics of Is(50) and anisotropy index, Ia(50), of NSBT PLI dataset limited to 
‘A / D pair’ data, categorised by rock type, weathering classification and PLI test orientation 
Rock Type 
(Geological 
Formation) 
Weathering 
Class 
No. of 
Pairs (n) 
Average 
Axial Is(50) 
(MPa) 
Average 
Diametral Is(50) 
(MPa) 
Anisotropy 
Index Ia(50) 
Brisbane Tuff 
XW – DW 1 0.67 0.04 16.8 
DW 2 0.57 0.56 1.0 
DW – SW 10 2.14 1.07 2.0 
SW 7 3.93 3.18 1.2 
SW – FR 2 4.20 3.11 1.4 
FR 4 4.71 4.46 1.1 
All Rock 26 3.00 2.24 1.3 
Conglomerate 
(Aspley-
Tingalpa 
Formation) 
DW – SW 4 0.89 0.41 2.2 
SW 4 1.04 0.90 1.2 
All Rock 8 0.97 0.65 1.5 
 
 
Figure F.5. Difference in calculated anisotropy index, Ia(50), and average axial Ia(50), based 
on NSBT dataset used for analysis. 
 
Figure F.5 shows a comparison of the Ia(50) values and mean Is(50) reported in Table F.3 (full 
PLI dataset) and Table F.4 (paired PLI data only) for the Brisbane Tuff rock unit, and 
identifies the influence that non-paired PLI data could have upon the assessment of the 
presence – and magnitude – of any anisotropic property exhibited by a rock material. For 
the NSBT dataset, the comparison of Is(50) mean values calculated from the full dataset 
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including unrelated axial and diametral orientated PLI tests (i.e. inclusion of non-paired PLI 
data), altered the reported Ia(50) by up to 100%. For the eight (8) weathering classes 
considered, the average change between the comparable anisotropy index values was 37%; 
with the full dataset generally underestimating the Ia(50) value calculated using paired data 
only. Thus, for accurate evaluation of rock anisotropy, this finding emphasises the need to 
complete the axial and diametral PLI testing at near-identical locations upon the rock core 
to account for the natural strength variation that may be exhibited by the material with depth 
(and weathering). 
 
The review of the NSBT data has also extended the Brisbane Tuff dataset considered by 
Look and Griffiths (2001), in which only a single sample of ‘medium’ strength or lower (Is(50) 
≤ 1.0) rock was included. Using the PLI paired data, and as summarised in Table F.4 and 
shown in Figure F.5, the magnitude of exhibited rock anisotropy (where axial > diametral 
strength) decreased as the degree of weathering decreased. Once a Slightly Weathered 
(SW) rockmass was encountered, both the mean axial and diametral PLI results produced 
similar rock strength descriptors (‘very high’ strength, Is(50) > 3.0 MPa). This finding resulted 
in the Brisbane Tuff rock unit being classified into two (2) generalised weathering classes – 
and, by implication, strength classes – as presented in Table F.5 (note that the weathering 
unit ‘DW – SW’ has been considered to be approximately equivalent to MW as per AS1726-
1993). 
 
Table F.5. Mean Is(50) and characteristic Ia(50) values of Brisbane Tuff, as described by NSBT 
dataset, categorised into weathering classification intervals 
Rock Type 
(Geological 
Formation) 
Weathering 
Class 
No. of Pairs 
(n) 
Average Is(50) (MPa) Anisotropy 
Index Ia(50) Axial PLI Diametral PLI 
Brisbane 
Tuff 
XW to 
DW – SW 13 1.78 0.91 2.0 
SW to FR 13 4.21 3.56 1.2 
 
It is thus considered that the conclusions contained within Look and Griffiths (2001), as 
previously reproduced in Table F.1, are generally replicated for the Brisbane Tuff and 
Aspley-Tingalpa formations described by the NSBT dataset.  
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F.6.2. Gateway Upgrade Project (GUP) dataset 
 
A second historical dataset was made available to the author, which related to PLI testing 
completed upon intact materials recovered from 10 of the rock cored boreholes completed 
for the Gateway Upgrade Project (GUP). The GUP was the largest road and bridge 
infrastructure project ever undertaken in Queensland, Australia. The six lane bridge 
structure spans 1.6 km between abutments with a main river span structure of 520 metres. 
 
The PLI dataset consisted of 872 individual Is(50) values, including 376 ‘A / D pairs’ of PLI 
tests, completed upon Triassic aged material belonging to the Aspley-Tingalpa Formation. 
At the GUP site, four (4) distinct layers of this geological formation were observed: 
 Capping Rock – Layer of interbedded sandstone and siltstone. Highly weathered to 
slightly weathered rockmass, extending from near surface (~3m below ground surface)  
to depths of up to 30m. 
 Coal Measures – Low grade coal, predominantly moderately weathered. Located 
immediately below the capping rock material, and containing some intervals of 
interbedded siltstone and sandstone materials. Up to 10m in thickness, with the base of 
the layer varying in depth from ground surface between 20m and 40m. 
 Sandstone / Siltstone – Slightly weathered interbedded rockmass. Characterised by high 
RQDs (average = 80%). Located between coal measure and underlying mudstone, the 
thickness of the unit found to vary between 1.6m and 11.6m (average = 6.5m). 
 Mudstone – Basement rock unit encountered in all boreholes considered. Slightly 
weathered with some isolated highly weathered bands at depth. Some interbedded 
sandstone layers included within material. Top of unit varied between 18m and 50m below 
existing ground surface. 
 
Table F.6 details the initial analysis completed upon all PLI tests (n = 872), with the data 
only having been categorised into each of the four (4) rock type and, subsequently, logged 
weathering classifications. Figure F.6 plots the average Is(50) across the weathering intervals 
observed for each rock unit. 
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Table F.6. Basic statistics of Is(50) of full GUP PLI dataset, categorised by rock type and 
weathering classification 
Rock Type Weathering Class 
No. 
(n) 
Average  
Is(50) (MPa) 
Std. Dev. 
(MPa) 
COV 
(%) 
Capping Rock 
(Siltstone / 
Sandstone) 
HW 3 0.06 0.01 17% 
MW 12 0.45 0.10 22% 
SW 9 0.30 0.19 62% 
All Rock 24 0.36 0.17 47% 
Coal Measures 
(Coal) 
MW 201 0.21 0.14 66% 
SW 45 0.36 0.24 65% 
All Rock 246 0.23 0.15 67% 
Sandstone / 
Siltstone 
(Interbedded) 
XW - HW 4 0.80 0.12 15% 
MW 13 0.40 0.10 25% 
SW 217 0.78 0.47 60% 
All Rock 234 0.77 0.51 66% 
Mudstone 
HW 18 0.09 0.02 26% 
MW 13 0.33 0.31 96% 
SW 337 0.96 0.65 67% 
All Rock 368 0.92 0.68 74% 
 
 
 Figure F.6. Mean Is(50) value of rock units identified in GUP PLI dataset, categorised by rock 
type and logged weathering classification.  
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Although the GUP dataset generally only had two (2) weathering classes per material unit, 
an observable increase in the median weathering strength between the MW and SW rock 
units was demonstrated, as presented in Figure F.7.  
 
 
Figure F.7. Frequency of attributable strength descriptors based on reported Is(50) values, 
categorised by logged weathering class (GUP PLI dataset, test orientation not considered).   
 
A PLI specific assessment of the full dataset (paired and non-paired PLI data) to produce 
the mean Is(50) applicable to each material unit and weathering class was completed, as was 
an assessment of the Anisotropy Index, Ia(50). A summary of the results of these calculations 
is shown in Table F.7. 
 
Table F.7. Mean Is(50) and characteristic Ia(50) values of full GUP PLI dataset, categorised by 
rock type, weathering classification and PLI test orientation 
Rock Type 
(Geological 
Formation) 
Weathering 
Class 
Axial PLIs Diametral PLIs Anisotropy 
Index Ia(50) No. (n) 
Average  
Is(50) (MPa) 
No. 
(n) 
Average  
Is(50) (MPa) 
Capping Rock 
(Siltstone / 
Sandstone) 
HW 2 0.06 1 0.06 1.0 
MW 6 0.44 6 0.46 1.0 
SW 5 0.31 4 0.39 0.8 
All Rock 13 0.32 11 0.42 0.8 
Coal 
Measures 
(Coal) 
MW 104 0.27 97 0.17 1.6 
SW 24 0.47 21 0.26 1.8 
All Rock 128 0.29 118 0.18 1.6 
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Rock Type 
(Geological 
Formation) 
Weathering 
Class 
Axial PLIs Diametral PLIs Anisotropy 
Index Ia(50) No. (n) 
Average  
Is(50) (MPa) 
No. 
(n) 
Average  
Is(50) (MPa) 
Sandstone / 
Siltstone 
(Interbedded) 
XW - HW 2 0.81 2 0.45 1.8 
MW 6 0.45 7 0.36 1.3 
SW 108 0.93 109 0.53 1.8 
All Rock 116 0.91 118 0.52 1.8 
Mudstone 
HW 7 0.07 11 0.10 0.7 
MW 5 0.58 8 0.20 2.9 
SW 163 1.49 174 0.67 2.1 
All Rock 175 1.33 193 0.64 2.1 
 
The GUP dataset was then refined to include just the PLI ‘A / D pairs.’ Using the 376 PLI 
pairs, the link between strength and weathering class was first established for each of the 
four (4) rock types. The assessment of the mean Is(50) applicable to each material unit and 
weathering class was repeated for the paired PLI data only, as shown in Table F.8. As 
presented in Figure F.8, the mean Is(50) of both the axial and diametral orientated PLI tests 
increases as the weathering state decreases. 
 
Table F.8. Mean Is(50) and characteristic Ia(50) values of GUP PLI dataset limited to ‘A / D pair’ 
data, categorised by rock type, weathering classification and PLI test orientation 
Rock Type Weathering Class 
No. of 
Pairs 
(n) 
Average 
Axial Is(50) 
(MPa) 
Average 
Diametral 
Is(50) (MPa) 
Anisotropy 
Index Ia(50) 
Capping Rock 
(Siltstone / 
Sandstone) 
All Rock 
(MW) 10 0.37 0.38 1.0 
Coal Measures 
(Coal) 
MW 84 0.23 0.17 1.4 
SW 18 0.52 0.22 2.4 
All Rock 102 0.27 0.18 1.5 
Sandstone / 
Siltstone 
(Interbedded) 
MW 6 0.48 0.31 1.6 
SW 99 0.97 0.52 1.9 
All Rock 106* 0.95 0.51 1.9 
Mudstone 
HW - MW 10 0.07 0.11 0.6 
SW 147 1.45 0.69 2.1 
All Rock 158* 1.38 0.66 2.1 
*Additional PLI pair included that does not correspond to other MW or SW classification 
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Figure F.8. Mean Is(50) value of rock units identified in GUP PLI dataset, categorised by rock 
type and logged weathering classification.  
 
From this analysis, it was observed that the materials described by the GUP database were 
typically ‘weak’ rock, with only the SW mudstone reporting a mean Is(50) value in excess of 
1.0 MPa (‘high’ strength). The mean Is(50) values for all other rock units suggested the 
presence of a ‘low’ to ‘medium’ strength rockmass. 
 
For three (3) of the four (4) rock units assessed a ‘moderately’ anisotropic rockmass was 
identified, with Ia(50) values demonstrating that the axial PLI result was consistently higher 
than the corresponding diametral Is(50) value. Such a finding (Ia(50) ~ 2) is consistent with the 
conclusions of both Baczynski (2001) and Look and Griffiths (2001) relating to SEQ meta-
sedimentary rock units of this strength range.  
 
For all rock units where two (2) weathering classifications were analysed, the strength of the 
anisotropic behaviour was observed to increase as the weathering effects decreased.  
 
In contrast, the ‘capping’ rock unit showed no anisotropic property (i.e. Ia(50) = 1.0). It is not 
known if the lack of a anisotropy contained within the capping rock unit was due to the 
comparatively low number of PLI pairs available for this unit (n = 10), or if this was a true 
reflection of the rock property of this material. 
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A direct comparison of the mean Is(50) values calculated from (a) the full PLI dataset, 
regardless of test orientation; (b) the full PLI dataset, categorised by test orientation; and (c) 
only the ‘A / D pair’ dataset, categorised by test orientation was completed. This comparison 
is summarised in Table F.9, in which the difference to the mean Is(50) values determined for 
scenario (a) have been calculated for both scenarios (b) and (c).  
 
Table F.9. Differences in calculated mean Is(50) values of GUP PLI database, based on 
dataset and methodology adopted for analysis 
Rock Type Weathering Class 
Ave. Is(50) of 
Full Dataset 
(MPa) 
Change in Ave. 
Is(50) – Full 
Dataset 
Change in Ave. 
Is(50) – A / D 
Pairs Only 
Axial Dia. Axial Dia. 
Capping 
Rock 
(Siltstone / 
Sandstone) 
HW 0.06 0.0% 0.0% No Pair Data 
MW 0.45 -2.2% 2.2% 2.8% 5.6% 
SW 0.30 3.3% 30.0% No Pair Data 
All Rock 0.36 -11.1% 16.7% 2.8% 5.6% 
Coal 
Measures 
(Coal) 
MW 0.21 28.6% -19.0% 9.5% -19.0%
SW 0.36 30.6% -27.8% 44.4% -38.9%
All Rock 0.23 26.1% -21.7% 17.4% -21.7%
Sandstone / 
Siltstone 
(Interbedded) 
XW - HW 0.80 1.3% -43.8% No Pair Data 
MW 0.40 12.5% -10.0% 21.0% -23.5%
SW 0.78 19.2% -32.1% 24.4% -33.3%
All Rock 0.77 18.2% -32.5% 23.4% -33.8%
Mudstone 
HW 0.09 -22.2% 11.1% No Pair Data 
MW 0.33 75.8% -39.4% -22.2% 22.2% 
SW 0.96 55.2% -30.2% 51.0% -28.1%
All Rock 0.92 44.6% -30.4% 50.0% -28.3%
Statistics of all Weathering 
Classes and Rock Types 
Minimum -22% -44% -22% -39% 
Median 18% -22% 22% -26% 
Average 19% -15% 22% -20% 
Maximum 76% 30% 51% 22% 
 
From the data presented in Table F.9, the mean Is(50) values calculated when the axial and 
diametral PLI tests were considered separately were averaged to respectively be 
approximately 20% above and 15% below the mean Is(50) value as calculated from the full, 
non-orientated PLI dataset. The difference between the mean Is(50) values calculated in 
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scenarios (b) and (c) (i.e. if the full dataset was used, or the ‘A / D pairs’ data was isolated 
prior to data analysis) were of a smaller magnitude, with the mean axial Is(50) of the ‘paired’ 
dataset on average displaying a 3% greater increase (median = 4%) than the corresponding 
full PLI dataset. A similar result was observed for diametral orientated PLI test data. 
 
For the reviewed GUP data, the observed differences in mean Is(50) and Ia(50) values 
produced by the various methodologies of data preparation and analysis seldom changed 
the applicable strength and anisotropic descriptors of each rock unit. Table F.10 shows the 
variation in the applicable strength descriptors, and shows of the 52 rock type / weathering 
categories assessed with PLI data separated by test orientation, only 11 of these categories 
(21%) resulted in a different strength descriptor than that originally attributed to the non-
orientated PLI dataset. Six (6) items (12%) resulted in a strength descriptor increase, whilst 
five (5) items (10%) resulted in a decreased strength descriptor (yellow in Table F.10). 
 
Table F.10. Differences in attributable strength descriptors based on mean Is(50) values, 
based on dataset and methodology adopted for analysis. 
Rock 
Type 
Weathering 
Class 
Full PLI 
Dataset 
Full Dataset, tests 
orientated A / D Pairs Only 
Axial Dia. Axial Dia. 
Capping 
Rock 
HW Very Low Very Low Very Low No Pair Data 
MW Medium Medium Medium Medium Medium 
SW Low Medium* Medium No Pair Data 
All Rock Medium Medium Medium Medium Medium 
Coal 
Measures 
MW Low Low Low Low Low 
SW Medium Medium Low+ Medium Low 
All Rock Low Low Low Low Low 
Sandstone 
/ Siltstone 
XW - HW Medium Medium Medium No Pair Data 
MW Medium Medium Medium Medium Medium 
SW Medium Medium Medium Medium Medium 
All Rock Medium Medium Medium Medium Medium 
Mudstone 
HW Very Low Very Low Very Low No Pair Data 
MW Medium Medium Low Very Low Low 
SW Medium High Medium High Medium 
All Rock Medium High Medium High Medium 
*Orange Highlighting = Increase in strength descriptor; +Yellow Highlighting = Decrease in strength 
descriptor 
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F.7. Discussion of review of historical data 
 
From the assessment of PLI datasets compiled during two (2) large infrastructure projects 
completed in Brisbane, Queensland, this study has identified mean PLI values (Is(50)) for a 
variety of rock types belonging to the Aspley-Tingalpa and Brisbane Tuff geological units. A 
link between mean Is(50) and weathering classification was established for each site, with a 
general increase in rock strength associated with a decrease in weathering effect upon rock 
core. 
 
The review of existing PLI data assessed the rock strength and anisotropic strength 
properties present within the considered rock types. From the various datasets considered, 
the preference to use paired data (PLI tests completed in axial and diametral directions upon 
near identical rock core samples) when assessing both strength and anisotropy properties 
was demonstrated. 
 
Incorporating the igneous (Brisbane Tuff) and sedimentary (Aspley-Tingalpa) and rock types 
considered by this review with existing data, a summary of the assessment of the strength, 
weathering and anisotropic properties for each unit was completed. The properties of 
Brisbane Tuff across the full weathering profile are summarised in Table F.11, whilst the 
properties identified for the Aspley-Tingalpa formation are similarly presented in Table F.12. 
 
Table F.11. Summary of strength, weathering and anisotropic properties of Brisbane Tuff 
Material Unit / Rock Type Brisbane Tuff 
Weathering Classification XW - HW HW MW SW FR 
Intact Rock 
Strength 
Axial Medium High Very High 
Diametral Low to Medium Medium High Very High 
Anisotropy Moderately Anisotropic Fairly Anisotropic 
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Table F.12. Summary of strength, weathering and anisotropic properties of various rock 
types within the Aspley-Tingalpa formation 
Material Unit / Rock Type Conglomerate 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial Not Assessed Medium High Diametral Medium Medium 
Anisotropy Not Assessed Moderately Anisotropic Fairly Anisotropic 
 
Material Unit / Rock Type Coal 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial Not Assessed Low Medium Diametral Low Low 
Anisotropy Not Assessed Moderately Anisotropic 
 
Material Unit / Rock Type Interbedded Siltstone / Sandstone 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial Medium Medium 
Diametral Medium Medium 
Anisotropy Moderately Anisotropic 
 
Material Unit / Rock Type Mudstone 
Weathering Classification XW HW MW SW FR 
Intact Rock 
Strength 
Axial Very Low Medium High 
Diametral Very Low Low Medium 
Anisotropy Moderately Anisotropic 
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G. Appendix G – Details of PLI dataset compiled for analysis 
Table G.1. Axial / diametral Point Load Index Test results for various SEQ rock units 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
NSBT 
Conglomerate  
(Aspley-Tingalpa  
Formation) 
DW-SW 0.79 0.11 
NSBT DW-SW 1.14 0.25 
NSBT SW 0.38 0.57 
NSBT DW-SW 0.91 0.61 
NSBT DW-SW 0.73 0.68 
NSBT SW 0.92 0.95 
NSBT SW 1.54 1.00 
NSBT SW 1.31 1.06 
GUP 
Capping 
HW 0.07 0.06 
GUP MW 0.37 0.62 
GUP MW 0.58 0.49 
GUP MW 0.61 0.61 
GUP MW 0.42 0.40 
GUP MW 0.34 0.34 
GUP MW 0.40 0.30 
GUP SW 0.11 0.17 
GUP SW 0.24 1.08 
GUP SW 0.37 0.60 
GUP 
Coal 
MW 0.30 0.13 
GUP MW 0.23 0.07 
GUP MW 0.17 0.22 
GUP MW 0.03 0.05 
GUP MW 0.30 0.12 
GUP MW 0.22 0.01 
GUP MW 0.25 0.10 
GUP MW  0.12 0.12 
GUP MW 0.20 0.03 
GUP MW  0.15 0.15 
GUP MW  0.10 0.24 
GUP MW 0.81 0.24 
GUP MW 0.35 0.17 
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Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Coal  
(Continued) 
MW  0.20 0.16 
GUP MW  0.07 0.04 
GUP MW  0.28 0.38 
GUP MW  0.05 0.09 
GUP MW  0.07 0.12 
GUP MW 0.59 0.20 
GUP MW 0.20 3.11 
GUP MW  0.43 0.25 
GUP MW  0.64 0.17 
GUP MW 0.47 0.34 
GUP MW 1.28 0.36 
GUP MW 0.18 0.31 
GUP MW 0.28 0.15 
GUP MW 0.16 0.38 
GUP MW  0.41 0.5 
GUP MW 0.14 0.26 
GUP MW 0.08 0.15 
GUP MW  0.21 0.22 
GUP MW 0.22 0.13 
GUP MW  0.46 0.14 
GUP MW 0.33 0.10 
GUP MW 0.07 0.06 
GUP SW 0.19 0.07 
GUP SW 0.94 0.79 
GUP MW 0.24 0.22 
GUP SW 1.00 0.35 
GUP SW 0.57 0.14 
GUP MW 0.32 0.16 
GUP MW 0.46 0.47 
GUP SW 0.80 0.27 
GUP MW  0.88 0.19 
GUP MW 0.46 0.32 
GUP SW 0.08 0.08 
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Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Coal  
(Continued) 
SW 0.03 0.27 
GUP SW 0.49 0.04 
GUP SW 0.35 0.37 
GUP SW 0.21 0.47 
GUP SW 0.38 0.20 
GUP SW 0.35 0.29 
GUP MW 0.13 0.04 
GUP MW 0.23 0.08 
GUP MW 0.41 0.13 
GUP MW 0.24 0.18 
GUP MW 0.46 0.19 
GUP MW 1.08 0.12 
GUP MW 0.08 0.27 
GUP MW 0.09 0.05 
GUP MW 0.02 0.03 
GUP MW 0.11 0.24 
GUP MW 0.52 0.69 
GUP MW 0.48 0.28 
GUP MW 0.10 0.13 
GUP MW 0.26 0.12 
GUP MW 0.09 0.06 
GUP MW 0.11 0.36 
GUP MW 0.11 0.25 
GUP MW 0.05 0.05 
GUP MW 1.38 1.58 
GUP MW 0.43 5.72 
GUP MW 0.19 0.09 
GUP MW 0.12 0.06 
GUP MW 0.24 0.24 
GUP MW 0.35 0.13 
GUP MW 0.14 0.17 
GUP MW 0.18 0.29 
GUP MW 0.16 0.79 
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Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Coal  
(Continued) 
SW 0.55 0.15 
GUP MW 0.04 0.07 
GUP MW 0.08 0.14 
GUP MW 0.47 0.34 
GUP MW 0.23 0.28 
GUP MW-SW 0.32 1.70 
GUP MW 0.18 0.09 
GUP MW-SW 4.06 2.24 
GUP MW-SW 0.33 0.25 
GUP MW 0.11 0.18 
GUP MW 0.33 0.05 
GUP SW 1.06 0.50 
GUP SW 0.80 0.09 
GUP MW 0.10 0.05 
GUP MW 0.41 0.03 
GUP MW 0.19 0.23 
GUP MW 0.08 0.15 
GUP MW 0.13 0.16 
GUP MW 0.19 0.21 
GUP MW 0.66 0.1 
GUP MW 0.71 0.23 
GUP MW 0.30 0.18 
GUP MW 0.20 0.35 
GUP 
Sandstone /  
Siltstone 
SW 1.33 0.67 
GUP MW 0.85 0.38 
GUP SW 0.56 0.42 
GUP SW 0.49 0.26 
GUP SW 0.73 0.59 
GUP SW 0.64 0.52 
GUP SW 0.61 0.27 
GUP SW 0.38 0.42 
GUP SW 1.07 0.42 
GUP SW 0.55 0.40 
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Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Sandstone /  
Siltstone 
(Continued) 
SW 0.83 0.54 
GUP SW 0.27 0.27 
GUP SW 0.57 0.45 
GUP SW 0.11 0.28 
GUP SW 0.42 0.37 
GUP SW 0.95 0.39 
GUP SW 1.19 0.44 
GUP SW 0.65 0.35 
GUP SW 0.81 0.52 
GUP SW 1.05 0.41 
GUP SW 2.05 0.58 
GUP SW 0.76 0.41 
GUP SW 0.53 0.57 
GUP SW 0.89 0.46 
GUP SW 1.19 0.53 
GUP SW 0.54 0.34 
GUP SW 0.17 0.14 
GUP SW 0.76 0.55 
GUP SW 0.74 0.36 
GUP SW 0.50 0.48 
GUP SW 0.78 0.26 
GUP SW 0.93 0.47 
GUP SW 1.64 1.49 
GUP SW 0.85 0.48 
GUP SW 0.64 0.59 
GUP SW 1.20 1.00 
GUP SW 0.84 0.58 
GUP SW 0.82 0.34 
GUP SW 1.27 0.51 
GUP SW 0.87 0.83 
GUP SW 0.85 0.56 
GUP SW 1.34 0.51 
GUP SW 0.60 0.83 
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Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Sandstone /  
Siltstone 
(Continued) 
SW 1.58 0.67 
GUP SW 1.31 0.27 
GUP SW 1.26 1.76 
GUP SW 2.00 0.28 
GUP SW 2.46 1.84 
GUP SW 2.11 1.35 
GUP SW 1.82 1.56 
GUP SW 0.62 0.53 
GUP SW 0.22 0.70 
GUP SW 1.04 0.37 
GUP SW 0.41 0.30 
GUP SW 1.44 0.32 
GUP MW 0.31 0.47 
GUP MW 0.44 0.5 
GUP SW 1.39 1.96 
GUP SW 1.23 0.83 
GUP SW 1.51 0.88 
GUP SW 1.52 0.84 
GUP MW 0.23 0.1 
GUP SW 1.28 0.70 
GUP MW 1.5 0.47 
GUP SW 1.96 0.39 
GUP SW 0.96 0.42 
GUP SW 1.14 0.41 
GUP SW 1.11 0.66 
GUP MW 0.59 0.08 
GUP SW 5.32 3.63 
GUP SW 3.96 1.66 
GUP SW 2.80 1.85 
GUP SW 0.84 0.25 
GUP SW 3.09 1.03 
GUP XW-HW 0.9 0.88 
GUP SW 1.26 0.71 
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Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Sandstone /  
Siltstone 
(Continued) 
SW 1.04 0.58 
GUP SW 2.71 2.79 
GUP SW 1.08 0.24 
GUP SW 1.45 0.74 
GUP SW 2.56 0.90 
GUP SW 0.06 0.11 
GUP SW 0.88 0.39 
GUP SW 0.83 0.66 
GUP SW 1.75 0.72 
GUP SW 1.05 0.36 
GUP SW 1.21 0.50 
GUP SW 1.49 0.37 
GUP SW 1.26 0.34 
GUP SW 2.58 1.30 
GUP SW 0.87 0.45 
GUP SW 1.46 1.04 
GUP SW 0.79 0.99 
GUP SW 0.91 0.56 
GUP SW 0.57 0.31 
GUP SW 1.34 0.15 
GUP SW 0.50 0.03 
GUP SW 0.25 0.64 
GUP SW 4.47 1.47 
GUP SW 3.48 2.42 
GUP SW 1.89 0.88 
GUP SW 0.81 0.71 
GUP SW 0.69 1.95 
GUP SW 1.05 1.04 
GUP SW 1.45 0.20 
GUP SW 0.73 0.73 
GUP 
Mudstone 
SW 0.37 0.50 
GUP SW 0.65 0.35 
GUP SW 0.63 0.41 
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Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Mudstone 
(Continued) 
SW 1.00 0.66 
GUP SW 1.38 0.68 
GUP SW 1.97 0.50 
GUP SW 1.92 0.46 
GUP SW 1.22 0.26 
GUP SW 1.01 0.60 
GUP SW 1.99 0.42 
GUP SW 1.34 0.98 
GUP SW 1.58 0.32 
GUP SW 5.57 6.31 
GUP SW 1.79 0.79 
GUP SW 1.22 1.35 
GUP SW 2.07 1.12 
GUP SW 1.27 1.27 
GUP SW 2.43 1.27 
GUP SW 2.96 1.47 
GUP SW 2.17 1.26 
GUP SW 1.23 0.63 
GUP SW 2.54 1.31 
GUP SW 1.69 1.03 
GUP SW 0.74 0.54 
GUP MW 0.02 0.06 
GUP SW 1.53 1.01 
GUP SW 1.26 0.74 
GUP SW 1.70 0.93 
GUP SW 1.24 0.38 
GUP SW 1.48 0.55 
GUP MW 4.30 2.25 
GUP SW 2.01 1.26 
GUP SW 1.44 2.50 
GUP SW 0.87 0.57 
GUP SW 1.33 0.89 
GUP SW 1.44 0.86 
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Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Mudstone 
(Continued) 
SW 1.57 0.61 
GUP SW 1.83 1.56 
GUP SW 1.45 0.42 
GUP SW 2.36 0.59 
GUP SW 1.72 0.54 
GUP SW 2.79 0.48 
GUP SW 1.04 0.41 
GUP SW 0.20 0.62 
GUP SW 0.87 0.79 
GUP SW 2.00 0.25 
GUP SW 1.61 0.62 
GUP SW 1.69 1.03 
GUP SW 3.56 3.26 
GUP SW 2.45 0.89 
GUP SW 1.71 0.97 
GUP SW 3.06 1.19 
GUP SW 2.50 0.64 
GUP SW 2.07 0.33 
GUP SW 3.05 1.02 
GUP SW 1.55 0.51 
GUP SW 1.80 0.50 
GUP SW 1.76 0.92 
GUP SW 1.32 0.34 
GUP SW 1.43 0.62 
GUP SW 3.36 0.32 
GUP SW 1.17 0.40 
GUP SW 1.89 0.72 
GUP SW 0.71 0.96 
GUP SW 1.02 0.23 
GUP SW 2.93 1.09 
GUP SW 1.77 0.27 
GUP SW 2.66 1.27 
GUP SW 0.20 1.05 
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G – 10 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Mudstone 
(Continued) 
SW 2.39 1.21 
GUP SW 3.06 0.62 
GUP SW 3.21 1.09 
GUP SW 2.31 0.59 
GUP SW 2.51 0.53 
GUP SW 1.83 0.99 
GUP SW 2.09 1.10 
GUP SW 3.47 1.30 
GUP SW 1.83 0.72 
GUP SW 2.10 0.98 
GUP SW 1.37 1.00 
GUP SW 1.32 0.65 
GUP SW 2.67 3.20 
GUP SW 1.25 0.14 
GUP SW 0.92 0.56 
GUP SW 1.55 0.27 
GUP SW 0.09 0.52 
GUP SW 1.44 0.34 
GUP SW 2.69 2.76 
GUP SW 1.38 0.35 
GUP SW 0.09 0.31 
GUP SW 1.84 0.42 
GUP SW 3.37 0.54 
GUP SW 0.49 0.81 
GUP SW 3.31 0.73 
GUP SW 3.83 1.46 
GUP SW 0.58 0.22 
GUP SW 0.05 0.31 
GUP SW 0.85 1.46 
GUP SW 1.15 1.54 
GUP SW 1.45 0.57 
GUP SW 0.50 0.07 
GUP SW 1.12 0.66 
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G – 11 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Mudstone 
(Continued) 
SW 1.20 0.59 
GUP SW 0.44 0.89 
GUP SW 0.66 0.27 
GUP SW 2.47 1.48 
GUP SW 0.65 0.96 
GUP SW 0.49 0.44 
GUP SW 0.83 0.78 
GUP XW-MW 1.25 0.46 
GUP SW 0.41 0.82 
GUP SW 0.50 0.72 
GUP SW 0.06 0.07 
GUP SW 1.39 0.28 
GUP SW 0.37 0.27 
GUP MW-SW 0.12 0.07 
GUP SW 2.54 0.54 
GUP SW 1.68 1.31 
GUP SW 1.61 0.46 
GUP SW 0.25 0.30 
GUP SW 4.12 1.44 
GUP SW 2.76 1.12 
GUP SW 1.32 0.85 
GUP SW 2.31 0.28 
GUP SW 0.85 0.52 
GUP SW 0.85 1.23 
GUP SW 1.90 1.04 
GUP SW 0.02 0.03 
GUP SW 1.50 0.59 
GUP SW 1.07 1.12 
GUP SW 1.07 0.48 
GUP SW 1.72 0.67 
GUP SW 0.59 0.59 
GUP SW 2.98 1.76 
GUP SW 1.11 0.83 
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G – 12 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
GUP 
Mudstone 
(Continued) 
SW 0.44 1.79 
GUP SW 1.90 0.48 
GUP SW 0.08 0.26 
GUP SW 0.78 0.88 
GUP SW 2.06 0.18 
GUP SW 1.73 0.45 
GUP HW-MW 0.10 0.18 
GUP HW-MW 0.08 0.13 
GUP SW 0.12 0.10 
GUP SW 0.49 0.47 
GUP SW 0.87 0.81 
GUP SW 0.02 0.46 
GUP HW-MW 0.03 0.07 
GUP SW 1.53 0.61 
GUP SW 0.41 0.48 
GUP SW 0.07 0.32 
GUP SW 0.49 0.25 
GUP HW-MW 0.03 0.06 
GUP HW-MW 0.09 0.08 
GUP HW-MW 0.09 0.14 
GUP SW 0.19 0.60 
GUP SW 0.41 0.61 
GUP MW-SW 1.56 0.32 
ARRP 
Claystone 
DW-SW 0.33 0.37 
ARRP DW 0.37 0.32 
ARRP SW 0.52 0.37 
ARRP SW 0.56 0.40 
ARRP DW-SW 0.71 0.27 
ARRP SW 0.91 0.34 
ARRP SW 1.49 0.40 
ARRP DW 1.49 0.05 
ARRP SW 1.64 0.38 
ARRP DW-SW 1.89 0.30 
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G – 13 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
ARRP 
Sandstone /  
Siltstone 
DW 0.11 0.08 
ARRP SW 0.15 0.20 
ARRP SW 0.18 0.09 
ARRP SW 0.19 0.05 
ARRP SW 0.22 0.12 
ARRP DW 0.23 0.17 
ARRP SW 0.30 0.06 
ARRP SW 0.34 0.04 
ARRP SW 0.34 0.40 
ARRP SW 0.39 0.48 
ARRP SW 0.46 0.35 
ARRP SW 0.71 0.17 
ARRP SW 0.77 0.48 
ARRP SW 0.82 0.46 
ARRP SW 0.96 0.14 
ARRP DW 1.13 2.58 
ARRP SW 1.21 0.44 
ARRP SW 1.38 1.22 
ARRP SW 1.39 0.30 
ARRP SW 1.52 3.52 
ARRP XW-DW 1.85 2.71 
ARRP SW 2.19 2.04 
ARRP SW 2.33 1.75 
ARRP SW 2.45 1.81 
ARRP DW 2.47 1.15 
ARRP DW 2.63 0.51 
ARRP FR 3.02 2.96 
ARRP SW 3.10 1.66 
ARRP DW 3.23 2.12 
ARRP SW 3.30 3.29 
ARRP DW-SW 3.55 1.49 
ARRP SW 3.64 2.00 
ARRP SW 3.77 2.70 
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G – 14 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
ARRP 
Sandstone /  
Siltstone 
(Continued) 
SW 4.00 1.93 
ARRP SW 4.14 1.69 
ARRP SW 4.26 0.68 
ARRP FR 4.36 1.95 
ARRP FR 4.56 1.03 
ARRP SW 4.57 1.90 
ARRP DW-SW 5.11 3.22 
ARRP SW 5.13 1.77 
ARRP SW-FR 6.40 2.61 
ARRP 
Sandstone 
SW 0.21 0.17 
ARRP SW 0.62 2.43 
ARRP SW 0.65 0.12 
ARRP SW 0.66 0.77 
ARRP DW 0.84 0.04 
ARRP DW 0.92 1.04 
ARRP SW 1.02 1.52 
ARRP SW 1.17 0.73 
ARRP SW 1.26 0.97 
ARRP DW 1.83 1.27 
ARRP FR 1.97 1.87 
ARRP SW 1.97 0.87 
ARRP SW 1.98 2.45 
ARRP FR 2.17 1.73 
ARRP SW 2.20 1.53 
ARRP DW 2.24 2.42 
ARRP DW 2.25 4.22 
ARRP FR 2.38 1.82 
ARRP DW 2.48 1.95 
ARRP SW 2.82 1.57 
ARRP SW 2.89 1.21 
ARRP DW 2.89 2.30 
ARRP SW 2.99 2.31 
ARRP FR 3.06 2.12 
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G – 15 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
ARRP 
Sandstone 
(Continued) 
SW 3.24 1.18 
ARRP DW 3.25 2.12 
ARRP SW 3.44 2.60 
ARRP SW-FR 3.78 3.86 
ARRP SW 3.84 2.48 
ARRP DW 3.93 0.84 
ARRP SW 4.05 5.23 
ARRP FR 4.31 4.62 
ARRP SW 4.58 4.09 
ARRP SW 4.85 3.07 
ARRP SW 5.04 3.15 
ARRP FR 5.45 2.67 
ARRP FR 5.64 3.36 
ARRP 
Siltstone 
SW 0.26 0.03 
ARRP SW 0.57 0.12 
ARRP DW 0.15 0.12 
ARRP SW 0.66 0.13 
ARRP SW 0.15 0.15 
ARRP DW 1.28 0.26 
ARRP SW 0.27 0.26 
ARRP SW 0.35 0.30 
ARRP DW 1.48 0.47 
ARRP SW 1.25 0.52 
ARRP DW 1.58 0.53 
ARRP DW 1.11 0.77 
NSBT 
Brisbane Tuff 
DW 0.38 0.10 
NSBT DW-SW 0.45 0.21 
NSBT DW-SW 0.60 0.22 
NSBT EW-DW 0.67 0.04 
NSBT DW 0.75 1.01 
NSBT DW-SW 0.84 0.28 
NSBT DW-SW 0.87 0.36 
NSBT DW-SW 1.20 1.74 
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G – 16 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
NSBT 
Brisbane Tuff 
(Continued) 
SW 1.24 1.02 
NSBT DW-SW 1.78 1.37 
NSBT DW-SW 1.81 0.59 
NSBT SW 2.88 1.26 
NSBT DW-SW 2.92 2.24 
NSBT SW-FR 3.01 2.13 
NSBT SW 3.50 2.18 
NSBT SW 3.91 2.71 
NSBT SW 3.99 2.93 
NSBT FR 3.99 5.03 
NSBT FR 4.66 3.29 
NSBT FR 4.90 4.68 
NSBT DW-SW 5.04 1.18 
NSBT FR 5.30 4.84 
NSBT SW-FR 5.39 4.08 
NSBT SW 5.60 5.00 
NSBT DW-SW 5.86 2.55 
NSBT SW 6.40 7.15 
ARRP 
Neara Volcanics 
DW 1.02 0.00 
ARRP DW 0.10 0.04 
ARRP DW 1.62 0.04 
ARRP DW 0.52 0.05 
ARRP DW 0.48 0.08 
ARRP DW 0.61 0.09 
ARRP DW 1.34 0.11 
ARRP DW 0.06 0.20 
ARRP DW-SW 0.11 0.23 
ARRP DW 0.45 0.24 
ARRP DW 0.71 0.29 
ARRP DW 0.47 0.29 
ARRP DW 0.52 0.34 
ARRP DW 0.68 0.37 
ARRP DW-SW 0.50 0.50 
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G – 17 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
ARRP 
Neara Volcanics 
(Continued) 
DW 0.30 0.54 
ARRP XW 0.65 0.64 
ARRP DW 0.43 0.70 
ARRP DW 0.82 0.82 
ARRP SW 8.51 1.08 
ARRP DW 0.91 1.22 
ARRP DW 0.95 1.29 
ARRP DW 1.31 1.58 
ARRP DW 1.02 1.61 
ARRP DW-SW 1.75 2.08 
ARRP DW 7.47 2.27 
ARRP SW 4.10 2.37 
ARRP DW 2.50 2.61 
ARRP DW 2.86 3.29 
ARRP DW 3.08 4.04 
ARRP SW 7.48 4.23 
ARRP SW 4.41 8.16 
ARRP SW 6.79 9.47 
ARRP DW 9.47 14.29 
ARRP 
Tuff 
DW 0.04 0.05 
ARRP HW-MW 0.10 0.00 
ARRP HW-MW 0.13 0.25 
ARRP SW 0.35 0.36 
ARRP XW-DW 0.44 0.04 
ARRP MW 1.23 1.32 
ARRP FR 2.13 1.74 
ARRP FR 2.75 3.13 
ARRP 
Granodiorite 
DW-SW 3.59 5.51 
ARRP DW-SW 3.02 1.69 
ARRP DW-SW 1.50 2.34 
ARRP SW 1.26 1.19 
ARRP SW 2.89 2.76 
ARRP SW 4.39 3.58 
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G – 18 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
ARRP Granodiorite 
(Continued) 
SW-FR 6.08 5.08 
ARRP FR 3.57 1.92 
ARRP 
Rhyolite 
DW 3.97 1.39 
ARRP DW-SW 2.09 2.36 
ARRP SW 4.86 1.60 
ARRP SW 8.17 9.34 
ARRP SW 6.47 9.66 
ARRP SW-FR 0.91 1.30 
ARRP SW-FR 3.32 6.36 
ARRP 
Basic VOLCANICS 
SW 0.51 1.55 
ARRP XW 0.61 1.04 
ARRP SW 0.71 1.37 
ARRP DW 1.64 0.31 
ARRP SW 2.71 2.65 
ARRP SW 2.78 2.92 
ARRP SW 3.15 0.85 
ARRP SW 3.40 6.81 
ARRP SW 4.42 10.06 
ARRP DW 5.57 0.58 
ARRP SW 6.36 1.09 
ARRP SW 6.37 6.45 
ARRP SW 6.77 3.49 
ARRP DW-SW 7.39 10.07 
ARRP 
Philpot Creek - 
Metavolcanics 
HW 0.67 0.55 
ARRP XW-HW 1.43 1.01 
ARRP HW-MW 0.86 2.42 
ARRP SW-FR 0.61 3.07 
ARRP SW-FR 3.84 3.07 
ARRP SW-FR 8.54 3.88 
ARRP SW-FR 5.39 4.09 
ARRP SW-FR 3.56 4.72 
ARRP FR 2.36 7.41 
ARRP SW-FR 8.29 7.64 
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G – 19 
Project ID SEQ Rock Unit Weathering State 
Point Load Strength Index (IS(50)) 
Axial (MPa) Diametral (MPa) 
ARRP Philpot Creek – 
Metavolcanics 
(Continued) 
FR 5.86 7.98 
ARRP SW-FR 10.04 9.14 
ARRP 
Metavolcanics  
(Biggenden Beds) 
SW 0.50 1.16 
ARRP SW 3.09 4.39 
ARRP XW-SW 3.59 2.29 
ARRP SW 4.63 3.91 
ARRP SW 4.83 3.63 
ARRP SW 5.59 5.83 
ARRP SW 6.05 7.02 
ARRP SW 6.57 4.54 
ARRP SW 7.14 6.07 
ARRP SW 7.39 5.18 
ARRP SW 8.35 6.08 
ARRP 
Metasilstone 
SW 0.26 0.07 
ARRP SW 0.43 0.79 
ARRP SW 0.53 0.10 
ARRP SW 0.58 0.30 
ARRP DW 0.78 2.65 
ARRP XW-DW 0.93 3.98 
ARRP XW 1.16 1.25 
ARRP SW 2.01 4.07 
ARRP DW 2.84 2.57 
ARRP SW 4.45 5.16 
 
 
 
 
